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Abstract 

This study investigates the static behavior and dynamic behavior of the Stonecutters 

Cable-Stayed Bridge, which is the third longest cable-stayed bridge in the world, when 

a group of 8 cables is damaged by corrosion. In this thesis, the reduction in cable cross-

section area is used to simulate the corrosion level. The corroded cables are divided into 

2 groups of 4 cables, arranged in symmetric and asymmetric distributions on both decks. 

A finite element bridge model was employed to perform the analysis.  

The validation of the model was established by comparing numerical results to the 

published results of the bridge. The model was then subjected to gravity load only to 

check the effects of corrosion level, the distance of the corroded cables and the 

distribution of the damaged cables on the decksô deflection and cable stresses change. 

In the dynamic analysis, the natural frequencies and mode shapes were compared with 

a reference case with no corrosion-damaged cables. A recorded wind load was applied 

on the deck to investigate the time-history response of the mid-span in the horizontal, 

vertical and torsional directions, and of the tower top in the horizontal direction. 

Moreover, frequency analysis was performed on the time-history response, and coupled 

motions at certain frequencies were observed. Numerical results as the ones presented 

in this thesis can complement information gathered from non-destructive testing 

technology in detecting corrosion-damaged stay-cables in cable-stayed bridges. 
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Notation 

Ὑ the corrosion ratio in the cable section 

Ὠ ȟ the minimum diameter of the wires in layer i 

Ὠ ȟ  the minimum diameter of the wires in layer i+1 

Ὠ the diameter of the non-corroded wires 

t service life of wires, days 

m, n parameters that can be determined according to different 

corrosion data 

a thickness of zinc coating, m˃ 

b laboratory corrosion rate for zinc coating, m˃d-1 

c average corrosion depth of steel wire, m˃ 

d laboratory corrosion rate for steel wire, m˃d-1 

Ὑ radial corrosion ratio 

ὅ the average corrosion depth of the first layer 

ὅ the average corrosion depth of the ith layer 

Ὀὸ diameter loss due to corrosion, m˃ 

ὅ section loss after 1 year of exposure, m˃ 

 ̡ exponent related to environmental exposure parameters 

ὛӶ mean stress level in the steel wire 

ὊὛӶȟὸ amplification coefficient of corrosion rate 

t time of exposure, years 

CL chloride concentration, mg/m3 

G, H empirical coefficients 

Ὂ and ὊӶ are the independent effects of elapsed time, t, and the stress 

level, ὛӶ 

ὊӶȟ the dual coupled effect 

F the constant number for all cases, (F=1.285) 

Ὠ ὸ diameter of wire at time t, mm 
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Ὥ  corrosion current density, A˃/cm2 

Ὢ the nth order frequency 

L the length of cable 

S the tensile force 

 ˃ the linear density, mass per unit length 

Ὁ  the equivalent truss element modulus of elasticity 

Ὁ  the actual cable modulus of elasticity 

” the cable material density 

g the acceleration due to gravity 

ὒ the horizontal projected length of the cable 

„ the cable pre-stress 

x(t) the displacement of the structure at time t 

ὼὸ the velocity of the structure 

ὼὸ the acceleration of the structure 

m the mass of the system 

c the damping coefficient 

k the stiffness of the structural system 

ὼὸ  the displacement vector of the structure 

ὼὸ  the velocity vector of the structure 

ὼὸ  the acceleration vector of the structure 

[m] the mass matrix of the structure 

[c] the damping coefficient matrix of the structure 

[k] the stiffness matrix of the structure 

ÆÔ  the external force vector applied to the structure 

 ̟ the circular frequency 

i the imaginary number 

Ὀ , ὒ and ὓ  the drag load, lift load and torsional moment, respectively 

” the air density 
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 h the attack angle of wind 

ὅ, ὅ, and ὅ  the drag, lift and moment coefficients, respectively 

Re Reynolds number 

B the reference length for the deck width 

 ˄ the air kinetic viscosity 

Ὓ  the power spectrum density 

 ̟ the angular velocity 

 ̱ the time increment 
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A the total cross-sectional area 

ὃӶ the effective corroded cross-sectional area 
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Chapter 1 - Introduction 

1.1. Background on cable-stayed bridges 

The first cable-stayed bridge was designed in the 18th century by C.T. Loescher as a 

draft when concrete and steel were not yet employed in the construction of bridge 

structures. Timber was the main construction material used for this bridge. The first 

modern cable-stayed bridge constructed was the Stromsund Bridge, which was built in 

Sweden in 1955 by using high-strength steel cables (Farquhar, 2008). The span length 

of the cable-stayed bridges at the time ranged from 80 to 100 m. However, with the 

choice of multi-stay suspension bridges with small cable spacings and with the 

development of construction materials in cables and girders, but also the advances in 

bridge deck shapes, nowadays the main span of a cable-stayed bridge can be extended 

to exceed 1,000 m. Today, the longest cable-stayed bridge is the Russky Bridge, which 

was built in Russia in 2012 with a span of 1,104 m (Virola and Ing-FEANI, 2011).  

Cable-stayed bridges are popular among bridge structures, due to their economic 

efficiency, technical requirements and aesthetical appearance. They require fewer 

materials and no anchorages, which are significant economical advantages, and imply 

a shorter construction time, when compared with cable suspension bridges. The cable-

stayed bridge consists of three main structural sub-systems: stiffening girder, tower, 

and inclined cables as shown in Figure 1.1 (Hua et al., 2009). The interaction of these 

components makes the structural behavior of cable-stayed bridges more efficient, 

considering the length of their span. The girder is subjected to bending and axial loading, 

and it can transmit the load to the tower(s) through the cables. The towers are the main 

structural components, which bear the load and transmit it to the foundation. Multiple 

cables which connect the decks and the towers are subjected to high stress. By 

comparing them to suspension bridges, in which the deck is hung below the main 

suspension cable by vertical hangers, cable-stayed bridges do not need firm anchorages 
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in each bank to resist the horizontal load of the main cables. The stiffness of cable-

stayed bridges is greater, since the cables can handle higher stress, reducing the 

deformation of the decks under live load. Because no anchorages are employed, these 

bridges can be designed symmetrically. Therefore, it is challenging to design a long-

span cable-stayed bridge considering the action of wind or seismic loads, which can 

threaten this slender and flexible structure. The static and dynamic characteristics of 

this type of bridge should be carefully considered in the design stage, especially when 

subjected to wind load.  

 

 

Fig. 1.1. Drawing of cable-stayed bridge (Hua et al., 2009)  

In addition, cable-stayed bridges can be vulnerable to the actions of the exposure 

environment over their service life. Corrosion can be caused by the penetration of 

chloride ions into the steel wires inside the cables, through the sheath breakage which 

may be caused during the delivery or installation. This corrosion mechanism can be 

severe in the marine environment, where there is high chloride concentration in the air 

(Lu and He, 2016). Cable corrosion induced by an aggressive environment has a direct 

impact on the rupture of the steel wires and therefore on the bearing capacity of the 

cables (Pipinato et al., 2012). The maintenance of these stay-cables, after the bridge has 

been built is difficult to implement, especially for the prestressed cables. Because the 

cables are under tension and vulnerable to corrosion, due to the humid and salty 

environment above the sea, they are prone to be replaced within the service life of the 

bridge. It is thus important to make sure that the bridge can remain stable, even if several 

cables are in critical condition due to steel corrosion.  
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1.2. Cable corrosion 

The stay cables are connected to the bridge tower at one end and are anchored to the 

bridge deck at the other end of the cable, transmitting the forces applied to the deck to 

the towers. Therefore, the stability of stay cables is vital to the integrity of cable-stayed 

bridges. For the early cable-stayed bridges, the cables were made by chains and bars, 

while for the modern bridges these are produced by high-strength steel wires, bundled 

together and protected by membranes which usually result in a cylindrical shape and a 

diameter of 3 to 7 mm. Thus, multiple steel wires are arranged in ropes and strands.  

For cable-stayed bridges, the strands can be formed from the helical winding of wires, 

while several strands are bundled together to form a cable (Caetano, 2016). The 

coatings are the main component of corrosion protection. In the early design, uncoated 

strands and cement grouts were used for stay-cables. However, with time it has been 

observed that the strands can be left unprotected by grouting and can corrode in just 

several months. Later on, a lubricant coating has been usually applied to the strands for 

corrosion protection. Nowadays, galvanizing is commonly used for coating the strands. 

The sheathings are the direct protection for the strands. The sheathing can be made of 

high-density polyethylene (HDPE), steel, stainless steel or aluminum. The HDPE with 

bright surface color is recently used as a better method to protect the strand (Tabatabai, 

2005). The challenge in using this sheathing is that it can become brittle and can crack 

under ultraviolet radiation. The cables are the vulnerable components of the bridge 

system, due to their flexibility and the high tensile load they carry. Any damage to the 

cables will endanger the stability and safety of the entire bridge.  

There are several ways that cables can be damaged, including physical methods 

and chemical methods. Chemical damage is always induced by the exposure 

environment. High amount of salt and humidity in the environment are the main factors 

to corrode the cables. Although the steel wires are manufactured with an anti-corrosion 

treatment and covered by a plastic sheathing, the breakage of the sheathing may result 

in moisture and other harmful substances penetrating the strands and the wires inside 
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the cable. The corrosion of wires consists of uniform corrosion, pitting corrosion, stress 

corrosion, fatigue corrosion and so on (Karanci, 2017). The most common types are the 

uniform corrosion, pitting corrosion and fatigue corrosion. Uniform corrosion is a type 

of corrosion that is uniformly distributed over the entire wire. This happens when the 

cable is exposed to an open atmosphere. Pitting corrosion refers to the corrosion that 

induces cavities on the surface of the wires, which can grow deeper, breaking the wire. 

Fatigue corrosion is the type of corrosion due to the coupling effect of a corrosive 

environment and cyclic load. The fatigue corrosion caused by cyclic load will accelerate 

the electrochemical corrosion, weakening the characteristics of the wires (Yang, 2013).  

A corroding cable can put the entire bridge system in serious danger. When cable 

corrosion occurs, the effective cross-sectional area of the cable is reduced, thus the 

stiffness of the cable as well as its capacity will decrease. Severe corrosion can result 

in a sudden breakage of the cable. Different approaches for performing cables 

inspection consist of visual, magnetic, ultrasonic, radiographic and X-ray methods 

(Tabatabai, 2005). However, they are all time-consuming and expensive to implement 

on site.  

1.3. Wind effects on bridges 

The wind effect on structures is a complex aerodynamic phenomenon. When the 

random variation of the wind acts on a bridge and on its components, which have 

already small vibrations, the wind-induced pressure on the bridge surface forms a 

specific distribution, which is also continuously changing. The effect of the wind-

induced pressure distribution can be regarded as lifting load, drag load and torsional 

moment on the bridge deck. Therefore, to simplify the phenomenon, random wind flow 

effect can be divided into these three different forces, when acting on a structure. Under 

the effect of wind-induced load, the response of the entire bridge can be regarded as a 

result of mean wind load and fluctuating wind load.  
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Wind load can be very damaging to bridges if design engineers do not pay enough 

attention to the bridge aerodynamics. The Tacoma Narrows Bridge located in 

Washington dramatically collapsed just a few months after it opened to traffic in 1940. 

The bridge was discovered to sway and buckle dangerously under a mild wind condition. 

The Tacoma Narrows Bridge had a vertical vibration mode, which led to one-half of 

the main span to rise while the other span lowered. The mass of the bridge could 

sufficiently control this kind of vibration, under standard wind conditions. However, a 

twisting mode suddenly occurred under mild wind conditions, thus the left side of the 

road raised, and the other side of the road lowered, with the centerline of the road 

remaining still. The entire bridge oscillated, and it finally collapsed due to cables 

rupture under the effect of such severe vibration mode. Furthermore, flutter was instated 

as the terminology used for such wind-induced vibration (Billah and Scanlan, 1991). 

Although there were no casualties but only money loss in this unexpected accident, the 

event made engineers realize the importance of bridge aerodynamics.  

1.4. Research objectives 

As more cable-stayed bridges are set into use, the potential threat that cables corrosion 

poses for the entire bridge has arisen increasing attention of structural engineers. The 

cables, which can support most of the weight of a bridge deck and most of the loads 

induced by vehicles, pedestrians and wind, are vital for the structural integrity of the 

whole bridge system. The corrosion of cables has a major effect on the strength, 

funtionality and life of stay-cable bridges. Therefore, the inspection of a bridge, 

especially the inspection of cables, after its completion, is critical to locate unreliable 

components and to ensure restoring its stability. The common methods to evaluate the 

condition of cables include visual inspection, vibration-based cable force measurement, 

laser-based force measurement, ultrasonic assessment, etc. These methods have the 

advantage of detecting rupture, corrosion or force loosening of cables. However, it is 

time-consuming and expensive to perform the inspection for all the cables of a bridge. 
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Inspections can also produce traffic disruption. Therefore, it is difficult to perform  

frequent inspections on a bridge, especially for the aging strucutres which need to be 

regularly examined and monitored. The corrosion level of corroded cables is also hard 

to know once the corrosion is detected.  

The main target of this thesis is to find an analysis method to estimate the effect of 

the corroded cables and their corrosion level on the structural response of a long-span 

cable-stayed bridge model. To achieve this goal, first different combinations of 

corroded cables of a cable-stayed bridge must be investigated in this research. The 

different layouts of the affected cables can lead to various responses of the bridge, thus 

identifying the significant response for a certain corroded cables combination becomes 

a second objective of the current research. The structural responses to be analyzed in 

this research include the static and wind-induced dynamic behaviors, focusing on the 

deflection of the main deck and the variation of cable stresses for the static response. 

Natural frequencies and the deck and towers responses under wind loading condition 

are analyzed for the dynamic response. Each case with a different cable corrosion 

condition can reflect the location and the degree of corroded cables, as well as the 

consequent behaviour of the bridge.  

In this research, the Stonecutters Cable-stayed Bridge was used as a case study to 

perform both static and dynamic analyses. The Stonecutters Bridge was chosen not only 

because it can represent the world super-long main span bridge with a length of 1,018 

m, but also because its twin decks are only supported by cables. The response for this 

kind of long-span bridge is worth studying. The completed cable-stayed bridge model 

was built by Sabri (2012), and Feng (2015) performed a modification on the model for 

investigating the flutter analysis. After validation, the model is chosen as a starting point 

in the current research to apply different corrosion levels for the stay cables and to 

perform the static and dynamic analysis with the corroded cables.  

A series of comparisons between a healthy bridge and a damaged bridge with 

corroded cables is made in this research. In the static analysis, the cable stresses and 
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deflection of the main span are carefully investigated for different scenarios, which can 

demonstrate the effect of corroded cables and their position along the deck on the 

overall structural response of the bridge. As for dynamic analysis, the natural frequency 

of each scenario is checked, and each frequency with its corresponding mode shape is 

studied. Finally, wind load during a period of time, calculated according to recorded 

wind data, is applied to the model. The time-domain responses of cable stresses, mid-

span and tower tops in each scenario are studied and compared to each other. The data 

processing from time-domain to frequency-domain is needed and done with the help of 

MATLAB.  

1.5. Analysis methodology 

The model of the Stonecutters Bridge investigated was developed using the finite 

element method as a primary method for structure analysis. The finite element method 

(FEM) employed through the commercial software ABAQUS is an efficient tool to 

conduct a structural analysis of such complex structures. In the current thesis, several 

modelling assumptions were considered for better simulating the interaction between 

the cables and the bridge deck for different levels of cable corrosion. The option of the 

implicit and explicit integration schemes can handle complex contacts and load 

conditions (ABAQUS Inc., 2012).  

1.6. Thesis layout 

Chapter 1 provides a brief introduction which includes the main objective, the current 

problem about cable-stayed bridges, the method applied in the study and the importance 

of this research. Chapter 2 contains the literature review for previous studies on cable-

stayed bridge design, corrosion model details and the structural analysis of cable-stayed 

bridges with problems in stay cables. Chapter 3 mainly describes the details of the 

numerical model created in ABAQUS and the validation of the model through the 

comparison between natural frequency and the mode shape of this model and the 

reference model published in the available literature. In Chapter 4, the static results are 
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compared within different corrosion levels and cases. The deflection of decks and stress 

variance of each cables due to gravity load only are discussed. Chapter 5 discusses the 

dynamic results in terms of natural frequencies, mode shapes and response of deck and 

tower when wind load is applied. The Power Spectra Density (PSD) is used as a tool to 

display the frequency domain of the responses. Chapter 6 concludes all the results 

obtained and proposes recommendations for future work.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 



9 

 

Chapter 2 - Literature review 

2.1. Overview of cable-stayed bridges 

2.1.1 Structural load system of the cable-stayed bridge 

The design of cable-stayed bridges has been developing since the 18th century. Cable-

stayed bridges benefit from the stability of triangular shapes, and the load transfer 

pattern is also a simple force system as shown in Figure 2.1 (Olamigoke, 2017). The 

inclined elastic cables support the gravity load of the deck, allowing the bridge to have 

a longer span. The loads applied on the deck are transferred to the pylons through the 

cables, thus forming a complex structural system.  

 

 
Fig. 2.1. Force system of a cable-stayed bridge (Olamigoke 2017) 

However, the cables cannot provide rigid supports as they are elastic components 

designed to resist only tension. The cable sag due to its own weight accounts for the 

difficulty to determine the internal forces and reactions using the static equilibrium 

equations. Moreover, the compression in the deck induced by the axial force of the 

cables subjects it to bending moment, the deck behaving like a beam-column causing 

second-order behavior. The pylons, which are slender elements, take not only the 

compression from the cables, but also bend due to the transverse loads induced by wind 

or earthquake loads, or due the unsymmetrical load distribution from the cables. 

Therefore, the deck experiences more deflection, which makes the structure become 

statically indeterminate (Olamigoke, 2017).  
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2.1.2. Components of a cable-stayed bridge 

The stay cables play an important role in the stability of cable-stayed bridges, therefore 

special attention is always paid for their design. The wires are arranged in strands which 

can be bundled as parallel or helical shapes. As shown in Figure 2.2 (Kivi, 2009), the 

parallel strand is formed by a group of parallel wires. The 7-wire strand, which is the 

simplest and most common strand, is made by 6 wires spirally twining around one core 

wire. A bundle of such strands can form a whole stay cable. The helical strand earns its 

name from helical winding of multilayer wires around a core wire. The locked coil 

strand is made from the assembly of wires with different shapes, consisting of a core 

helical strand, one or more layers of wedge-shaped wires and helically arranged z-shape 

wires in the outer layers (Caetano, 2016). The steel used for stay cables is stronger than 

regular steel, due to the higher carbon percentage in the composition. The cables 

strength for a long span bridge can reach 1,860 MPa to1,960 MPa (Hauge and Andersun, 

2011). However, the ductility of high-strength steel is relatively lower than that of a 

normal steel cable. According to Gimsing and Georgakis (2011), the moduli of elasticity 

for simple helical, spiral and locked coil strands are 190 GPa, 170 GPa and 180 GPa, 

respectively.  

 

 

Fig. 2.2. Types of strands: (a) parallel strand, (b) 7-wire strand, (c) helical strand, (d) 

locked coil strand (Kivi , 2009). 

The decks of cable-stayed bridges are designed to carry various loads, including 
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dead load, traffic load, wind load, etc. In order to resist and transfer the bending moment, 

torsional moment, shear force and axial force, the cross-section of the deck needs to be 

designed carefully. Usually, the I-girder, box girder and truss girder are adopted in the 

bridge deck design. The I-girders were usually used to support the concrete deck placed 

on top of them in the early designs, because these are easy to design and construct. 

However, the open system of the I-girders is not efficient in resisting torsional moments. 

The truss girders consist of open truss girders, which are similar to the I-girders but 

with the deck spanning between the two edge trusses, and with closed truss girders, 

which have lower bracing at the bottom chords of the truss. The open truss girders have 

the advantage of being light, but they still lack torsional stiffness. The closed truss 

girders are improved to resist the wind load. The box girders, which are adopted with a 

closed shape to provide enough stiffness for torsional forces, are suitable for the long-

span cable-stayed bridge. The shape of a box girder can be rectangular or of inverted 

trapezoidal shape, and the sizes of the cross-section need to take the aerodynamic 

stability into account (Olamigoke, 2017).   

The pylons are the main component to bear the entire load transferred from other 

components. This slender structure should be designed to resist the vertical 

compression and the transverse bending moment. Therefore, the various configurations 

such as A-frame, H-frame and inverted Y-frame, diamond-shaped towers, etc., are 

adopted for towerôs design (Gimsing and Georgakis, 2011). The tower can be made of 

concrete, steel or combination of concrete and steel. The concrete tower has a good 

behavior in compression, and the steel one is easy to fabricate and assemble.  

2.1.3. Stay cables arrangements 

The stay cables arrangements can be classified according to the number of planes in the 

vertical direction, including single-plane bridge, double-plane bridge, inclined-plane 

bridge and multiple-plane bridge, which are all shown in Figures 2.3 (a)-(d). The cables 

are connected to the center axis of the longitudinal direction for the single-plane bridge 

(Figure 2.3 (a)) and are anchored beneath the deck to stabilize the connection. This type 
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of bridge requires a main span with high torsional stiffness. However, this type of bridge 

has span and width limitations due to the restriction of capacity in the cable system and 

towers.  

 The double-plane bridge is the type of bridge for which two planes of cables are 

located on the two sides of the span (Figure 2.3 (b)). The cables are connected to the 

edges of the deck, and the towers have stiff connections with the deck. A beam between 

the two pylons is required to resist transverse moments applied on the towers. The 

inclined-plane bridge is another kind of double-plane bridge with the two towers 

connected at the top to increase the lateral stiffness (Figure 2.3 (c)). The cables are also 

anchored at the top of the towers.  

The multiple-plane bridge has more than two planes of cables in the center and two 

edges of the deck to carry more than one span (Figure 2.3 (d)). The benefits of this 

bridge are the high capacity to traffic flow and high lateral stiffness provided by the two 

decks.  

 

 

Fig. 2.3. Different types of bridges: (a) single-plane bridge, (b) double-plane bridge, 

(c) inclined-planed bridge, (d) multiple-plane bridge (Olamigoke, 2017) 

The towerôs shape, supporting method, span length, load distribution, etc., are 

factors that determine the cables arrangement. The common arrangements are fan 

arrangement, semi-fan arrangement, harp arrangement and asymmetric arrangement 

(Figure 2.4, Olamigoke, 2017). Figure 2.4 (a) shows the fan arrangement in which all 

the cables are connected to the top of the tower. This arrangement has spread anchors 

on the main deck, and the cables, which mainly take the vertical component of live load 

and dead load, can reduce the longitudinal response of the main deck and moment on 

the tower. However, the narrow connections observed on the towers require a complex 
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design and lead to stress concentrations on the top of the tower. The harp arrangement 

is illustrated in Figure 2.4 (b) with parallel cables at different heights connecting the 

deck and tower. This arrangement helps to stiffen the decks and avoids stress 

concentrations on the tower, but it increases the horizontal component of the cable 

stresses. The semi-fan arrangement, which is seen in Figure 2.4 (c), is regarded as an 

ideal design of cable arrangement, combining both advantages of the fan and harp 

arrangements. The asymmetric arrangement is shown in Figure 2.4 (d) with an 

unbalanced distribution of cables with respect to the tower. This type of bridge is 

designed to fulfill requirements of aesthetic design or clearance requirements.  

 

Fig. 2.4. Different types of cable arrangement: (a) fan arrangement, (b) harp 

arrangement, (c) semi-fan arrangement, (d) asymmetric arrangement (Olamigoke, 

2017) 

2.2.Corrosion on stay cables 

The cable-stayed bridge is vulnerable to the damaging effect due to fatigue. Material 

deterioration is a certain threat to the existing cable-stayed bridge. Corrosion of wires 
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is a main cause of deterioration and is more common in cable-stayed bridges (Karanci, 

2017). The General Rafael Urdaneta Bridge in Venezuela opened in 1962 had four 

cables rupturing due to deterioration in 1980. After the entire cable system was replaced 

with a new cable system in 1999, corrosion was still found in cables and sockets, which 

caused up to 30% tension loss in the cables (Sarcos-Portillo et al., 2003). The St. 

Nazaire Bridge in France built in 1974 also experienced severe corrosion of cables after 

several years of service, and a similar cable corrosion was reported for the Kºhlbrand 

bridge located in Germany (Bao, 2014). The Morandi Bridge located in Genoa, Italy, 

has recently collapsed in the summer of 2018, with the suspicion of cable corrosion 

being the cause of the bridge failure (Pollock, 2018). The corrosion of bridge wires 

concerns bridge designers and owners, and it draws extended financial investment in 

maintenance and replacement of affected cables.  

2.2.1. Corrosion process 

Cable corrosion has a major impact on the stay cable system. Bao (2014) found that 

cable corrosion has three steps. The moisture gas with chloride and sulfate passing 

through the high-density polyethylene (HDPE) sheathing is the first step. The 

permeability of any material cannot be zero in order to allow the gases to diffuse 

through them. The molecules of gases try to arrange themselves to reach an equal 

distribution on both sides of HDPE sheath. Another direct mechanism which allows the 

corrosive gases to get in contact with the wires is the damage of the HDPE sheath (Salter, 

2006). The damage of the HDPE sheath can occur during transportation and installation, 

thus accelerating the aging of the material and making it fragile. The zinc coating 

corrosion happens in the second step, since the HDPE fails to protect it from exposure 

to air. The consuming of zinc coating starts from oxidizing zinc to zinc oxide (:Î/), 

which is a white powder that is unable to dissolve in water. The :Î/ then turns into 

zinc carbonate (:Î#/ ), zinc hydroxide (:Î/( ) and zinc sulfate (:Î3/ ) when 

reacting with carbon dioxide and sulfur dioxide dissolved in moisture air. The :Î#/ 

layer, which is a dominant compound, is found to form a compact layer which is hard 
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to dissolve, mitigating the corrosion effect on steel wires. However, the :Î3/ is easy 

to be dissolved and erodes from the metal surface, accelerating the loss of zinc coating 

(Karanci, 2017).When the zinc coating is fully consumed, the steel wires start to be 

corroded as the last step. The factors contributing to the corrosion rate include the 

wetness, wind, temperature, pH and air pollutants (Stahl and Gagnon, 1996). Two main 

types of corrosion are observed in the steel wires: uniform corrosion and localized 

corrosion. Uniform corrosion results in the major loss of volume in the wires due to 

oxidizing reaction between metal surface and the corrosive environment. The main 

product of wire surface is hydrous ferrous oxide (&Å/), which is also known as rust. 

The wetting and drying cycles induced by the temperature changes throughout the year, 

accelerating the corrosion rate for the wires directly exposed to the environment. Pitting 

corrosion is one of the most common localized corrosion mechanisms. The corrosion 

rate in the localized region is greater than that in other regions, resulting in pits on the 

surface. Pitting corrosion happens when the localized damage occurs on the surface of 

protective coating, creating a region exposed to the corrosive environment (Karanci, 

2017). The deep pits can be isolated or a group of them can form a large region of 

damage. The stress concentration also occurs under tensile force within these pits. 

Stress corrosion and corrosion fatigue lead to wire failures when combining the 

corrosion and mechanical loading. Stress corrosion happens when the steel is subjected 

simultaneously to a corrosive environment and stress due to tensile forces. The metal 

with multiple chemical components such as carbon (C), Manganese (Mn), Sulphur (S) 

and silicon (Si) also makes itself sensitive to stress corrosion. The ruptured cross-

section is normally displayed as brittle rupture without necking (Liang, 2008; Karanci, 

2017). Corrosion fatigue occurs when the metal is subjected to an aggressive 

environment and repeated loads, such as traffic load and wind load. Then the wire 

fractures permanently under the condition of simultaneous corrosion and repeated 

cyclic loading at lower stress or fewer cycles than that is required in only fatigue occurs 

(Coca et al., 2011). 
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2.2.2. Distribution of cable corrosion  

The extent of corrosion in the cable section varies from wire to wire, and it is mainly 

examined by visual inspection. Elachachi et al. (2006) assumed that the wire corrosion 

is related to the distance between the wire and the sheath, and the time it takes to erode 

is in proportion to this distance. Xu and Chen (2006) also found that the corrosion was 

severe for the most outside layer and mitigated along the radial direction in a real cable 

corrosion section, as shown in Figure 2.5. Corrosion can vary along the cable with a 

higher risk at anchorage locations. Furthermore, the length of the cable is also a factor 

accounting for the possibility of corrosion. The longer the cable is, the more likely it is 

to corrode, because of a higher risk of damaging the protective sheath. Xu and Chen 

(2013) and Chen and Yang (2014) studied the corrosion of wires in stay cables and 

found the corrosion extent was related to the distance from the sheath breakage instead 

of the distance from the cable centerline, as shown in Figure 2.6. This distribution 

appears because the wires are tightly wrapped with the sheath, making it hard for 

rainfall to penetrate through the gaps between wires.  

 

 
Fig. 2.5. Observation of corrosion distribution, where the darker the wire, the higher 

the corrosion incidence (Xu and Chen, 2006) 
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Fig. 2.6. Corrosion distribution in the cable section (Chen and Yang, 2014) 

2.2.3. Cable corrosion models 

The modeling of the corrosion process in a stay cable can help to predict the ensuing 

damage and to assess the overall performance of the cable-stayed bridge in terms of the 

time-dependent vulnerability.  

The corrosion rate is essential to estimate the metal loss within a period of time. 

The corrosion condition of the wire cross-section can then be determined through the 

known corrosion rate. Liang (2008) proposed a corrosion predicting model that can 

estimate the corrosion condition of each layer of wires and the safety of the cable. The 

author performed an accelerated corrosion experiment to investigate the relationship 

between the different stresses and corrosion rates for steel and zinc coating, respectively. 

The experiment was performed to simulate the local environment conditions in the lab, 

which include acid rain. He found the corrosion rate was positively related to the 

subjected stress for both steel and zinc coating, as shown in Figures 2.7 and 2.8. 

Equation (2.1) (Liang, 2008) was established for estimating the time when the wire 

reached a certain corrosion level. In Eq. (2.1), the unknown factors m and n were 

determined by the known values of t, a, c and their corresponding stress from two 

known corroded cables. As for the distribution in the cross-section, the corrosion levels 

of each layer were assumed to be related to the distance from the center point. The 

corrosion depth followed Eq. (2.2) (Liang, 2008). Through this model, if the corrosion 

depth of the wires in the outermost layer is known, the corrosion depth of other layers 

of wires and corresponding time can be estimated. 
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 ά ὲ ὸ (2.1) 

 

where: t: service life of wires, days 

m, n: parameters that can be determined according to different corrosion data 

      a: thickness of zinc coating, m˃ 

      b: laboratory corrosion rate for zinc coating, m˃d-1 

      c: average corrosion depth of steel wire, m˃ 

      d: laboratory corrosion rate for steel wire, m˃d-1 

 

 ὅ Ὑ ὅ (2.2) 

where: Ὑ: radial corrosion ratio, Ὑ  Ὥ Ȣ  in this case. 

ὅ: the average corrosion depth of the first layer 

ὅ: the average corrosion depth of the ith layer 

 

 
Fig. 2.7. Corrosion rate of steel wire under different stresses (Liang, 2008) 
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Fig. 2.8. Corrosion rate of zinc coating under different stresses (Liang, 2008) 

However, the drawback of Liangôs model (2008) is that it ignores the stress changes 

due to reduction of cross-sectional area of the wires, and thus the corrosion rate may 

vary while the stress changes. Therefore, the cable corrosion rate needs to be 

determined for different exposure environments.  

 Lu and He (2016) also studied stay cable corrosion under a marine environment, 

and they defined a relationship between the corrosive parameters and the service life 

period. The distribution of corrosion along a cross-section was considered to be evenly 

distributed. Two main factors, which are the chloride concentration and the service 

stress level in the corroded outer steel wires, were considered in the model.  

In the corrosion model for the wires, the corrosion loss is also related to the 

diameter reduction in the radial direction and the chloride concentration. The 

expression is given by Eq. (2.3) (Lu and He, 2016). The amplification coefficient 

ὊὛӶȟὸ was introduced for describing the effect of the stress level on accelerating the 

corrosion process, and it is expressed as per Eq. (2.4) (Lu and He, 2016). The uncertain 

parameters in Eq. (2.3), which are ὅ, ̡Σ G, H, CL and ὊὛӶȟὸ, are assumed through 

existing reports and papers by Morcillo et al. (2013), Klinesmith et al. (2007) and Li et 

al. (2007) in this research. These factors vary depending on the location where the 

bridge is located.  

 

 Ὀὸ ὅὊὛӶȟὸὸ ὅ᷿ὸ
Ӷȟ
Ὠὸ ρ  (2.3) 
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where: Ὀὸ: diameter loss due to corrosion, m˃;  

ὅ: section loss after 1 year of exposure, m˃;  

:̡ exponent related to environmental exposure parameters;  

ὛӶ: mean stress level in the steel wire;  

ὊὛӶȟὸ: amplification coefficient of corrosion rate;  

t: time of exposure, years;  

CL: chloride concentration, mg/m3;  

G, H: empirical coefficients.  

 

 ὊὛӶȟὸ Ὂ ὊӶ ὊӶȟ Ὂ (2.4) 

where: Ὂ and ὊӶ: are the independent effects of elapsed time, t, and the stress level, 

ὛӶ. 

ὊӶȟ is the dual coupled effect 

F is the constant number for all cases, (F=1.285) 

The in-service stress, distribution of corrosion in a cross-section as well as the 

spatial distribution of chloride penetration along the bridge span were considered in the 

model. However, the internal movement between wires, fatigue, and other factors that 

affect the stress state were neglected.  

The corrosion models proposed by Liang (2008) and Lu and He (2016) reflect the 

corrosion condition through the reduction in cross-sectional area. However, the 

uncertain factors, which are determined through the experiments in the lab for Liangôs 

model and through assumptions and measurements of the local environment for Lu and 

Heôs model, make corrosion prediction in stay cables of the Stonecutters Cable-stayed 

Bridge difficult due to lack of information. Corrosion is an electrochemistry process 

governed by the kinetics of the cathodic and anodic reactions, and it can be expressed 

in terms of the corrosion current through Faradayôs law. By applying this law to a 

corroding steel wire, a general expression for the remaining diameter is introduced in 

Eq. (2.5) (Andrade et al., 1993). The corrosion period can then be estimated only when 
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the corrosion current density icorr is known. Xie et al. (2015) found that the corrosion 

current density is related to the stress as shown in Figure 2.9. In this thesis, to account 

for the corrosion level in the cables, the effective cross-sectional area after corrosion 

has taken place is adopted (Lonetti et al., 2011; Vikas et al., 2013). A uniform corrosion 

distribution in the cross-sectional area of the cable is assumed for simplification. 

Equation (2.5) provides a simple expression to predict the service life of the cable given 

the corrosion rate icorr and a percentage of corrosion-induced diameter loss. 

 Ὠ Ô Ὠ πȢπςσςϽὭ Ͻὸ (2.5) 

where: Ὠ ὸ: diameter of wire at time t, Ƴm;  

Ὥ : corrosion current density, A˃/cm2;  

ǘ: time of service, year;  

 

 

Fig. 2.9. Corrosion current densities of cable wires with different stresses (Xie et al., 

2015) 

2.2.4 Mechanical properties of corroded cables 

Corrosion changes some of the mechanical properties of the cables. The ultimate stress 

of wires has found to decrease due to corrosion (Barton et al., 2000; Li et al., 2012). 

Barton et al. (2000) investigated the ultimate load in galvanized wires, ungalvanized 

wires, and stripped-galvanized wires by applying an accelerated corrosion approach. 

Their experiments indicated that the cracking or pitting effects on the surface may 
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influence the decay rate of the ultimate load. Besides, the ultimate load showed little 

sensitivity to the preload level in the wire. Nakamura et al. (2004) performed several 

experiments to investigate the tensile strength, elongation and fatigue strength of 

corroded galvanized and bare wires. They found that the true tensile strength, the 

breaking force divided by the reduced cross-sectional area due to corrosion, did not 

decrease as the corrosion level increased, as shown in Figure 2.10; however, the 

nominal or engineering tensile strength, the rupture force divided by the original cross-

sectional area, was observed to decrease with increasing mass loss (Figure 2.11). The 

material itself is not sensitive to the corrosion. The elongation of the corroded wires 

decreased linearly for bare steel and galvanized wires, after consuming the galvanized 

surface as shown in Figure 2.12. Figure 2.13 introduced by Li et al. (2012) shows the 

relationship between the stress and the strain of corroded and uncorroded wires. As 

shown in Figure 2.13, their study proved that the elongation and nominal ultimate 

strength of corroded wires were decreased and showed high sensitivity to wire 

corrosion. Furthermore, the elastic modulus of the corroded and non-corroded wires 

remained the same.    

 

 
Fig. 2.10. True tensile strength of corroded wires (Nakamura et al., 2004) 
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Fig. 2.11. Nominal tensile strength of corroded wires (Nakamura et al., 2004) 

 
Fig. 2.12. Elongation of corroded wires (Nakamura et al., 2004) 

 

Fig. 2.13. The relationship between stress and strain of wires (Li et al., 2012)  

 

 Xu and Chen (2013) conducted a series of tensile tests for corroded cables, 

revealing the relationship between the diameter loss and the mechanical properties of 

the cable, as shown in Figure 2.14. The yield load, ultimate load, and ultimate strain 

decreased as the corrosion level increased (i.e., for lower diameters), but the change in 

the yield strain was not significant.  
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Fig. 2.14. The relationship between mechanical parameters and diameter loss (Xu and 

Chen, 2013) 

2.2.5. Corrosion control and detection methods 

The direct corrosion control techniques for stay cables are a galvanized surface and 

sheath wrapping around the wires. The sheath is applied on the cable to provide a barrier 

against rainfall and acid gas from polluted air, such as 3/ and #/, into the cable. 

The galvanized surface can not only protect the steel wire from exposing it to moisture, 

but it also acts as a protection because the zinc is more reactive than iron and oxidizes 

in preference to iron, producing an impact byproduct to slow down the corrosion rate. 

In the 1980s, the carbon fiber composite cable (CFCC) consisting of carbon fiber-

reinforced polymer (CFRP) parallel wire bundles were proposed to replace the high 

strength steel cables considering its corrosion and fatigue resistance. The CFCC is 

found to be lightweight, to have a higher strength and stiffness and to resist crack 

propagation which may cause failure of the structure, making it very reliable to be 

applied in cable-stayed bridges (Meier, 2012). Furthermore, the CFCC cable was 

numerically modelled in a long-span cable stayed bridge for out-of-plane instability 

under wind load, and was found to have smaller horizontal and torsional deck response 
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when compared to the steel cable (Kao et al., 2006).  

The most common way to inspect stay cables is by visual inspection. During a 

visual inspection, the crack and aging of the sheath and the degradation condition of 

wires under the sheath are the main parts to inspect. For some inside wires, for which 

is hard to perform a visual inspection, the acoustic emission (AE) method allows the 

engineers to detect and locate the area of corrosion and fatigue of the wires, by using 

elastic energy wave created by internal defects of the steel wires (Guo, 2014). Another 

method applied to detect the corrosion condition is called Magnetostrictive sensor (MS), 

which uses the phenomenon known as the deformation creating a change in 

magnetization. Any change in strain or deformation can create a pulse of elastic wave 

to change the magnetic induction of a material, which can be detected and processed 

by MS (Betti et al., 2014). The AE and MS technologies are usually combined to detect 

the damaged wires. Other nondestructive methods to detect the defects of cables consist 

of magnetic leakage detection and vibration monitoring (Guo, 2014). The magnetic 

leakage method is an indirect method to determine the size of a defect through 

measuring the leaking magnetic field of a cable surface. The magnetic force gathered 

will happen when the defects exist inside or outside the wires. The vibration monitoring 

system can detect the damage by determining the internal forces. The frequency of cable 

gathered by the sensors mounted on the cables can determine the static internal forces 

with the preconditions, which are the cable length, linear density and boundary 

conditions. The relationship between frequency and internal forces is shown in Eq. (2.6). 

The changes in internal forces can reflect the damaged condition of the cables. 

 

 Ὢ   (2.6) 

where: Ὢ: the nth order frequency  

      L: the length of cable 

S: the tensile force 

:˃ the linear density, mass per unit length 
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In this research, the possibility of detecting the cable damage level and location 

is investigated through numerical analysis of a bridge. This could be combined with 

non-destructive technology in order to optimize the monitoring of damage in a real 

bridge.  

2.3. Structural analysis of cable-stayed bridges 

2.3.1. Development of finite element model  

With the development of technology, computers become an efficient tool for analyzing 

complex structures stability. Compared to physical experiments, numerical methods 

have the advantages of saving time and money, not being limited by space and 

equipment, and collecting data easily. The finite element method is widely used in 

analyzing complicated structural problems. By using finite element software, each 

component of a bridge can be simplified as beam or truss elements, while the 

characteristic of each material and connections can be defined through the software as 

well. After applying different loads, the model can provide the potential bridge 

responses corresponding to various scenarios.  

The difficulty of finite element modeling of cable-stayed bridges is to determine 

the type of element used to represent the cables. Stay cables are tension members that 

can only bear axial tensile forces but have no resistance to bending moments. The 2-

node truss element, which has the same behavior, is widely used in finite element 

models. However, the effect of cable sag induced by its self-weight induces geometric 

nonlinearity in the bridge structure and needs to be considered in the numerical analysis. 

To idealize the cable behavior with truss elements, the equivalent Youngôs modulus 

introduced by Ernst (1965) is widely used, and it is shown in Eq. (2.7):  

 

 Ὁ   (2.7) 

where: Ὁ  is the equivalent truss element modulus of elasticity, 

       Ὁ  is the actual cable modulus of elasticity, 
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       ” is the cable material density, 

       g is the acceleration due to gravity, 

       ὒ is the horizontal projected length of the cable, 

       „ is the cable pre-stress. 

The one-element cable has satisfied results in the static or quasi-static analysis of 

cable-stayed bridges (Cheng and Lau, 2002). However, this kind of cable cannot 

simulate the transverse vibration in dynamic analysis. Cheng and Lau (2002) 

investigated the effect of using three-node cables and multi-link cables instead of a 

single truss cable on the dynamic behavior of the bridge, with the intention of 

accounting for the nonlinearity of the cable. The results showed that the multi-link cable 

model reflects better the transverse motion of cables due to vibrations than the single 

truss cable. The coupled movement of stay cables and deck could be identified. Also 

the first few frequencies of the bridge model with multi-link cables were similar to the 

analytical frequencies obtained by Eq. (2.6), indicating that the cable vibration model 

has little effects on other parts of the bridge. Sabri (2012) used a similar multiple-

element cable model in the dynamic analysis of the Stonecutters Cable-stayed Bridge 

Model, showing the same benefit of modeling the coupled motion between the cables 

and the deck.  

In this thesis, investigating the effects of cables vibration is not the main objective, 

and for the purpose of simplification, a single truss element is used for each cable; 

however, the equivalent cable stiffness which is shown in Eq. (2.7) is adopted to 

conduct the bridge analysis.  

2.3.2. Dynamic analysis and natural frequencies of bridge models 

The dynamic motion of the bridge is described by the equation of motion, which uses 

the theory of a system vibration. Craig and Kurdila (2006) mentioned that the mass, 

stiffness and damping properties are the three main structural characteristics of the 

structure to determine its dynamic response. The inertia force Ὂ, the damping force Ὂ 
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and the spring force Ὂ are described by Eqs. (2.8), (2.9) and (2.10), respectively:   

 

 Ὂ άὼὸ (2.8) 

 Ὂ ὧὼὸ (2.9) 

 Ὂ Ὧὼὸ (2.10) 

where x(t): the displacement of the structure at time t,  

ὼὸ: the velocity of the structure, 

 ὼὸ: the acceleration of the structure,  

m: the mass of the system,  

c: the damping coefficient,  

k: the stiffness of the structural system. 

The equation of motion results from applying the equilibrium condition by combining 

all of the three internal forces and the excitation force f(t) in Eq. (2.11):  

 

 Í ὼὸ Ãὼὸ Ëὼὸ ÆÔ  (2.11) 

where ὼὸ: the displacement vector of the structure,  

ὼὸ: the velocity vector of the structure,  

ὼὸ: the acceleration vector of the structure,  

[m]: the mass matrix of the structure,  

[c]: the damping coefficient matrix of the structure,  

[k]: the stiffness matrix of the structure, and  

ÆÔ: the external force vector applied to the structure.  

 

The dynamic response of the structure can be described in terms of vibration 

frequency. The excitation function f(t) and response function x(t) can be written in 

complex form, as shown in Eqs. (2.12) and (2.13), respectively, and the equation of 

undamped motion as given in Eq. (2.14) is used to solve the eigenvalue of the structure 

(Ewins 2003):  
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 ÆÔ ᷿ &ʖ Ὡ Äʖ (2.12) 

 ØÔ ᷿ 8ʖ Ὡ Äʖ (2.13) 

 + ‫ - ØÔ ÆÔ  (2.14) 

where :̟ the circular frequency, 

i: the imaginary number. 

 

The solution to Eq. (2.14) gives the eigenvalues, which are the frequencies of the 

structure, and its corresponding eigenvectors of the system. The eigenvalues are also 

the square of the natural frequency, which only depend on the structureôs stiffness and 

mass, and they can reflect the frequency at which the system is likely to vibrate freely 

without any damping forces. The eigenvectors represent the mode shapes of the 

structure for certain frequencies. In the dynamic analysis of the bridge model, the 

applied dynamic load needs to be compared with the natural frequency of the structure 

to avoid resonance when they both reach the same value. Otherwise, resonance will 

lead to an amplification of the dynamic response until the bridge fails.  

2.3.3. Wind load simulation 

As slender structures, long-span bridges are vulnerable to aerodynamic instabilities due 

to wind action, which has been studied for several decades since the failure of the 

Tacoma Narrows bridge in 1940 (Billah and Scanlan, 1991). The aerodynamic response 

of the bridge is caused by the interaction between the wind load and the structure, and 

it is the combination of the mean wind load and dynamic wind load. The mean wind 

load can be divided into three components, which are the lift force, the drag force and 

the torsional moment according to the effect of pressure distribution (Chen, 2005), as 

shown in Figure 2.15. Scanlan (1996) derived the mean wind load equations for the 

three components in Eqs. (2.15), (2.16) and (2.17), respectively: 
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 Ὀ ”Ὗὅὄὒ‌  (2.15) 

 ὒ ”Ὗὅὄὒ‌ (2.16) 

 ὓ ”Ὗὅὄὒ‌ (2.17) 

where Ὀ , ὒ and ὓ : the drag load, lift load and torsional moment, respectively,  

”: the air density,  

Ὗ: the mean wind velocity,  

B: the bridge deck width,  

L: the bridge length,  

:h the attack angle of wind,  

ὅ, ὅ, and ὅ: the drag, lift and moment coefficients, respectively. 

 

 

Fig. 2.15. Three components of wind load on the deck (Chen et al., 2000)  

 

The wind force coefficients ὅ, ὅ, and ὅ are dimensionless and are determined 

by wind tunnel experiments. In a wind tunnel experiment, the dimension of the model, 

air density, attack angle of wind and wind velocity are all under control. All the known 

values are substituted into Eqs. (2.15), (2.16) and (2.17) to derive the unknown 

coefficients. From the data acquired in the experiments, Chen (2005) found that all the 

coefficients vary as the attack angle of wind changes. Besides, the drag load coefficient 

is affected by the cross-section of the deck and Reynolds number (Re), which is related 

to the wind velocity and deck width as shown in Eq. (2.18): 

 

 ὙὩ
Ͻ

 (2.18) 
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where V: the wind velocity,  

B: the reference length for the deck width,  

:˄ the air kinetic viscosity. 

 

 Diana et al. (2013) performed wind tunnel experiments to investigate the wind 

force coefficients on the Messina bridge model. Figure 2.16 demonstrates the static 

aerodynamic coefficients of the bridge deck for different Reynold numbers 

corresponding to smooth and rough surfaces. The authors found that the values obtained 

for a smooth deck vary with the wind attack angles, and the wind velocity hardly 

changes the coefficients values. The roughness can impact the lift and moment 

coefficients when changing wind velocities compared to those of a smooth surface. 

Furthermore, the values of the three coefficients corresponding to a smooth surface are 

close to those obtained by assuming a rough surface at low wind speeds.  

 

 
Fig. 2.16. Wind load coefficients as a function of wind attack angles and wind 

velocities (a) in the smooth surface; (b) in the rough surface (Diana et al., 2013). 

 Larsen et al. (2012) did a similar study for the Stonecutters Cable-stayed Bridge to 
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obtain the three important wind load coefficients. Figure 2.17 provides the details for 

the experimental results.  

 

Fig. 2.17. The wind load coefficients obtained for Stonecutters cable-stayed bridge 

model (Larsen et al., 2012) 

When comparing Figures 2.16 and 2.17, the variation of the three coefficients with 

the angle of attack is found to be similar. For both bridge experiments, the wind attack 

angles have more influence on the values of the coefficients than Reynoldôs number. 

Diana et al. (2013) also mentioned that the higher Re corresponding to a rough surface 

was closer to real conditions. There is a large overlap between the wind load coefficients 

for v = 36 m/s in Figure 2.16 (b) and those in Figure 2.17; very little difference can also 

be observed between Re = 1.5 x 106 and Re = 2.0 x 106 in Figures 2.16 (b) and 2.17, 

respectively. The wind load coefficients can therefore be assumed to be the same for 

specific wind attack angle regardless of Reynoldôs number. Feng (2015) summarized 

the wind tunnel experiment of the Stonecutters Bridge performed by Hui (2013) and 

listed the steady wind load coefficients in Table 2.1.  

 

Table 2.1. Static wind load coefficients for the Stonecutters bridge and for different 

wind attack angles (Feng, 2015) 

 

Angle(Deg.) CD CL CM

-5 0.083 -0.29 -0.049

-3 0.074 -0.212 -0.029

0 0.07 -0.155 -0.018

3 0.073 0.021 0.029

5 0.079 0.079 0.048
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2.3.4. Fourier analysis 

In dynamic analysis, Fourier analysis aims at transforming the time-domain response 

into a frequency-domain response. Fourier series is used to describe the dynamic 

response through dividing it into frequency components, which have distinct 

frequencies with their own phases and amplitudes. Then, the Fourier series approach 

can be extended to a Fourier Transform in terms of the signals with an infinite period 

(Heerah, 2009). Newland (2012) explained that to make sure the periodic signal x(t) 

could be transformed using Fourier transform, the single x(t) should satisfy the 

condition expressed in Eq. (2.19): 

 ᷿ ȿὼὸȿὨὸЊ (2.19) 

The Fourier transform X()̟ can be presented in terms of x(t) in Eq. (2.20): 

 8ʖ ᷿ ὼὸὩ Ὠὸ (2.20) 

In practice, the response signal x(t) is recorded as a finite time duration with 

discrete points according to the sampling scheme. The Discrete Fourier Transform 

(DFT), which is the Fourier transform with N discrete points in a finite series, was 

introduced by Newland (2012). The formal definition of the DFT for the series ὼ , 

r=0, 1, 2, ..., (N-1) is given in Eq. (2.21): 

 ὢ В ὼὩ  (2.21) 

where k = 0, 1, 2, ..., (N-1).  

The Fast Fourier transform (FFT), which is a computer algorithm for calculating 

DFT or inverse discrete Fourier transform, was also introduced by Newland (2012). 

The FFT is more efficient and requires the N to be an integral power of 2, thereby 

reducing the processing time to calculate the DFT of the response time history (Heerah, 

2009).  

When performing the FFT, the time history signal can be transformed into the 

frequency domain with a variation of amplitude. For the random signal, the signal 

function is assumed to be white noise, which contains all the frequencies within the 
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frequency spectrum. The random responses cannot be calculated by valid Fourier 

transform, because they do not satisfy Eq. (2.19). The Power Spectrum Density (PSD) 

was introduced to present the frequency domain results (Heerah 2009). The PSD as 

written in Eq. (2.22) is the Fourier transform of the autocorrelation function Ὑ † of 

the random response x(t) (Newland, 2012). Around 1960ôs, the Welchôs method 

improved the PSD by considering overlapping segments in the time history and 

computing the power spectrum for each segment (Trauth et al., 2006). The Welchôs PSD 

has the advantage of increasing the signal to noise ratio of the power spectrum without 

losing frequency resolution (Heerah, 2009). 

 

 Ὓ ‫ ᷿ Ὑ †Ὡ Ὠ† (2.22) 

Where: Ὓ : the power spectrum density 

:̟ the angular velocity,   

:̱ the time increment. 

2.4. Structural behavior of bridge with damaged cables 

The structural behavior of cable-stayed bridges has been increasingly studied with the 

use of finite element models. Unless some parameters have to be obtained from physical 

experiments, other analysis can be performed with the help of numerical models. The 

model results can be a powerful prediction to the real response. 

It is worth studying if damages in the stay cables could lead to safety vulnerability 

in these slender bridges. Kao and Kou (2010) investigated the effects of ruptured cables 

on the structural behavior of stayed-cable bridges. The authors conducted a numerical 

study on a three-span cable-stayed bridge, with the main span of 600 m, and removed 

cables one by one in the analysis to investigate the ensuing remaining cable forces, the 

horizontal displacement of the tower, and the sagging of the center of the main span. 

The authors noted that the cables adjacent to ruptured cables experienced an increase 

in cable forces. When the outermost cable ruptured, both the tower and the center of the 
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main span underwent a significant increase in displacement (Tables 2.2 and 2.3). It was 

also observed that cable ruptures lead to uplifts in other locations of the deck.  

Table 2.2. Deviation of top-of-tower displacement from broken cable at different 

locations (Kao and Kou, 2010) 

 

Table 2.3. Deviation of main span deflection resulting from broken cable at different 

locations (Kao and Kou, 2010) 

 

 

 Vikas et al. (2013) studied the effects of cable degradation on the structural 

behavior of cable-stayed bridges by conducting a numerical analysis of a bridge with 

the main deck of 220 m, as shown in Figure 2.18. The authors modeled the corroded 

cables by applying the reduction of the modulus of elasticity and cross-sectional area 

as a function of corrosion level. In their model, the modulus of elasticity and cross-

sectional area are inversely proportional to the corrosion level. The authors performed 

static and dynamic analyses on the bridge model with one cable reaching the ultimate 
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strength and failing. The cable that failed was the second cable on the left side close to 

the mid-span.  

 

 

Fig. 2.18. The layout of the bridge and tower (Vikas et al., 2013) 

The authors found that the internal forces of cables around the ruptured cable were 

increased and that those of cables away from the ruptured cable were reduced. The 

deflection of half deck, illustrated in Figure 2.19, shows an increase of 6.9% around the 

location where the cable failed. A gradual decrease in natural frequency as the corrosion 

level increased was observed in the dynamic analysis, as illustrated in Figure 2.20.  

 

 

Fig. 2.19. Comparison of deflection in deck before and after cable failure (Vikas et 

al., 2013) 
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Fig. 2.20. Comparison of natural frequencies before and after cable failure (Vikas et 

al., 2013) 

 Das et al. (2016) proposed a progressive collapse analysis for a cable-stayed bridge 

with a 457.2-m main span and cable failures in the side span. The authors used a 

nonlinear dynamic procedure to extract the response in the key locations including the 

center of the span, the top of the pylon and the end cables. More than one cable failures 

were considered in this study. Through the results, the authors stated that the end cables 

of either side of the bridge were the most vulnerable, increasing probability of a failure 

throughout the whole structure. The extra deflection on the pylon top and deck were 

observed due to the failure of the cables. Olamigoke (2017) studied the sudden cable 

loss in a three-plane cable-stayed bridge and also observed the load redistribution along 

the span, as shown in Figure 2.21. It is interesting to find that the cable loss in one plane 

can result in stress increase in another plane.  
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(a) 

 

(b) 

Fig. 2.21. Load distribution along the span with one cable lost (a) case of CP1 lost, (b) 

case of CP21 lost (Olamigoke, 2017) 

The previous studies focused on the effect of ruptured cables caused by either 

corrosion or sudden events on the structural behavior of cable-stayed bridges. Few 

studies have investigated the structural behavior of a cable-stayed bridge with gradual 

corrosion. Zhang (2015) investigated the effect of damaged cables for a cable-stayed 

bridge with a 220-m main span (Figure 2.22). The reduction in Youngôs modulus and 

cross-sectional area were also used to simulate different damage levels. The author 

obtained the results of deck deflection, internal forces and natural frequency when the 

cables were damaged from 10% to 100% degree on the side span and on the main span, 

as shown in Figures 2.23, 2.24 and 2.25. From Figure 2.23 it is observed that the 

deflection increased as the corrosion level increased, and the middle point and location 

near the towers have the largest change. The increase in the internal forces of the 
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damaged cables and of adjacent ones due to the increased corrosion condition can be 

observed in Figure 2.24. As for the dynamic response, most of the natural frequencies 

decreased as the corrosion level increased, except for some that increased and 

corresponded to higher vibration modes, as shown in Figures 2.25 (b) and (d). The static 

and dynamic responses from the numerical model reflect the changes caused at different 

corrosion levels and corrosion cable locations for the short span cable-stayed bridge. 

However, there are missing studies on the effect of corroded cables on long span cable-

stayed bridges. The current study only concentrates on the deterioration of both cables 

at the same location, and the effect of different location on both sides needs to be further 

investigated. Furthermore, the response of a long-span cable-stayed bridge with 

corroded cables subjected to real wind conditions has not been looked into yet. This 

research will focus on this gap on the state-of-the-art through numerical analysis of a 

long-span cable-stayed bridge. 

 

Fig. 2.22. Configuration of the bridge (Zhang, 2015) 
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Fig. 2.23. The deck deflection change at different corrosion levels, and the corrosion 

cable located at (a) L1 and R1 cables, (b) L10 and R10 cables, (c) L11 and R11 

cables, (d) L20 and R20 cables (Zhang, 2015) 

 
Fig. 2.24. The cable forces at different corrosion levels, and the corrosion cable 

located at (a) L1 and R1 cables, (b) L10 and R10 cables, (c) L11 and R11 cables, (d) 

L20 and R20 cables (Zhang, 2015) 
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Fig. 2.25. The frequency relative change at different corrosion levels, and the 

corrosion cable located at (a) L1 and R1 cables, (b) L10 and R10 cables, (c) L11 and 

R11 cables, (d) L20 and R20 cables (Zhang, 2015) 

2.5. Conclusion 

This chapter has reviewed corrosion in stay cables of cable-stayed bridges. In particular, 

it has presented how corrosion affects the safety of the cable-stayed bridge, corrosion 

models proposed to predict the cableôs corrosion morphology and corresponding time 

to achieve a certain damage, the methods to detect corrosion and previous studies that 

have investigated the influence of corrosion-induced cable damage on different bridges. 

Although two different corrosion distributions on the cable cross-sectional area are 

reported in the literature, uniform corrosion is normally chosen as a simplification for 

modelling purposes. Due to a lack of sufficient information to characterize the exposure 

environment of different cable-stayed bridges, published corrosion models which rely 

on specific lab experiments and measurements of a local environment cannot be applied 

to the service life prediction of damaged stay cables of any cable-stayed bridge. It is 

thus simpler to measure the corrosion rate and apply Faradayôs law to predict the 

induced damage. When considering the wind load, the wind load coefficients in three 

directions are found to be the same for specific wind attack angles, regardless of the 
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Reynolds number. Previous studies on corrosion-induced damaged stay cables have 

focused on the structural behavior of the cable-stayed bridge in terms of deck deflection, 

cable stresses and natural frequencies when one or more cables rupture. In a study on 

the structural behavior of a medium-span cable-stayed bridge, the analysis focused on 

the effect of cables that were gradually corroded at different locations along the deck. 

However, lower number of studies focused on the static and dynamic responses of a 

long-span cable-stayed bridge due to corroded stay cables. The objective of this thesis 

research is to fill this gap by conducting numerical analysis, with the goal of detecting 

cable damage, which could be combined with non-destructive testing to address the 

mentioned shortcomings. 
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Chapter 3 - Modeling and validation 

3.1. Introduction to Stonecutters Bridge 

The Stonecutters Bridge was built to connect Nam Wan Kok and Tsing Yi Islands, 

spanning the Rambler Channel in Hong Kong. The construction of the Stonecutters 

Bridge began in 2004 and was completed in 2009, being the third longest cable-stayed 

bridge in the world, with a length of 1,596 m and a main span of 1,018 m. The 

geometrical details of the bridge are presented in Figure 3.1. The bridge has a unique 

slender twin-box deck, which is 53 m wide connected by cross girders that are spaced 

longitudinally 18 m center to center. The cross-section of the bridge deck is shown in 

Figure 3.2. The main span, which is made of steel, is entirely supported by cables, while 

the connections to the towers depend only on damping devices. The back spans, which 

have the same cross-section, are made of concrete and are supported by cables and end 

piers. An aerodynamics investigation and a wind tunnel test for the twin-box girder 

were carried out to ensure the aerodynamic stability of the deck (Kaji et al., 2010).  

 

 
Fig. 3.1. Side view of Stonecutters cable-stayed bridge (Kaji et al., 2010). 

 

 

Fig. 3.2. Cross-section of the bridge deck (Kaji et al., 2010) 
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The independent towers are made of concrete, up to level +175 m, and a 

composition of concrete and steel from level +175 m to level +293 m. The towers begin 

as an oval section with 24 m across at the base, and end up as a circular cross section 

with 7 m in diameter at level +175 m. The upper towers were designed to have a steel 

outer skin and inner steel anchor boxes for the stay cables. The four end piers at one 

side consist of three single column piers and one twin-column portal structure. The piers 

and bearings on the tower work together to restrain the deck from moving laterally 

(Falbe-Hansen et al., 2017). Figure 3.3 shows the cross-section details of the 

Stonecutters Bridge towers and end piers.  

 

 

Fig. 3.3. Tower and end piers (Falbe-Hansen et al., 2017) 

 

Fig. 3.4. Cross section of stay cable (Kaji et al., 2010) 

 

The stay cables are arranged as a semi-fan configuration, with a total of 224 parallel 

stay cables supporting the deck at an interval of 18 m, 112 cables on each East and West 
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side of the deck. The stay cables are prefabricated parallel wire strands and designed as 

a compact form, which can reduce the area exposed to wind. The cross-section of the 

stay cables, which is shown in Figure 3.4, is comprised of 7-mm galvanized wires with 

a tensile strength of 1,770 MPa. The wires in the cables were prestressed in the factory 

and wrapped with filament tape. Then, the entire cable was covered with 10-mm thick 

HDPE coating (Kaji et al., 2010). The dimples on the HDPE coating of the cable can 

break the water flow caused by rain (rivulet) to keep the cable thinner and to counteract 

the rain-wind induced vibrations.  

 

3.2. Modeling method 

The finite element method (FEM) is widely used in the civil engineering field as an 

efficient method to solve complex structural systems. The FEM is applied in stress 

analysis, vibration analysis, displacement analysis and impact analysis, etc. It can 

provide a simplified way to simulate the structure through different types of elements. 

The FEM can also perform dynamics analysis, to estimate the structural responses 

caused by dynamic loads such as earthquakes and wind loadings, to analyze the 

dynamic characteristics of a structure. The results estimated by FEM can be very close 

to the real responses of the structure when using the appropriate elements, boundary 

conditions, loading conditions, material models and other structural factors for 

simulating the real conditions the structure is subjected to. 

The finite element analysis software ABAQUS was used in this research to analyze 

the Stonecutters Cable-stayed Bridge. ABAQUS software is a powerful finite element 

program, suited for structural analysis, fluid dynamics analysis, and electromagnetic 

analysis. This software specializes in solving complicated solid mechanics, structural 

mechanics systems, simulating huge and complex models and dealing with non-linear 

problems. ABAQUS has a rich source of elements and material model libraries, which 

can simulate a variety of complicated geometrical shapes and most engineering 
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materials, such as different metals, reinforced concrete, and other geotechnical 

materials. It is also easy to build a structural model by defining the geometry of the 

parts, boundary conditions, material properties, loading conditions, etc. ABAQUS/CAE 

enables visualization when building the structural models and when meshing the 

structure. The analisys steps which contain two different major procedure types with 

several substeps in ABAQUS, are related to outputs regarding different loading and 

boundary conditions. When the job is finished and submitted, all the processed data and 

results are written into .dat file and .obd file, from which the response data can be 

extracted.  

3.3. Scope of work 

The primary target of using ABAQUS in this research is to build a 3D finite element 

model of the Stonecutters Cable-stayed Bridge to conduct static and dynamic analyses 

and study the effect of corrosion in the stay cables on the calculated response. The one-

element cable method (OEC) is used in the cable model. When the bridge is built, the 

deflection and cables stresses are calculated when only gravity load is applied. Using 

the frequency step, the natural frequencies and the corresponding mode shapes can be 

determined. Next, the bridgeôs vibration response under a period of recorded wind load 

is simulated. Since there are different levels of corrosion and combination of corroded 

cables, the static load and dynamic load need to be applied to each scenario to determine 

the results.  

3.4. Finite element model 

3.4.1. The geometric properties of the bridge 

Figure 3.5 shows different views of the finite element discretization of the Stonecutters 

Cable-stayed Bridge. The model created in ABAQUS is a fish-bone model, with its 

structure being very similar to the bone of a fish. This kind of model simplifies the 

structure and replaces each structural element with a one-dimensional finite element. 

The locations of the lumped masses are derived from the geometry of the gravity centers 
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and shear centers of the real structure.  

The geometric details of the bridge are extracted from the available scientific 

literature by Kaji and Grady (2010), Falbe-hansen et al. (2004) and Falbe-hansen et al. 

(2017). Every part of the bridge model has the same dimensions as the real bridge. The 

total length of the bridge is 1,596 m, which consists of a main span of length of 1,018 

m and two back spans of length of 289 m each. The intervals between the piers are 

79.75 m, 70 m, 70 m and 69.25 m from the tower to the end pier, respectively. The cross 

girder connecting the twin deck has a length of 15.3 m. The elevation of the tower top 

and the centerline of the road are 298 m and 78.3 m, respectively. The spacing between 

the cable anchors of the main span is 18 m and for those of the side spans is 10 m.  

 

  

(a) 

 

(b) 

Fig. 3.5. ABAQUS model of Stonecutters cable-stayed bridge: (a) general view, (b) 

side view 

Although the overall geometric dimensions of the bridge can be easily obtained 

from public resources, some detailed properties still need to be determined and assumed. 

Because the cross-sectional shape of the steel deck and concrete deck is irregular, some 
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geometric properties, tabulated in Table 3.1, were extracted with the help of the STAAD 

section analysis (Sabri, 2012). The warping constants for both decks were not used in 

the modelling, because the closed cross-section is considered stiff enough. The shear 

center and mass center, which are presented in Figure 3.6. (a) and (b), lie in different 

locations due to deckôs unique shape.  

 

Table 3.1. Geometric properties of the deck (Sabri, 2012) 

 

 

 

(a) 

 

(b) 

Fig. 3.6. Cross-section of the deck: (a) Steel deck, (b) Concrete deck (Sabri, 2012) 

The stay cables are composed of 7-mm galvanized wires with the largest cable 

having a total of 451 wires (Kaji et al., 2010). However, the dimensions of the cables 
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are not the same throughout the bridge owing to diverse forms of load distribution 

among the cables. In order to easily identify the cables, they are named and numbered 

by specifying their location in the bridge. The x-direction and z-direction in ABAQUS 

represent the South and West directions in global coordinates, respectively (Figure 

3.5(a)). The numbering and notation convention for each cable can be found in Figure 

3.7. The point of origin is set at the mid-span. The west-side of the north and south 

decks are named as WN and WS, respectively. In the east side, the north deck and south 

deck are referred to as EN and ES, respectively. Cables are numbered sequentially from 

the first cable near the mid-span to the last cable on the back span. For instance, cable 

ES1 represents the first cable near the mid-span on the east side of the south deck. Table 

3.2 provides the details of the 224 stay cables of the bridge.  

 

 
Fig. 3.7. Numbering and notation convention of cables in the plan view 
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Table 3.2. Dimensions of stay cables (Sabri, 2012) 

 

3.4.2. Element types 

ABAQUS provides a variety of elements to simulate various parts in a real structure. 

These elements are defined according to their degrees of freedom, numbers of nodes 

and behavior during loading. In this bridge model, B31, T3D3, RB3D2, and MPC 

ES1 EN1 WN1 WS1 533 509 0.30 17.26 0.192 0.029

ES2 EN2 WN2 WS2 515.18 491.7 0.30 17.36 0.192 0.029

ES3 EN3 WN3 WS3 497.37 473.7 0.31 17.75 0.192 0.029

ES4 EN4 WN4 WS4 479.45 455.7 0.32 18.11 0.192 0.029

ES5 EN5 WN5 WS5 461.7 437.7 0.32 18.56 0.182 0.026

ES6 EN6 WN6 WS6 444 419.7 0.33 19.04 0.182 0.026

ES7 EN7 WN7 WS7 426.2 401.7 0.34 19.52 0.182 0.026

ES8 EN8 WN8 WS8 408.6 383.7 0.35 20.11 0.182 0.026

ES9 EN9 WN9 WS9 391.1 365.7 0.36 20.76 0.175 0.024

ES10 EN10 WN10 WS10 373.44 347.7 0.37 21.40 0.175 0.024

ES11 EN11 WN11 WS11 356 329.7 0.39 22.16 0.175 0.024

ES12 EN12 WN12 WS12 338.74 311.7 0.40 23.05 0.175 0.024

ES13 EN13 WN13 WS13 321.39 293.7 0.42 23.96 0.170 0.023

ES14 EN14 WN14 WS14 304.3 275.7 0.44 25.04 0.170 0.023

ES15 EN15 WN15 WS15 287.37 257.7 0.46 26.27 0.170 0.023

ES16 EN16 WN16 WS16 270.48 239.7 0.48 27.60 0.170 0.023

ES17 EN17 WN17 WS17 253.92 221.7 0.51 29.18 0.160 0.020

ES18 EN18 WN18 WS18 237.6 203.7 0.54 30.98 0.160 0.020

ES19 EN19 WN19 WS19 221.49 185.7 0.58 33.03 0.160 0.020

ES20 EN20 WN20 WS20 205.85 167.7 0.62 35.45 0.160 0.020

ES21 EN21 WN21 WS21 190.7 149.7 0.67 38.28 0.144 0.016

ES22 EN22 WN22 WS22 176 131.7 0.73 41.56 0.144 0.016

ES23 EN23 WN23 WS23 162.2 113.7 0.79 45.49 0.144 0.016

ES24 EN24 WN24 WS24 149.3 95.7 0.88 50.13 0.144 0.016

ES25 EN25 WN25 WS25 137.7 77.7 0.97 55.65 0.113 0.010

ES26 EN26 WN26 WS26 124.34 59.7 1.07 61.31 0.113 0.010

ES27 EN27 WN27 WS27 114.4 41.7 1.20 68.62 0.113 0.010

ES28 EN28 WN28 WS28 106.8 23.7 1.35 77.18 0.113 0.010

ES29 EN29 WN29 WS29 107.4 19.7 1.39 79.43 0.113 0.010

ES30 EN30 WN30 WS30 113.8 29.7 1.31 74.87 0.113 0.010

ES31 EN31 WN31 WS31 121 39.7 1.24 70.85 0.113 0.010

ES32 EN32 WN32 WS32 130.5 49.75 1.18 67.59 0.113 0.010

ES33 EN33 WN33 WS33 137 59.75 1.12 64.14 0.144 0.016

ES34 EN34 WN34 WS34 144.3 69.75 1.07 61.09 0.144 0.016

ES35 EN35 WN35 WS35 151.8 79.75 1.02 58.31 0.144 0.016

ES36 EN36 WN36 WS36 159.8 89.75 0.97 55.83 0.144 0.016

ES37 EN37 WN37 WS37 168 99.75 0.94 53.58 0.160 0.020

ES38 EN38 WN38 WS38 176.4 109.75 0.90 51.53 0.160 0.020

ES39 EN39 WN39 WS39 185 119.75 0.87 49.66 0.160 0.020

ES40 EN40 WN40 WS40 194 129.75 0.84 48.02 0.160 0.020

ES41 EN41 WN41 WS41 203.1 139.75 0.81 46.52 0.170 0.023

ES42 EN42 WN42 WS42 212.4 149.75 0.79 45.17 0.170 0.023

ES43 EN43 WN43 WS43 221.7 159.75 0.77 43.90 0.170 0.023

ES44 EN44 WN44 WS44 231.2 169.75 0.75 42.76 0.170 0.023

ES45 EN45 WN45 WS45 240.8 179.75 0.73 41.71 0.175 0.024

ES46 EN46 WN46 WS46 250.45 189.75 0.71 40.74 0.175 0.024

ES47 EN47 WN47 WS47 260.2 199.75 0.70 39.85 0.175 0.024

ES48 EN48 WN48 WS48 270 209.75 0.68 39.03 0.175 0.024

ES49 EN49 WN49 WS49 279.88 219.75 0.67 38.26 0.182 0.026

ES50 EN50 WN50 WS50 289.8 229.75 0.66 37.55 0.182 0.026

ES51 EN51 WN51 WS51 299.84 239.75 0.64 36.91 0.182 0.026

ES52 EN52 WN52 WS52 309.83 249.75 0.63 36.28 0.182 0.026

ES53 EN53 WN53 WS53 319.86 259.75 0.62 35.70 0.192 0.029

ES54 EN54 WN54 WS54 330.1 269.75 0.61 35.20 0.192 0.029

ES55 EN55 WN55 WS55 340.2 279.75 0.61 34.68 0.192 0.029

ES56 EN56 WN56 WS56 350.3 289.75 0.60 34.19 0.192 0.029

Diameter

(m)
Cable No.

Length of

cable (m)

Horizontal

length (m)

Angle of

inclination rad

Angle of

Inclination

degrees

Area (m
2
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elements were utilized to assemble the fish-bone model of the bridge.  

The B31 element is a 3-D elastic beam element with two nodes and 6 degrees of 

freedom at each end. ABAQUS assumes the transverse shear behavior of the B31 

element as linear elastic with a fixed modulus, and therefore independent of the 

response of the beam section to axial and bending deformation. The B31 elements are 

used for the twin decks, the cross girders connecting the decks, the towers and the piers. 

Normally, ABAQUS can use the defined profile properties and defined section 

material to calculate the stiffness properties for the section of the element. It is easy to 

define the height, depth or thickness of hollow sections for normal shapes. However, 

the sectional properties of the deck section cannot be defined precisely in the program 

due to its irregular shape, thereby it is necessary to define a ñgeneralizedò profile to 

calculate them. ABAQUS uses the set of geometric properties listed in Table 3.1, as 

created in a ñgeneralizedò profile, to define the cross section of the twin decks. 

Although the ñgeneralizedò profile does not represent the real cross section, it allows 

for linear and nonlinear responses (Feng, 2015). In addition, the defined hollow circle 

section was assigned to represent the section of the towers, and the rectangular hollow 

section was associated to piers at the back spans. 

The T3D3 element with 3 nodes and 3 degrees of freedom per node is suitable to 

simulate slender structures, which can only transfer axial loads and do not have bending 

and shear stiffness. Therefore, the T3D3 element is a good tool to simulate stay cables. 

This 3-node element is usually used for modelling curved prestressed cables in 

structures or pipelines in the offshore industry. In this model, the T3D3 element was 

defined as a tension-only member through its material properties and was assigned a 

pre-tension load according to calculations, to meet the requirements of real tendons and 

avoid numerical singularities and convergence problems when the elements are 

subjected to large-displacement analysis. The applied pre-tension loads help to develop 

some transverse stiffness to the cables. Details of the pre-tension loads applied to the 

cables can be found in Appendix A. 
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The RB3D2 element is a 2-node rigid beam element which serves as a stiff 

connection to the bridge. The rigid element can link two bodies and make them move 

together. Due to the advantage of no calculation for the element itself, the elementôs 

motion is determined only by the 6 degrees of freedom of the reference points 

(ABAQUS Inc. 2012). In this model, the deck section is an irregular section as seen in 

Section 3.4.2., and the shear center and mass center are not in the same location, as 

illustrated in Figure 3.6 (a) and (b). Hence, the RB3D2 element is used as a rigid 

connector for the mass and shear centers of the deck. The detailed arrangement of the 

RB3D2 element between the shear center and mass center is shown in Figure 3.8. 

 

 
Fig. 3.8. L-shape arrangement of RB3D2 element (Feng, 2015) 

The multi-point constraints (MPC) beams in ABAQUS are used to constrain the 

displacement and rotation of a first node to that of a second node, to ensure that the 

deck elements can move as an ensemble. The first node, also known as the slave node, 

follows the movement of the degrees of freedom of the master node, which is the second 

node. In the bridge model, the MPC beam constraints are widely used as anchor boxes 

on the upper towers and the edge of the decks. The MPC beam constraints can connect 

the nodes of stay cables and tower center as shown in Figure 3.9 (a). Stay cables on 

each side of the tower have two separate MPC constraints that connect them to the 

towers. The MPC beam is shown as the red component in Figure 3.9 (a). There is a total 

of 4 cables, 2 on each side, connecting to the same elevation point on the tower. In 
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addition, the cables are connected by MPC beam constraints to the edge of the deck, as 

demonstrated in Figure 3.9 (b). The MPC beam traverses the longitudinal deck element 

from the cross-girder element to the cable anchor location, as shown by the red dashed 

line in Figure 3.9 (b). The length of the MPC beam is the same as the width of the deck. 

Under this circumstance, the stay cables can have an accurate response when 

coupled with the towers and decks, especially when performing dynamic analysis to 

investigate vibration mode shapes. The pre-tension loads that are defined in the stay 

cables can be directly transferred to the towers and decks.  

 

 

(a) 

 

(b) 

Fig. 3.9. Arrangement of MPC: (a) on the towers, (b) on the deck (Feng, 2015) 

3.4.3. Material properties 

In this bridge model, the main materials used for the Stonecutters Cable-stayed Bridge 

are reinforced concrete for the back spans, towers, piers and side cross girders, steel for 

the main span and high-strength steel for the stay cables. The material properties are 
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defined in the material section in ABAQUS and listed in Table 3.3.  

 

Table 3.3. Material properties in the bridge model (Feng, 2015) 

 

 

The actual cables are not trusses as defined in this model, and the cable sag is 

associated with cable nonlinearities. The most common approach to idealize the cable 

behavior by truss elements is to modify the modulus of elasticity, which can resist the 

deflection against the cable force and support conditions. The idealized modulus of 

elasticity, Ὁ   of the cable is calculated from the Ernst equation (Ernst, 1965) 

mentioned in section 2.3.1. For the convenience of the reader it is rewritten in Eq. (3.1): 

 Ὁ   (3.1) 

where: Ὁ  is the equivalent truss element modulus of elasticity, 

       Ὁ  is the actual cable modulus of elasticity, 

       ” is the cable material density, 

       g is the acceleration due to gravity 

       ὒ is the horizontal projected length of the cable 

       „ is the cable pre-stress 

        

The mass properties for the deck section are obtained with the help of STAADôs 

section wizard, and they are listed in Table 3.4 (a) and (b) for the steel and concrete 

decks, respectively. 

 

 

 

Material Structural Members
Mass Density

(kg/m
3
)

Young's Modulus

(GPa)
Poisson's Ratio

Reinforced

concrete

Towers, Piers, Back-

span, Side Cross

girders

2400 60 0.2

Steel/S420M
Centre Deck, Cross

Girders
7850 205 0.3

Cable steel Stay Cables 7800 200 0.28
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Table 3.4. Mass properties of deck cross-section: (a) Steel deck, (b) Concrete deck 

(Feng, 2015) 

 

(a) 

 

 

(b) 

3.4.4. Boundary conditions 

Boundary conditions (BC) are constraints that are necessary for solutions of a boundary 

value problem. In an FEM model, the BC consist of fixed ends, hinges or rollers and 

are determined by restraining certain degrees of freedom to simulate the real constraint 

conditions for the structure. 

In the bridge model, the back spans, piers and towers are assumed to be fixed in 

the model. As seen in Figure 3.10, the tower, three-side piers and two-end piers are 

fixed to the ground. Besides, the piers and back spans are fixed according to the 

following considerations. In the bridge design, the back spans are located at the ground 

and supported by several firm piers. The spacings of cable anchorages and cross girders 

Total mass (kg) 204883.28
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Ixy

Iyz

-1.46E+04
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are smaller than those of the steel span. In addition, the reinforced concrete deck of the 

back spans can provide stiffer properties and acts as a stiff anchor balancing the weight 

and load of the main span. It is for these reasons that the back span can be assumed to 

be fixed in this study.   

 

 

Fig. 3.10. The boundary conditions of the back span 

3.5. Analysis steps 

3.5.1. Static response 

When conducting the analysis in ABAQUS, the first step is to determine the static 

response of this model when only gravity load is applied. ABAQUS can provide various 

types of calculation steps depending on the results needed. For the static results, the 

óstatic generalô type was created. The results come from the output request section. In 

this thesis, the deflection of the main span and the stress of each cable are the main 

indicators to reflect the influence of corroded cables. Therefore, the element set of decks 

corresponding with vertical displacement output and cables corresponding with stress 

and strain components were selected in the static step.  

3.5.2. Dynamic response 

The dynamic response of the bridge consists of the natural frequency investigation and 

the wind load-induced response. The natural frequencies can reflect the vulnerable 

frequencies of the structure, especially when the applied dynamic load has the same 

frequency. The wind load-induced response mainly presents the time-history 

displacement of the mid-span and towers. 
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The ófrequencyô step was created to calculate the first 30 natural frequencies and 

their corresponding mode shapes. The subspace iteration method was chosen for this. 

This method has the advantage of achieving rapid convergence to eigenvectors in full 

space. The mode shapes can be viewed in the .obd file after finishing the calculation. 

The first ten vibration modes are the most important for dynamic analysis, which 

include lateral, vertical, torsional or coupled vibration modes of the decks or towers.  

In order to investigate the structure under real load conditions, wind-induced 

loading was considered in this study. The wind load was calculated from a period of 

recorded wind data, which was collected through an anemometer installed by the 

SUNLab team at the solar panels research site located on the flat roof of the Mann 

Parking Building at the University of Ottawa. The solar panel is shown in Figure 3.11. 

The wind speed and wind direction can be recorded through the sensors installed in the 

solar panel. 

 

 

Fig. 3.11. The solar panel and sensors (Mehranfar, 2014) 

The sensors can record wind speeds and incidence angle in a period of time. Data 

corresponding to 500 seconds, which was collected in February 2014, are shown in 

Figure 3.12. In this study, the angle of wind incidence has been neglected as a 

simplification. The wind was assumed to have 0 degrees of incidence to the deck. The 

maximum velocity among the 500 seconds wind data is 8.20 m/s, and the mean velocity 

is 4.15 m/s (Figures 3.12 (a) and (b)), which are mild values for the Hong Kong area 

where the Stonecutters Bridge is. The bridge is located in an open channel and exposed 
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to high wind velocity. Therefore, the measured wind data was increased five times, 

among which the maximum wind speed becomes 41 m/s and mean wind speed becomes 

20.75 m/s (Figure 3.12 (c)), to simulate the critical wind speed at the bridge site. The 

modified maximum wind speed is close to the natural wind environment for an extreme 

wind storm (Feng, 2015). 

 

  

(a) 

 

(b) 

 

(c) 

Fig. 3.12. Wind velocity and direction record: (a) record of wind speed, (b) record of 

wind direction, (c) record of five-times wind speed (Mehranfar, 2014) 

 

To calculate the wind load, the quasi-steady mean wind load equations proposed 
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by Scanlan (1996) were used to determine the 500 s time-history wind load. The 

equations are listed below from Eqs. (3.2) to (3.4). The wind load can be divided into 

three equivalent components: the drag load Dm, the lift load Lm and the moment Mm. 

 Ὀ ”Ὗὅὄὒ‌ (3.2) 

 ὒ ”Ὗὅὄὒ‌ (3.3) 

 ὓ ”Ὗὅὄὒ‌ (3.4) 

where: ʍ is the density of air, 1.225 kg/m3 

       Ὗ is the mean wind velocity (in this study, the collected wind speed was used 

as Ὗ as a simplification). 

       ὅȟὅȟὅ are drag, lift and moment coefficients, respectively. 

       B, L are the bridge deck width and bridge length, respectively 

       ɻ is the attack angle of the wind (here it is assumed to be 0 degrees) 

In this analysis step, the three components of wind load are applied along both 

bridge decks. In this step, a ómodel dynamicô type was created with a 500-seconds time 

period. The displacement of the decks and the stress components of the cables were 

defined in the field output. Then, the time-history response of the mid-span and cables 

was extracted.  

After extracting the time domain data, the Fast Fourier Transform (FFT) method 

was used to transform the time-domain data to frequency-domain data. The power 

distribution of the discrete frequency components is generated by means of the Power 

Spectrum Density (PSD) method. It is clear to observe the power variance with respect 

to the frequency, and the structure will have largest response at the frequency with the 

highest power density.  

The time domain of the displacement of the mid-span and both towers was regarded 

as a signal that contains dynamic characteristics. In order to investigate the frequency 

characteristics, PSD in Matlab was used as a tool to process the signals. The code can 

be found in the Appendix C. The frequency domain diagram can present the critical 
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frequency of vertical, lateral and torsional responses of the deck and horizontal 

displacement of tower under the wind load. 

3.6. Bridge model validation 

3.6.1. Overview 

The bridge model validation is an important step, before proceeding with further 

analysis. Only if the finite element model of the bridge has a similar response to the 

real structure, the model can be considered as valid, and the results from the model are 

acceptable. The differences are either from the modeling errors resulting from 

simplified assumptions, or from the parameter errors owing to the uncertainties in 

material and geometric properties. 

The validation of the finite element model of a bridge is usually performed by 

comparing the measured data, which is usually obtained from a structural monitoring 

system, with the modelôs results. The measured natural frequency of the Stonecutters 

cable-stayed bridge has not been released by the Highways Department of Hong Kong 

until present. Therefore, the natural frequencies of the bridge, which were obtained 

from another finite element model built by the engineer of the Hong Kong Highways 

Department, Michael C. H. Hui, are used as a reference case (Hui et al., 2006). In this 

research, the published data by Hui et al. (2006) is used as a reference model to perform 

the validation.  

3.6.2. The natural frequency of the structure 

The dynamic response of the structure is determined by the equation of motion for the 

system (see Eq. (3.5)). The main structural characteristics of a vibrating system are the 

mass, stiffness and damping properties, which determine the stiffness, inertia and 

damping forces of the system by solving the equation of motion described in Eq. (3.5). 

The solution of the equation is a series of eigenvalues. The eigenvalues are the square 

of the angular frequencies with the units of radian per time. The natural frequencies are 

the angular frequencies when there is no damping and no external force in the system. 
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The natural frequency is the frequency when the structure oscillates for a certain period 

without any driving or damping force. The corresponding vibrations are called natural 

vibration modes.  

 - ὼ # ὼ + Ø ÆØ  (3.5) 

where: [M] is the mass matrix of the structure 

[C] is the damping ratio matrix of the structure 

[K] is the stiffness matrix of the structure 

x is the displacement of the structure 

f(x) is the external force in terms of displacement x 

A series of natural frequencies are arranged from low to high. The lowest frequency 

means a long period, low acceleration and low energy. It is easy to excite the system 

with low energy, therefore the structure easily vibrates at a certain mode of low 

frequency. The first ten natural frequencies are the primary values the analysis is 

focusing on.  

3.6.3. The comparison of published data and model results 

With the frequency step in ABAQUS, the natural frequency of the bridge can be 

determined. The 3D finite element model can provide a complete representation of the 

vibration modes. The first ten vibration modes and the corresponding natural 

frequencies of the FEM of the Stonecutters Cable-stayed Bridge are illustrated in 

Figures 3.13-3.22.  



62 

 

 

Fig. 3.13. 1st mode shape, f=0.14491 Hz, (a) general view, (b) front view, (c) plan 

view, (d) side view 

 
Fig. 3.14. 2nd mode shape, f=0.17225 Hz, (a) general view, (b) front view, (c) plan 

view, (d) side view 
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Fig. 3.15. 3rd mode shape, f=0.19197 Hz, (a) general view, (b) front view, (c) plan 

view, (d) side view 

 
Fig. 3.16. 4th mode shape, f=0.25343 Hz, (a) general view, (b) front view, (c) plan 

view, (d) side view 
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Fig. 3.17. 5th mode shape, f=0.25621 Hz, (a) general view, (b) front view, (c) plan 

view, (d) side view 

 

Fig. 3.18. 6th mode shape, f=0.32384 Hz, (a) general view, (b) front view, (c) plan 

view, (d) side view 
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Fig. 3.19. 7th mode shape, f=0.3583 Hz, (a) general view, (b) front view, (c) plan 

view, (d) side view 

 

Fig. 3.20. 8th mode shape, f=0.38733 Hz, (a) general view, (b) front view, (c) plan 

view, (d) side view 
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Fig. 3.21. 9th mode shape, f=0.42366 Hz, (a) general view, (b) front view, (c) plan 

view, (d) side view 

 
Fig. 3.22. 10th mode shape, f=0.5811 Hz, (a) general view, (b) front view, (c) plan 

view, (d) side view 

Figures 3.13 to 3.22 present the four views of each vibration mode (general, front, 

plan and side views). The natural frequencies vary from 0.145 Hz to 0.581 Hz. Among 

the ten mode shapes, the decks vibrate prior to the towers, and the decksô movement 

starts from only horizontal or vertical or twist movement to coupled twist and horizontal 

movements. The lowest natural frequency of 0.145 Hz corresponding to the first mode 

being the first horizontal bending motion of the bridge deck (Figure 3.13) which is 

almost symmetric. The second horizontal bending motion of the bridge deck, 
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corresponding to the 7th mode shape as illustrated in Figure 3.19, which is an 

asymmetric mode at a natural frequency of 0.358 Hz. The first two natural frequencies 

for the lateral bending modes of the bridge deck are well separated. The first vertical 

motion of the bridge deck is symmetric at a natural frequency of 0.172 Hz (2nd mode 

shape in Figure 3.14), and the second one is asymmetric at a frequency of 0.192 Hz (3rd 

mode shape in Figure 3.15). Unlike the horizontal vibration motion, the first two 

frequencies for the vertical motion of the bridge deck are quite close. The lateral motion 

dominates the vibration of the towers. The first lateral motion for the towers is 

symmetric at a natural frequency of 0.253 Hz (4th mode shape in Figure 3.16). The 

towers move in opposite direction at a frequency of 0.256 Hz (5th mode in Figure 3.17). 

The early occurrence of tower vibration modes may imply that the towers used in the 

bridge are relatively slender (Zhu, 2014). The first torsional mode dominates the deck 

in symmetric motion at a natural frequency of 0.324 Hz (6th mode shape in Figure 3.18). 

The second one is an asymmetric vibration mode of the main deck at a frequency of 

0.424 Hz (9th mode shape in Figure 3.21). The first two torsional modes of the bridge 

deck are not so close.  

The widely accepted natural frequency data published by Hui et al. (2006) is 

compared with the results from this study in Tables 3.5-3.6.  

 

Table 3.5. Comparison of natural frequencies and mode shapes 

 

Mode No. Natural Frequency (Hz) Mode shape Mode No. Natural Frequency (Hz) Mode shape

1 0.145 S-H-deck 1 0.145 S-H-deck

2 0.19 A-H-towers 2 0.172 S-V-deck

3 0.197 S-H-towers 3 0.192 A-V-deck

4 0.201 S-V-deck 4 0.253 S-H-tower

5 0.246 A-V-deck 5 0.256 A-H-tower

6 0.302 A-V-deck 6 0.324 S-T-deck

7 0.311 S-V-deck 7 0.358 A-H-deck

8 0.361 A-H-deck 8 0.387 S-V-deck

9 0.376 A-V-deck 9 0.424 A-T-deck

10 0.422 S-V-deck 10 0.581 A-T-V-deck

Published natural frequency by Hui, et al. Natural Frequency from finite element model

S : symmetry, A : asymmetry, H : horizontal, V : vertical, T : torsion
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According to the data published by Hui et al. (2006), the mode shapes are different 

from the results of this finite element model, except the first mode shape, in which both 

sets of results have the same dominant mode shape with symmetric horizontal deck 

motion. The second horizontal motion of vibration of the bridge deck happens at the 8th 

mode at a natural frequency of 0.361 Hz. The first two natural frequencies in horizontal 

motion of the decks are relatively separate. In the investigation of Hui et al. (2006), the 

towers have bending movement at a lower frequency compared to this finite element 

model. However, the two lateral modes dominating the towersô movement at natural 

frequencies of 0.19 Hz and 0.197 Hz, respectively, are close and have an early 

occurrence as the results of the current FE model. The first two vertical modes dominate 

the main deck movement at natural frequencies of 0.201 Hz and 0.246 Hz, respectively. 

The first two natural frequencies in the vertical modes of vibration are quite close, 

which is also the same as the result from the current FE bridge model. However, the 

torsional motion of vibration is not observed within the first ten mode shapes in the 

results reported by Hui et al. (2006).  

 

Table 3.6. Difference between published data and current bridge finite element model 

 

 

Table 3.6 tabulates the natural frequencies for the first ten mode shapes resulting 

Published natural

frequency by Hui, et al.

(2015)

Natural Frequency from

finite element model

Mode No. Natural Frequency (Hz) Natural Frequency (Hz)Difference

1 0.145 0.145 0.06%

2 0.19 0.172 9.34%

3 0.197 0.192 2.55%

4 0.201 0.253 -26.08%

5 0.246 0.256 -4.15%

6 0.302 0.324 -7.23%

7 0.311 0.358 -15.21%

8 0.361 0.387 -7.29%

9 0.376 0.424 -12.68%

10 0.422 0.581 -37.70%
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from Hui et al. (2006) and the current investigation, as well as the difference between 

both sets of numerical data. From the results presented in Table 3.6, it is noted that the 

natural frequencies associated with the first ten modes are not so different from both 

sets of results (within 15% difference), except for the fourth and tenth modes, wherein 

the frequencies obtained by the current model are slightly higher. Overall, the 

differences in natural frequencies range from 0.06% to 37.7%. The first mode has the 

closest frequency to the published one, which means that the most fundamental 

frequency is the same for both models. The fourth and tenth modes have frequency 

differences of 26.8% and 37.7%, respectively. The higher differences may be caused by 

the different element properties or constrains adopted by each model. The remaining 

frequency differences are acceptable, within a 15% range. Although the difference in 

frequencies from both sets of models tends to increase for higher mode shapes, the first 

ten modes are very important because these are the most likely to occur for the bridge, 

within tolerant differences.  

In addition to Hui et al.ôs work (2006), Larsen and Larose (2015) also mentioned 

in their study the frequency results of the Stonecutters Bridge. The basic eigenmodes 

of the Stonecutters Cable-stayed Bridge are shown in Figure 3.23, separating the 

vertical, lateral and torsion movements. It can be seen that the lateral movement of the 

deck also occurs in the first mode shape at 0.145 Hz. Each movement is well separated 

in these eight mode shapes and no coupled modes appear. The lateral and vertical 

movements are observed in the lower frequencies, which range from 0.145 Hz to 0.361 

Hz, and the deck starts to twist at a frequency of 0.428 Hz.  

The results from the FEM model of the Stonecutters Bridge by Larsen and Larose 

(2015) are compared with Hui et al. (2015) results and the FEM of the bridge used in 

the current study, as presented in Table. 3.7. The FE bridge model in the current study 

shows similar eigenmodes as the frequencies corresponding to lateral and vertical 

modes obtained in the current study are close to both sets of published results, while 

those corresponding to the torsional modes are slightly lower.  
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Table 3.7. Comparison of frequencies by different models 

 

FEM by Larsen and

Larose (2015)

FEM by Hui et

al. (2015)
FEM in this study

1st vertical (sym) 0.191 0.201 0.172

2nd vertical (asym) 0.233 0.246 0.192

1st lateral (sym) 0.145 0.145 0.145

2nd lateral (asym) 0.361 0.361 0.358

1st torsion (sym) 0.428 0.425 0.324

2nd torsion (asym) 0.592 x 0.424

Natural Frequency (Hz) of the Stonecutters Cable-stayed

Bridge

x: the value is not listed in the reference

Eigenmode
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Fig. 3.23. Side view and top view of basic eigenmodes in the Stonecutters Bridge 

(Larsen and Larose, 2015) 

In general, the results reported herein are in line with Larsen and Huiôs outcomes. 
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The fundamental frequency and corresponding mode shapes of current FE model in this 

study are same as that of reference models, while the most frequencies of the first 10 

modes show close values to published results. Therefore, the finite element model in 

this research is considered to be valid to proceed with the static and dynamic analyses. 
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Chapter 4 - Static behavior 

In this chapter, the finite element model is statically analyzed under the effect of gravity 

load only. First, the response of the bridge to service loads is checked against design 

serviceability state criteria. Then, different corrosion scenarios are introduced to study 

the behavior of the bridge with affected stay cables. With only gravity load applied, the 

chapter presents the changes in deflection of the main span and the relative change 

ratios of cable stresses for different corrosion levels, locations and distributions. 

Comparisons are made against the reference case where no stay cable is affected by 

corrosion. 

4.1. Serviceability limit state check 

The behavior of the finite element model of the Stonecutters Bridge under service loads 

was checked against serviceability requirements specified in design standards. In 

particular, the serviceability limit state (SLS) is that associated to the bridge deck 

deformation under service loads. The Stonecutters Cable-stayed Bridge was designed 

based on the Hong Kong Structures Design Manual for Highways and Railways (SDM) 

and supplemented by British Standard BS5400 and other codes (Falbe-hansen et al., 

2004). Due to lack of access to the design code from Hong Kong, the Canadian highway 

bridge design code CSA-S6-06 was used as a reference. 

Table 4.1 presents the different load factors and load combinations specified in 

CSA-S6-06. The SLS combination 1 which contains both dead and live loads in the 

table was chosen to check for the serviceability limit state of the bridge. Due to the lack 

of design information, the calculation was simplified by applying the dead and live 

loads on the decks. The load factors for the dead and live loads are 1.00 and 0.90, 

respectively. The dead load of each component can be automatically applied, when 

defining the material density of the materials used in ABAQUS. Under transitory loads, 

clause 3.8.3 of CSA-S6-06 specifies the live load. The CL-625 truck, which has a gross 
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weight of 625 kN, was used to determine the live load due to its widespread use as a 

lower limit in designing interprovincial transportation roads and bridges. The truck load 

and lane load are shown in Figure 4.1. As explained in clause 3.8.3.3, the lane load 

reduces each axle load to 80% and superimposes a uniformly distributed load of 9 kN/m. 

Then, the axle loads and the uniform distributed loads are applied to the bridge model 

with the factor of 0.90. When the axle loads move at the center point of the main span, 

the critical deflection can be observed as shown in Figure 4.2.  

 

Table 4.1. Load factors and load combinations (CSA-S6-06) 

 

 

 
Fig. 4.1. Lane load definition (CSA-S6-06) 
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Fig. 4.2. The deck deflection in SLS  

The result in Figure 4.2 shows the maximum deflection is ωȢπςρπm at the 

center point of the main span. In the design code CSA-S6-06, the deflection limit of a 

long-span cable-stayed bridge is not clearly defined. In other references, the deflection 

limit for cable suspended bridges is L/300 (Vickneswaran and Eyre, 2013), where L is 

the main span length, and the allowable deflection due to live load for a long-span cable-

stayed bridge is defined as L/400 (Thu and Khaing, 2014). In this research, the finite 

element model represents a long-span cable-stayed bridge, which should meet the 

deflection requirement of L/400. The allowable deflection for this model is 2.55 m, 

which is larger than the maximum deflection of ωȢπςρπm under SLS, ensuring 

the finite element model meets SLS requirements. In the following analyses, the live 

load is ignored, and only the dead load was applied for the static analysis.  

4.2. Distribution of cor roded cables 

The static analysis was conducted for different case scenarios in which cables are 

damaged to various levels of corrosion and positioned at different locations over the 

length of the twin decks of Stonecutters Bridge model. To simulate the cable corrosion 

cases, which consider both symmetric and asymmetric distributions, and to identify the 

critical case, the corroded cables are placed in symmetric and asymmetric positions 

with respect to the middle point of the deck. The design of this bridge is conservative 

in terms of strength and number of cables. Losing one single cable due to corrosion 

might not have significant effect on the overall response of the bridge. However, no 
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research is available for groups of several corroded cables, which could have a 

significant impact on the structural response of the bridge. In this research, a group of 

eight cables were selected for corrosion simulation, and these were classified into four 

major configurations which are shown in Figure 4.3.(a) to (d). Note that corroded cables 

are denoted as orange in Figure 4.3.  

 

 

(a) 

 

(b) 

 

(c) 

 

(d) 

Fig. 4.3. Four major corroded configurations with respect to middle point of the span: 

(a) major case 1, (b) major case 2, (c) major case 3, and (d) major case 4 
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In these four major cases, each dot represents one cable, and the middle line 

represents the midpoint of the bridge deck. The 32 stay cables in the vicinity of the 

middle of the span are represented by 32 dots for simplification. The cables affected by 

corrosion in the bridge model are colored orange, and the rest of the unaltered cables 

are colored blue. Each cables corrosion case is meant to excite certain types of motion 

of the deck and to engage certain types of mode shapes. The purpose of selecting cables 

corrosion case 1 (Figure 4.3 (a)), where cables from every side of the bridge are 

corroded, is to affect the vertical vibration modes of the deck. Cables corrosion cases 2 

and 3 (Figures 4.3 (b) and (c)), in which the corroded cables are asymmetrically 

distributed relative to the longitudinal axis, are meant to provide more flexibility to the 

dynamic loadings exciting the torsional vibration modes. Cables corrosion case 4 

(Figure 4.3 (d)), in which all the affected cables lie on the east side of span, is meant to 

facilitate the excitation of the vertical and torsional vibration modes. However, case 4 

also has the purpose of making these mode shapes asymmetric. 

Within each major cable corrosion case presented above, several subcases were 

also simulated, in order to investigate the response affected by the distance of the 

corroded cables from the middle point of the span. Subcase examples for major case 3 

are shown in Figure 4.4, while the rest of the subcases are presented in Appendix D. 

Each corrosion subcase affects the cables at different locations along the deck. For 

example, for the cables corrosion case 3, the subcase 3-1 affects the cables closest to 

the middle point of the span, whereas subcases 3-2 and 3-3 affect cables slightly away 

from the middle of the deck, as it can be seen in Figure 4.4(a) to (c). Finally, within 

each subcase, different levels of corrosion were investigated: 25% corrosion level, 50% 

corrosion level, and 75% corrosion level. The percentage corrosion level denotes the 

percentage loss of cross-sectional area of the cable. The three different corrosion 

damage levels consider slight corrosion, medium corrosion and severe corrosion, 

respectively. It is unlikely that a 75%-corrosion damage would be found on an in-

service bridge; however, the most severe corrosion case closely represents when a cable 
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has ruptured. 

 

 

(a)  

 

(b)  

 

(c)  

Fig. 4.4. Subcases of major case 3: (a) subcase 3-1, (b) subcase 3-2, (c) subcase 3-3. 

 

The nomenclature used herein to distinguish the subcases is ñm-n-a,ò where m is 

the major case number, n is the subcase number, and a is the corrosion level represented 

by the percentage in area reduction in the affected cables. For example, case 3-1-50 

represents the major cables corrosion case 3 (both sides of the bridge along with a single 

deck affected), subcase 1 (cables closest to the mid-span affected), with a corrosion 

level of 50% in the affected cables.  

In the current study, the corroded cables were simulated by reducing the effective 
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area of the cable cross section. The corrosion level employed for each affected cable 

does not change the elastic modulus of the cables; however, it changes the ultimate 

strength and yield strength of the cable. This assumption was also employed by other 

studies (Li et al., 2012), where a couple of corroded wires from a replaced cable were 

tested from Figure 2.13. The current model didnôt change the ultimate strength, yield 

strength and the elastic modules because the maximum cable stress for the SLS case in 

the static condition was 110 MPa (Figure D10 in Appendix D) which is below the yield 

strength. Changing the effective cross-sectional area can properly simulate the 

corrosion condition of the cables, because corrosion leads to loss of steel. Three 

different degrees of corrosion were selected as 25%, 50% and 75%. Each corrosion 

level is defined by the Eq. 4.1  

 Á ρ
ὃӶ

ὃ
ρππ (4.1) 

 

where: a is the corrosion level (%) 

A is the total cross-sectional area 

ὃӶ is the effective corroded cross-sectional area 

 

 The design life for the Stonecutters Bridge is 120 years (Kite et al., 2007). 

According to Eq. (2.5) and Figure 2.9 in Chapter 2, the time to reach a certain corrosion-

induced damage in the cable can be approximated. For this bridge model, the corrosion 

current density was assumed to be 125 ˃A/cm2, a value taken from Figure 2.9, for 

galvanized wires sustaining a tensile stress of 110 MPa. The 1st to 8th cables on WN, 

EN, WS and ES sides were corroded for the numerical analyses. Due to the different 

diameters along the cables, the smallest diameter which needs less time to reach the 

effective cross-sectional area was 182 mm among the affected cables. When substituted 

into Eq. (2.5), the estimated time for a 25%, 50% and 75% corrosion level is 15.7, 31.4 

and 47.1 years, respectively, assuming a constant corrosion rate over that period. The 
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real time may be slightly longer due to protection provided by the outer sheath, but still 

within the service life of the bridge. Therefore, the assumed corrosion levels in the 

analyses could happen during the bridgeôs service life. 

4.3. Deck deflection comparison 

4.3.1. Effect of corrosion level 

The Stonecutters Bridge is a cable-stayed bridge with twin decks which has the cables 

connected to the lateral edges of each deck, thus resulting in four fans of bridge stay 

cables. The deflections of both sides of the decks under the effect of the gravity load 

are analyzed in the current section, and the deflections of the main span are represented 

in Figure 4.5(a) to (h) for different cables corrosion subcases. 

 

 

(a)  
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(b)  

 

(c)  

 

(d)  
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(e)  

 

(f)  

 

(g)  
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(h)  

Fig. 4.5. Deflections of both decks with different degrees of corroded cables. (a): 

South deck for subcase 1-1; (b) North deck for subcase 1-1; (c) South deck for 

subcase 2-1; (d) North deck for subcase 2-1; (e) South deck for subcase 3-1; (f) North 

deck for subcase 3-1; (g) South deck for subcase 4-1; (h) North deck for subcase 4-1. 

 

Figure 4.5(a) to (h) plot the deflection of the decks for each scenario, with respect 

to the reference case. Note that the óreferenceô case represents a bridge model without 

corroded cables. The positive coordinates represent the west side of the deck, with 

respect to middle point of the span, and the negtive ones correspond to the east side of 

the deck. 

Figure 4.5(a) and (b) show the deflections of both decks for subcase 1-1 with 

different corrosion levels. The maximum deflections are χȢρτρπ m, χȢρψ

ρπ m and χȢςχρπ m for subcases 1-1-25, 1-1-50 and 1-1-75, respectively. 

The deck deformed symetrically, and the maximum deflection happened in the middle 

of the deck. Subcase 1-1 with 25% corrosion damage registered a deflection close to 

the reference case, which had no corroded cables and a deflection of χȢρςρπ m. 

The deflections of both decks for subcase 2-1 are shown in Figures 4.5(c) and (d). The 

maximum deflections for subcases 2-1-25, 2-1-50 and 2-1-75 are χȢρφρπ m, 

χȢςτρπ  m and χȢσχρπ  m, respectively. However, the deformation of 

both decks are asymmetrical, and the maximum deflection happened at 0.7 m, 2.3 m 
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and 3.91 m from the middle in the west side for the south deck, and at -0.7 m, -2.3 m 

and -3.91 m from the middle in the east side for north deck. Figure 4.5(e) and (f) present 

the deflection of both decks for subcase 3-1. Owing to the presence of the corroded 

cables only on the north deck, the maximum deflections for the north deck are 

χȢςφρπ m, χȢτωρπ m and χȢψτρπ m for subcases 3-1-25, 3-1-

50 and 3-1-75, respectively. On the south deck, the maximum deflections are 

χȢπχρπ  m, χȢπτρπ  m and χȢπτρπ  m for the three different 

corrosion levels. The deflections on the south deck are also slightly lower than those of 

the reference case, which is χȢρςρπ m. Both maximum deflections occured in 

the middle of the span. Figure 4.5(g) and (h) demonstrate the deflections of both decks 

for subcase 4-1. The largest deflection observed in subcases 4-1-25, 4-1-50 and 4-1-75 

are χȢρχρπ  m, χȢςψρπ  m and χȢτψρπ  m, respectively. Both 

decks have an asymmetric deformation, and the largest deflection occurs in the west 

side. The maximum deflection and corresponding location for each case are presented 

in Figure B4 of Appendix B. 

The maximum deck deflection was encountered when the cables have the worst 

corrosion condition, namely 75% corrosion level. As a consequence, both decks had 

the largest vertical deflection for the subcases with less effective cable cross-sectional 

area. Because the design for the bridge is conservative, the 25% corrosion level does 

not result in much higher deflection than the reference case. Since the deck is still 

supported by the other heathy cables, the deflection of the deck caused by 50% and 75% 

corrosion levels is not double that of 25% corrosion level. For the symmetric cases such 

as major case 1, the increasing vertical deflection due to an increase in the degree of 

cable corrosion occurs on both decks. As for major case 3, in which the corroded cables 

are located on the north deck only, similar changes are observed on the north deck 

deflection; however, the south deck is slightly lifted with increasing corrosion level to 

counterbalance the deformation in the north deck. Moreover, the maximum deflection 

occurs at the mid-span due to their symmetric distribution. As for major cases 2 and 4, 
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which have asymmetric distributions with respect to the centerline at mid-span, the 

largest deflection does not happen at the middle point of the span. Due to the 

imbalanced distribution of corroded cables in subcase 2-1, the largest deflection 

happens close to the corroded cables location. As for subcase 4-1, in which all the 

corroded cables are located on the east side, the slope of the east side is larger than that 

of the west side, resulting in the largest deflection encountering on the west side of the 

deck.  

4.3.2. Effect of distance from mid-span 

The different cable corrosion subcases illustrated in Figure 4.4(a) to (c) show that the 

distance between the location of the corroded cables and the mid-span influence the 

maximum deflection of the decks and their corresponding point along the deck where 

this is registered. In this section, the location of the corroded cables along the deck is 

investigated for the four major cases for 75% corrosion level in the cables, since this 

can cause the most critical deflection condition for the bridge deck. 

 Figure 4.6(a)-(h) illustrate the deflected shape of the south and north decks for 

major cases 1 to 4, and their corresponding subcases with a corrosion damage in the 

cables of 75%. It can be noticed that when the corrosion level is the same for each 

affected cable, the location of the corroded cables with respect to the mid-span makes 

the main span behave differently under the effect of the gravity load. 

 

(a)  
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(c)  

 

(d)  
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(f)  

 

(g)  
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(h)  

Fig. 4.6. Vertical deflection of the main span for different subcases with 75% 

corrosion level, (a) South deck for major case 1; (b) North deck for major case 1; (c) 

South deck for major case 2; (d) North deck for major case 2; (e) South deck for 

major case 3; (f) North deck for major case 3; (g) South deck for major case 4; (h) 

North deck for major case 4. 

 

For the major case 1, it was noticed that the deck deflection increased as the 

corroded cables were located away from mid-span, and it registered values in the range 

ofχȢςχρπ m to χȢσχρπ m, as it can be noticed in Figure 4.6(a) and (b). 

The smaller deflection, represented by the purple line in these graphs corresponds to 

the reference case, where no corrosion was applied to the cables, which had a maximum 

deflection of χȢρςρπ m. The subcase 1-1-75 registered a small deflection for 

the bridge deck, closer to the reference case; however, for the subcases 1-2-75 and 1-3-

75, the deflections of the deck registered higher values of χȢσχρπ  m and 

χȢσυρπ m, respectively. Also, for these two subcases, the deck deflection had 

similar distribution along the span, because the arrangement of the corroded cables was 

symmetric with respect to the mid-span. As for the major case 2 shown in Figure 4.6(c) 

and (d), the vertical deflection also increased for each subcase. The subcases 2-1-75, 2-

2-75 and 2-3-75 registered maximum deflections of χȢσχρπ m, χȢσψρπ 

m and χȢςωρπ m, respectively. The deflection for subcase 2-3-75 is closer to 
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the reference case. Subcases 2-1-75 and 2-2-75 have a similar deflection at 3.91 m and 

6.11 m from the mid-span on the east side of north deck and west sides of the south 

deck. However, the location corresponding to the maximum deflection registered for 

subcase 2-3-75 is at 2.91 m, which is closer to the middle point of deck than the other 

two subcases. The maximum deflection occurred at the corresponding location of 

corroded cables. For the major case 3 in Figure 4.6(e) and (f), the deck deflection was 

observed in the range of χȢπτρπ m to χȢρςρπ m for the south deck and 

χȢυφρπ m to χȢψτρπ m on the north deck. The subcase 3-1-75 registered 

a larger deflection of χȢψτρπ  m for the north deck and a smaller one of 

χȢπτρπ m on the south deck. On the contrary, the subcases 3-3-75 registered a 

larger deflection of χȢυφρπ  m on the north deck and a smaller deflection of 

χȢρςρπ m of the south deck. The deck deflections for these three subcases were 

similar, for which the maximum deflection was registered at the middle point of deck, 

due to their symmetric corroded cables arrangement with respect to the mid-span. 

Figure 4.6(g) and (h) presented the deflection of major case 4. The increased deflection 

was spotted with respect to the reference case, and the values for subcases 4-1-75, 4-2-

75 and 4-3-75 were registered, which are χȢτψρπ  m, χȢτσρπ  m and 

χȢσυρπ m, respectively. The subcase 4-1-75 determined a higher deflection at 

3.51 m on west side, while the subcases 4-2-75 and 4-3-75 had smaller deflections at -

3.11 m and -7.11 m, respectively.  

Major cases 1 and 2 show similar deck deflection trends for the corresponding 

subcases, with increasing vertical deflection when the corroded cables are located 

further away from the mid-span. On both decks, the maximum deflection of subcase 2 

is larger than that of subcases 1 and 3 in major cases 1 and 2. For major case 1, when 

there are only two corroded cables on each side, the 3rd and 4th cables from the middle 

point take more load to support the deck, with the largest deflection due to cable 

corrosion occurring at mid-span. When the corroded cables are the first 4 cables from 

the middle point as subcase 1-3-75, the deflection of the decks is not increased at mid-
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span but is slightly higher at the ends of the span. For major case 2, in which the first 

four cable from mid-span are corroded on two different sides of each deck, the 

deflection pattern is similar for subcases 2-1-75 and 2-2-75, with the largest deflection 

for subcase 2-2-75. Moreover, the largest deflection occurs on the side where corroded 

cables are located along each deck. However, the corresponding location of maximum 

deflection for subcase 2-3-75 is closer to the mid-span due to the asymmetric 

arrangement. This unbalanced deflection between the two decks would create a twist 

of both decks as subcase 2-3-75 has less deflection than the other two subcases shown 

in Figure 4.6(c) and (d).  

The subcases 3-1 and 4-1 are the most critical cases for both major cases 3 and 4, 

proving the importance of the 1st to 4th cables on all sides with respect to the middle 

point. The south deck deflection slightly increased comparing to the reference case 

deflection as shown in Figure 4.6(e) to counterbalance the north deck where the cables 

were damaged. On the north deck, however, the highest deflection occurred at mid-

span, and the corroded cables, which cover the 1st to 4th cables from the mid-span in 

subcase 3-1, lead to the largest deflection compared to the other subcases, in which the 

healthy cables located within the four cables supported the mid-span and prevented the 

deck from deflecting more. For the major case 4, both decks have the same deflection. 

The subcase 4-1, in which four corroded cables were located on both decks of the east 

side, registered the largest deflection due to the same reason as subcase 3-1. Because of 

asymmetry in the distribution of corroded cables relative to the mid-span, the location 

of the largest deflection was spotted from the west side to the east side, as the location 

of corroded cables was shifted away from the mid-span.  

4.3.3. Effect of corroded cables distribution 

The impact on the bridge deck deflection created by the distribution of the corroded 

cables has been investigated by comparing the same subcases of the four major cases 

investigated, namely: 1-1, 2-1, 3-1 and 4-1, 1-2, 2-2, 3-2 and 4-2, 1-3, 2-3, 3-3 and 4-3. 

The deck deflection comparisons are presented in Figures 4.7(a) to (f) for the most 
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advanced corrosion damage of 75% cross-section loss. 
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