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STRESSES AND DEIFORMATIONS ON

BRACED CUTS IN SANDS

Gunther Erwin Adolf Bauer, Ph.D.
Department of Civil Engineering

University of Ottawa, 1969

An experimental and analytical investigation has
béen conducted with the objective of finding a general relationship
between the deformation of a braced cut in dense sand and the cor-
responding earth pressure distribution. The presenfly existing
theories are scrutinized with respect-to their applicability to the
problem presented. A new solution is presented Dbased
on Dubrova's analysis (1963) which related qualitatively and.qﬁanti—
tatively the active earth pressure distribution to the mode of defor-
mation of the cut. The theoretical solution gives expressions for
four different deformation patterns which can be possibly expected
on a braced excavation. Different values of angles of internal fric-
tion and different wall friction angles are considered. In each type
of movement the total'active pregsure is equal to the Coulomb value.
The analygical investigation further examines the solutions for the

coefficient of earth pressure at rest as proposed by Timoshenko (1934),

Jaky (1944), and Hendron (1963).



The passive earth pressure is evaluated theoretically
taking into account the roughness of the wall, plane ana curved sur-
faces of sliding.

The phenomenon of soil arching is investigated and
the two different concepts suggested by Terzaghi (1954) and Tschebotarioff
(1952) are clarified.

The hydrodynamic conditions of the braced excavation

are examined and compared to the theoretical and empirical solutions
proposed by Bazant (1963), Marsland (1953), McNamee (1949), and
Ordujanz (1954).

The experimental part was carried out on a full scale
braced excévation which reached a depth of 50 feet. The quantities
measured were] the earth pressures on two test piles, the pore water
pressures, the horizontal deformations of the test section, and the
strut loads. Field and laboratory tests supplied the necessary soil
data. |

The experimental results from the earth pressure cellg
lead to the conclusion that the lateral earth pressure distributiﬁn
on the wall can be predicted by the theory outlined, if
the deformation can be predicted and can also be controlled during
construction.

| - After the excavation reached its final depth, the

magnitude of the earth pressure can be calculated by Coulomb's theory.




The measured K-values assumed an average minimum
value of 0.15 after a horizontal strain of 5 per cent was reached.

It is therefore concluded that when this soil strain is exceeded the
soil mass will be in a completely active state. It is held that

this will be similar for other cuts in dense sand having similar soil
properties and deformation behaviour.

The active earth pressure reached a minimum value
after the wall had yielded a certain amount. Any further yield of
the wall did not change the earth pressure. From this observation
the shear strength does not appear to decrease with large strains and
therefore the peak shear strength should be used.

The sheet pile penetration depth and the installed
well point system did not prove entirely sufficient to prevent local

boiling within the excavation.
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CHAPTER 1

INTRODUCTION

1.1 General

The problem of earth pressure on an engineering struc-
ture is one of the most basic and central topics of Civil Engineering.
The desién of retaining walls, braces for open cuts, thevstability of
natural slopes, or the determination of rock pressures on shafts or
tunnel linings requires the solution of special earth pressure problems.
In these different cases the knowledge and possible change of the mag-
nitude and distribution of earth pressure is vital in the design of a
safe and economic structure.

There are a variety of theories available for calculat-
ing earth pressures on retaining structures, such as theories based on
the concept of elasticity and plastiéity; extreme and empirical methods.
But in order to be fully satisfactory a general earth pressure theory
should enable a reasonable correct calculation corresponding to any
assumed movement of the retaining structure. Therefore all theories and
methods listed above will have to be scrutinized from this point .of view.

Solﬁtions based on the theory of elasticity are based on
simplifying assumptions and do not fully describe the behaviour of the
soil. Moreover, they are mathematically complicated and have the inhe-
rent defect of not giving any information about the'safety against ultimate

3

failure.
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Theories based on the plasticity concept may be very
valuable, but they are only correct when the boundary conditions are
properly satisfied. They also assume a zone rupture and therefore
canﬁot be applied to line ruptures.

Extreme methods have so far given the best results as
compared to experimental facts as far as the magnitude of the earth
pressure is concerned. The distribution is assumed to be independent
of the soil strain.

é Empirical methods may be very useful,.but since they are
g neither based on any theoretical concepts nor are they generally appli-

cable, their usefulness is limited to the conditions for which they were

originally developed.
None of the above mentioned theories satisfy the requi-

rements of a general earth pressure theory, at least not in their present

form.

1.2 Statement of Problem

e L et fee i v ard e s

The design of the structural components of a bracéd ex-
cavation requires a knowledge of the forces and deformations transmitted
from the soil to the structure. An evaluation of these forces and
movements is necessary in order to guaranty an economical and safe struc-

; ture. The compléxity of this problem is further increased by the depen-
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dency of the stresses, with respect to magnitude and distribution,
on the deformation behaviour of the structure.

At present, however, a systematic description of the
stress—-deformation behaviour of even dry granular material is not
available. No satisfactory theoretical solutions exist to date which
relate the earth pressure distribution to the deformation of the struc-
ture. The actual shape of the earth pressure distribution curve de-
pends on the type and number of struts and the strain mobilized within
the retained soil mass. Due to the deformation of the wall, the dis-
tribution as well as the magnitude of the earth pressure changes.

Before a retaining structure collapses a considerable redistribution of
stresses within the soil due to shear forces has taken place. This
results in an increase of pressure on the less yielding parts of the
structure and a corresponding decrease at the more flexible parts. This
phenomenon imposes the important question of whether the sheeted structure
should be designed for one pressure distribution only, should several .
types of distribution be considered, analogous to the different loading
diagrams in structural engineering, or should an envelope containing any
possible pressure distribution be used. A partial answer to this question
can be found from measurements on a prototype structure.

Thetre are.many theories which the designer can employ to
calculaté the total earth pressure on the retaining structure. But no

theory in soil mechanics should be adopted for practical use without ample



proof by field observations that the theory will be at least reasonably
accurate. As pointed out earlier the magnitude of earth pressure will
also change with the deformation of the cut which in turn will depend
to a large extent on the type of bracing and the construction methods.
Recently; a number of new or improved techniques have appeared. Rarely
can a theory take all these factors into consideration. But it is of
extreme importance to know if the theory employed gives an upper or
lower boundary value.

The mode of soil deposition and subsequent geological
History will undoubtedly effect the magnitude and distribution of the
earth pressure acting on the cut. Laboratory tests or large scale model
tests cannot simulate or completely reproduce these conditions. Full-
scale tests may evaluate these effects provided the soil profile is
known and the geology is fairly simple.

To date only three reliable full-scale measurements have
been made in sandy soils: in the Berlin Subway in 1936 (Spiiker 1937)}
in the New York Subway (White énd Prentis 1940), and in the Munich
Subway (Klenner 1941). Only the strut loads on several sections were
measured in these investigations. The earth pressure distribution was
then computed from the strut loads neglecting the continuity of the
sheet piles. Very little investigation was done concerning the soil
condition' and most of the soii parameters had to be estimated. The de-

sign criteria presently used for determining the structural components
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of a braced cut in sand, such as sheeting, wales, and braces, are
based on these measurements (Terzaghi and Peck 1967) and on the re-
sults of large-scale model tests (Tschebotarioff 1951).

It is evident that the results from the measurements on
the cuts .(Berlin, Munich, and New York), which were obtained more than
a quarter of a century ago, can only provide the answer with respect to
the magnitude of earth pressure acting on the cut. The unknown factors
had to be taken into consideration by allowing an additional factor of
safety. Questions concerning the effect of stress history, influence
of geological conditions, different construction methods, earth pressure
distribution, settlements and deformations, and influences due to hydro-

dynamic conditions remained unanswered.

1.3 Objectives of the Study

The previous sections have indicated the prevailing
state of limited knowledge in this field. The purpose of this investi=
gation was to continue and to further the work toward a better under-
standing of the behaviour of braced cuts in sand.

The main objective was to find a theoretical and experi-
mental relationship between the deformation of a braced cut and the cor-
responding earth pressure distribution. The solution to this problem

3

should relate qualitatively and quantitatively the active earth pressure
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é distribution to the mode of deformation of the cut. The theoretical

relationship should be generally applicable considering different

types of wall movements and a wide range of soil parameters. By con-

:% trolling the deformation it should be possible to control the pres-
sure disFribution on the cut. The relation between pressure distri-
‘bution and deformation as obtained from the experimental test should
either prove or disprove the corresponding theoretical concept.

% The second objective was to scrutinize and to evaluate

the many existing earth pressure theories for calculating the magnitude

of the active and passive earth thrust acting on the braced cut and to

select or to propose a theory which can be used to safely predict these

S Traa L

forces. Preference should be given to a theory which can be readily
applied to different soil conditions, iayered systems, and various
construction methods. The experimental measurements of the forces due
to the active and passive earth pressures were to show the validity of
5 the proposed theory.

: The soil at the test site consisted of medium to heaviiy
overconsolidated dense fine sand and it was proposed to evaluate the
effect of the mode of deposition and the previous stress history of the

soil on the earth pressure, especially at the at~rest condition. The

experimental results should compare with the existing theories.

The soil exploration prior to the construction indicated

e e 3 ket R R i

a very high water table and it was clear that controlling the seepage
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water would be a major problem. Therefore the construction of the
cut would provide an ideal opportunity to study the hydrodynamic
conditions and the adequacy of the sheet pile penetration depth.

The investigation also attempted to clarify the short
comings_in our knowledge of the behaviour of soil as derived from
present testing methods. Suggestions were made és to what type of
tests could be used in order to comply with the actual field behaviour
of the soil.

The experimental investigation also served as a conti-

nuous check on the behaviour of the structure during construction.

1.4 Qutline of Thesis

In the following chabter a general survey is given of
the existing literature on the theories of earth pressures. Previous
experimental work is also reviewed and discussed with respect to braced
open cuts,

Chapter 3 gives a detailed review of the performance

of open cuts. The construction procedures are outlined and their effect

on wall movement is discussed. Tt is also clarified why from the theore-—

tical point of view a braced excavation deforms approximately like a

stiff retaining wall rotating about its top strut level.

Chapter 4 is divided into five main Sections. Section 1
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is a general outline of the problem involved. Section 2 takes a
critical view of present theories employed in calculating lateral
preésures on braced excavations. The validity of assuming different
forms of failure planes are investigated and compared to actual failure
surfaces és‘determined from model tests. One method is emphasized
which shows considerable merit and also takes into account the four
basic modes of wall movement that could occur on a braced excavation.
Lateral pressure distribution envelopes are plotted up for a range

of internal friction and wall friction angles.

In Section 3 the stress—strain relationship for the
cohesionless soil behind the vertical wall is established with respect
to the deformation characteristic and the dilating properties of the
cohesionless soil. The inadequacies'of present laboratory tests are
discussed which usually measure the axial strains whereas earth pres-
sures problems involved lateral strains in two dimensions (plane strain) .
Further the difference in stress-paths qf the prototype and the labora-
tory tests are evaluated. Usually constant strength parameters are
assumed along the failure plane but it is shown that the angle of fric-
tional resistance varies with the soil deformation due to wall displace-

ment.

Much controversy exists about the concept of soil arching

on retaining structures. It is hoped that Section 4 sheds some light
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on this controversy and new concepts of soil arching are proposed.

In Section 5, the hydrodynamic conditions are consi-
defed and a minimum depth of sheet pile penetration is suggested as
a safeguard against bottom heave and boiling.

Chapter 5 describes the general geology soil conditions
and excavation procedures at the excavation studied. The results from
the field measurements are shown, such as, earth pressures, strut loads,

water pressures, and sheet pile movements.

The results from the laboratory tests are discussed with
fespect to applicability to the problem presented and shear strength
parameters for plane strain conditions are proposed.

The experimental fesults are discussed in Chabter 6 and
correlations are also presented which qualitatively and quantitatively
compare the actual behaviour of a full-scale braced sheeted cut and
its lateral earth pressure distribution with the behaviour and distri-
bution suggested by the theory presented in Chapter 4.

In the final Chapter, the summary and conclusions are
presented. Future research which appears warranted as a result of this

study is also suggested.
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CHAPTER 2

HISTORICAL REVIEW OF EARTH PRESSURES

ON RETAINING STRUCTURES

Earth pressure problems have intrigued and challenged cnginéers
and scientists for the last few centuries and they still occupy a po-
sition of paramount importance in the field of Soil Mechanics. FEven
today hardly a year passes without the publication of a new earth
pressure theory, but the basic question still remains: "What is the re-
lationship between the movement of a partly or completely embedded struc-
ture and the resulting forces and stresses at the contact surfaces?"

There are three possible ways of finding a solution to this
problem: from the thcoretical point of view, from results based upon
experimental investigation, or from utilizing the knowledge derived from
practical experience. Néne should be given preference; théy rather
should be considered to supplement one another. Each approach has ité
limitations. Due to the complexity of the problem, simplifying éssump—
tions have to be made in each category and most solutions obtained are
only valid for a particular case of the problem. Much too often these
assh&ptions have been and still are ighored or even forgotten by the
practising engineef and the theory is applied with little regard to its

range of validity. Even results from large scale model tests should be
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interpreted with care since a complete simulation of the prototype is
hardly possible. The same is equally true for measurements of actual
strﬁctures, each being exposed to different conditions and construction
procedures.

‘A theoretical treatment of this problem was the most natural
approach, because of the initial experimental difficulties and the
desire to base any new concept on a sound theoretical foundation. To
measure a stress there must be a certain strain and this deformation
then falsifies the stress field in the environment of the measuring
deﬁice. Coulomb in 1776 was the first person to supply a mathematical
correct solution to the above question. His analysis was based on two
main assumptions: firstly, that the failure surface was plane, and
secondly, that the thrust on the wall.acted in some known direction
Once these assumptions had been made, the resultant thrust on the wall
could easily be determined by simple consideratioms based on statics,
Coulomb's theor&, at least in its original form, has a considerable
historical significance, since it was the first earth pressure theory to
solve the problem correctly from the point of view of mechanics based on
the frictional resistance of the soil, T=C + ¢ tan ¢, which is also
referred to as Coulomb's law of shearing resistance.

From the many possible failure planes through the toe of the
wall one mdst choose the surface for which the earth pressure resultant

attains an extreme value, a minimum for the passive pressure and a maxi-
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mum for the active. Coulomb's method does not let us determine either
the earth pressure distribution on the back of the wall or the location
of the center of pressure. This difficulty is overcome by assuming a
hydrostatic pressure distribution which assumes that the pressure on
the wall increases linearly with depth. The laws of equilibrium for the
soil wedge can only be satisfied if the distribution of pressure along the
rupture surface is triangular, the ground surface horizontal and the back
of the wall smooth. This means that either the earth pressure distribu-
tion is not hydrostatical, or the rupture-line is not straight, or both.
Actually, Coulomb's method must be considered as an approximate means of
calculation a zone-rupture; in this case the actual earth pressure distri-
bution is hydrostatical, but the actual fupturc line is usually not
straight. Tt has been found from large and full scale measurements
(Terzaghi 1934, Spilker 1937) that the active earth pressures calculated
by means of Coulomb's equation are only a few percent smallef than the
measured values, whereas in the passive case the calculated values may
exceed the actual ones by 507 or more. Consequently, Coulomb's me thod
should only be used for active cases and only then when certain deforma-
tion characteristics of the wall are satisfied and will bring about a
state”of failure at any point along the failure slip plane.

' ?he earliﬁt recorded experimental work was done in 1720, by
the Frenchman Belidore, who concludedlfrom his observations that the

surface of rupture was on a slope 1:1, this was later modified by Mayniel

IS .
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(1808) to a slope of two horizontal to threc vertical, even though the i
natqral slope of the material (angle of repose) was 1:1. Cauthey, in
1785, was probably the first scientist to perform a complete set of

earth pressure experiments employing a wooden box 30 in. high and 12 in.
wide. He’succeeded in measuring a pressure at five different depths.

The experimental earth pressures were increasing with depth. The same
pressurcs were recorded for different sloping bottoms until it was tilted
to 67.5 deg. to the horizontal. In this way he proved that the material
below that plane had no effect on the pressure against the vertical wall.
Most of the earlier experiments were done with small scale equipment in
which the side effects were sometimes greater than the quanfitics to he
measured. The earliest large-scale appafatus was built in Germany by
Woltmann, in 1791, and consisted of a square box 1.15 m by 1.15 m by

1.72 m long. Until then the vertical test walls were usually hinged at
the bottom to simulate the overturning of a stiff retaining wall. Wolt-
mann has his wall hinged at the top and tested different materials such’
as sand, gravel and rye. The total lateral thfust obtained was aporoxima-
tely half of that given by Coulomb's equation. The vertical component

was disregarded. Also no corrections were applied to compensate for the
effect of side friction of the box. A friction correction of 2/11 of the
measured earth preséure was proposed by Hagen later. Even taking this :
into accouﬁt the total horizontal thrust is much too low as shown in later

years by measurements using more refined apparata and measuring devices. !
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Hagen (1852) repeated Woltmann's test making one major change in allowing
the fill to slope to each side in order to eliminate the effect of side
friction. Due to this, the comparison with theoretical results was dif-
ficult. Lieutenant Hope, in 1845, built several full scale walls made
of brick %j_ft. long and 10 ft. high having various cross-sections.

Tests were carried out with dry and wet sand both in a loose and a dense
state. He concluded that the Coulomb method gives the maximum pressure,
and that also the line of intersection between the fajlure plane and the
ground surfacé agreed closely with the wedge theory.

Collin, in 1848, made a study of the different failure surfaces
and concluded that rupture did not occur along a predetermined surface
but always along a definite surface approximating a plane. In Vienna,
Forchheimer (1882) continued the experiments initiated by Winkler and
determined the angle of the wedge rupture. Although he was experimenting
with a very small test apparatus having different types of walls and
mainly using very fine sand, his angles found agreed closely with the
values as determined by the classical theory {Coulomb).

In 1857, Rankine found a mathematical solution using an enfirely
different approach than Coulomb. Considering the equilibrium conditions
of an infinitely small element at failure in a semi-infinite cohesionless
mass 6% soil, he could show that the rupture figure consisted of two sys—
tems of straight parailel lines, intersecting each other at angles of

90 + ¢. In employing the Rankine theory it is usually assumed that the



15

presence of a wall does not alter the stress in the soil. This implies,
however, that only in special cases will the resulting stress on the
wall have the exact direction consistent with the actual roughness of
the wall. This is the most serious shortcoming of the Rankine theory.
In the special case of a horizontal surface and a smooth vertical wall
the same result is obtained as by means of Coulomb's theory. Since the
horizontal displacement is supposed to have no effect other than to

induce the slip, the factor '

'strain” does not appear in either Coulomb's
or Rankine's theory. Very seldom is the concept of perfectly uniform

lateral strain realized in a natural deposit which therefore limits

this theory to a few special cases only.

The first tests in the United States were performed by Constable

in 1784, but due to using peas as backfill material and a 16 in. wide
test apparatus his results are questionable. An important step forward
was made by Siegler in 1887, who was the first person to control the
amount of motion of the test wall. He also measured the vertical pres-—
sure component. For a rotation about the top of the wall the resultant
was a little above the lower one-third point and for rotation abouf the
bottom the point of application of the resultant fell slightly below the
one-third point.

The tests performed by Muller-Breslau, in 1905, in Germany

are considered as examples of very carefully planned and executed tests

in which he tried to check experimentally Coulomb's assumptions and results.

The following conclusions can be drawn from these experiments:

[ ;o
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(1) The total earth pressure was always smaller than calculated from
Coulomb's equation when the angle‘of friction between the soil and the
wall was greater than zero, i.e. § >O.
(2) TFor 8 = 0 the observed values were smaller than the corresponding
Coulomb valueé.
Miiller-Breslau attributes these deviations to the non-linearity
of the failure surface.
(3) The direction of the total thrust was in no way parallel to the
ground surface as held by previous investigators. For rough walls §
could be as high as 3/4 ¢, but it was recommended to use lower values
for design purposes.
(4) The point of application of the resultant ranged between 0.33 and
0.36 of the height of the wall if there was no surcharge. The effect of
surcharge was to raise the center of pressure above the one--third point.
In 1908, the late J.C. Meem maintained on the basis of his
vast experience in subway construction in New York City that the distri—‘
bution of the earth pressure over the timbering of cuts is decidedly
non-hydrostatic. His measurements showed that the forces in the tép struts
were much 1érger than in the lower ones, and that also the surface of slid-
ing intersected the ground surface at right angles. His statements were
corroborated by similar practical experiences described by Moulton (1920).
Meem's obse?vations have only a qualitative importance due to the crude

!

measuring devices employed and the inadequate soil data supplied, but this

conr v aremans £F
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was the first time that this phenomenon was recorded for braced open cuts.

Kotter in 1903 succeeded in deriving a differential equation
relating the stresses on a slip surface to the curvature. Knowing the
boundary conditions the stresses along any point of the rupture surface
could be calculated. This decreased the degree of indetermination of the
problem by one. The validity of Kotter's equation was originally derived
for cohesionless soils but it also could be applied to soils with cohe-
sion. Until 1940 very little use had been made of this because the
theory is cumbersome and not quite simple. But with the help of modern
computers this difficulty should be overcome.

Since 1910 the development of the different theories of plasti-
city was emphasized chiefly by Saint Venant (1871), von Mises (1913),
Prandtl (1920, 1927), Nadai (1928), and Odquist (1934). Most of the
theories put forward were developed for metals but were modified and
also applied to the problem of earth pressures. Prandtl in 1920 solved
the problem of earth pressure acting on a rough wall for a weightless or
frictionless oil. 1In 1926 von Karman solved the corresponding problem
for soil having both weight and internal frictiomn.

At approximately the same time experimental work was carried out
by Feld (1921) in America and by Fanzius (1924) and Krey (1926) in Ger-
many. Jenkins in 1932 investigated the pressures exerted by dry granular
materials and by submerged sand on retaininé walls having many different

shapes. He concluded that the resultant is inclined to the wall and the

SR ——



18

position may be much higher than the one-third boint. Stability inves-
tigations and earth pressure calculations based on the extreme method
prinéiple, but assuming circular rupture lines, were made by Fellenius
in 1927. The circular rupture line enables a simple analysis to be
made for frictionless soil because the unknown stresses do not enter
into the moment equation about the center of the circle. A correspon-
ding calculation can be made for soils with internal friction when sui-
table logarithmic spirals are used as rupture lines. This is due to the
fact that for such a spiral the angle between the radius vector and the
norﬁal is a constant, and when this angle is equal to ¢ the unknown
normal stresses on the failure surface are directed towards its pole and
consequently do not enter the moment equation about the pole. The first
to make extensive use of this method was Reudulic (1935 and 1940), who
succeeded in determining the general relation between the magnitude of
the earth pressure on a smooth vertical wall and the location of its
pressure center.

In 1934, Terzaghi published a series of five papers about tests
performed in a 7 ft. high and 14 ft. wide earth pressure test apparatus
at M.I.T. The wall was allowed to tilt around its lower edge or to move
parallel to its original verfical position either against or away from
the soil mass. The testing material consisted of dry sand in a loose or
compacted state, saturated sand, fine-grained soils, partly saturated
fill and glacial till. There was a marked difference between the behaviour

of dense and loose sand, and the corresponding hydrostatic pressure ratios

PS——"
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ranged from 0.35 to 0.70 depending on the relative density of the mate-
rial. The maximum passive pressure was reached when the wall yielded
inward through an average distance of about 0.1%7 of the wall height H.
When the wall was moved outward by a distance greater than 0.8% of H,
slip occured and the measureé total pressure corresponded approximately
with the Coulomb value. This was also in agreement with the results
obtained by Muller-Breslau, Feld and others, where after the wall had
undergone a relative small movement the magnitude of the earth pressure
could be determined satisfactorily by the Coulomb theory. Exact agree-
ment cannot be expected when dealing with materials like soils, due to
the well known variation in physical characteristics because of non-uni-
formity. Of general interest is also Ter;aghi's attempt to correlate
the angle of internal friction to the movement of the wall. Substituting

the horizontal component of the total earth pressure acting at an angle

of 6 to the normal of the wall into Coulomb's equation, the angle of inter—

nal friction was calculated for different wall movements. Weil awvare
that the triangular earth pressure distribution did not hold true for
braced cuts Terzaghi developed in 1936 a method taking the deformaéion
into account. He introduced a factor "Ci'', which he called the confine-

ment index and depended on the relative density of the sand as well as on

~

the mode of the lateral expansion of the wall. The form of the factor was

K - Ke

given by Ci:= e , where Kc is equal to the hydrostatic pressure ratio

as determined by Coulomb's method and K is an assumed earth pressure coef-

ficient which is greater than Kc. The denser the sand the larger Ci
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becomes and the pressure distribution becomes approximately parabolic.

For Ci == 0 Terzaghi's equation will be identical with Coulomb's. This

"method proved to be unsatisfactory due to the difficulty in choosing

the appropriate Ci value which depended both on the type of lateral
expansion of the soil mass as well as on its intrinsic properties. A
similar method for calculating the earth pressure distribution was derived
by Hertwig (1939). 1In contrast to Terzaghi, who only utilized the two
equilibrium conditions 3V =0 and TH = 0 as basis for his derivation,
Hertwig in addition made use of the moment equation IM = 0. The results
of Eoth methods were similar.

After Terzaghi had concluded his large scale tests to establish
the validity of Coulomb's theory, measurements were taken on fwo full-
scale braced excavations in Munich and Berlin, Germany in 1936. From
these results it was hoped to derive some basic rules applicable to the
future designs of braced open cuts. On both structures it was observed
that the earth pressure distribution was not at all triangular. Spilker,
in 1937, reported the results from the Berlin subway. The tests performed
by Lehmann in 1942 were supposed to clarify some factors which could not

be controlled at the actual construction procedures in Munich and Berlin,

such as the magnitude and type of wall movement, effect of surcharge, effect

of vibration, roughness of the wall etc. He agreed with Terzaghi's con-

clusion that after a certain wall movement had been brought about the magui—'

tude of the total earth pressure corresponded within 107 of the Coulomb

EPS—
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value. Also the greater the wall roughness, the smaller was the measured
lateral pressure component. The effect of vibration was to slightly
increase the total pressure and the center of pressure was lowered.

In 1938 and 1948 Ohde in a series of publications derived the
earth pressure distribution acting on the wall of a retaining structure.
He assumed a éircular line rupture and the horizontal component of thé

pressure distribution was basically of the form
- AP AN )
e vh l:cl " C2(h ) (2.1)

where y' is the depth at which e acts and Cl’ C2’ and n are constants
depending on the boundary conditions. The method proved to be far too
complicated‘for universal practical applicétion. Ohde differentiated
between three "main types of wall deformations' as shown schematically

in Figure 2.1. He used Kotter's equation to find the pressure distribu-
tion on the rupture surface and on the wall. Both distributioﬁs approxi-
mated parabolas for a wall rotating about its top. The circular sliding
surface intersected the ground surface at right angles and also passéd
through the foot of the wall. The solution is an approximation only and
the results exceeded Coulomb's value in some cases by as much as 25%. For
wall movement "B" Ohde obtained a total lateral earth pressure which was
107 to 15% larger as ﬁomoared to wall movement "A". For a flexible wall

this difference was only about 5%. The whole soil body is assumed to remain
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perfectly elastic and the limiting equilibrium is only mobilized along
the rgpture surface (line rupture). The difference between Ohde's
result and actual measurements is mainly due to the simplifying assump-—
tion of a circular sliding surface. A better approximation would be a
doubly curvéd surface which however would make it extremely difficult
to find a unique mathematical solution.

Since the agreement between Coulomb's and von Karman's theory
of the active earth pressure case and between Nhde's rigorous and simpli-
fied theory of the passive earth pressure proved that a moderate departure
of the assumed shape of the surface of sliding from the real one has little
influence on the magnitude of the lateral earth pressure,Terzaghi (1941)

substituted for the real surface of sliding Rendulic's logarithmic spiral

with the polar equation:

r=r ot ¢ S (2.2)
in which ro = length of an arbitrary selected reference vector, Q %=angle
between r and ro and ¢ = angle of internal friction. Thé spiral has to
be chosen such as to pass through the foot of the wall as well as to inter-
sect the horizontal ground surface a; right angles and also to give a ma-
ximum value for the active and a minimum value for the passive garth

pressure. For this method, known as the general wedge theory, the point

of application of the total thrust must be assumed based on actual measu-
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rements and the total earth pressure exceeds Coulomb's value by approxi-
mately 107.

In 1943, Peck published the systematic observations on the
open—cut portions of the Chicago subway. It was the first thorough
instrumentétion and investigation of a full-scale structure. The results
of the measurements were given together with a comparison of the measured
earth pressures with generally accepted theories. He found that the mag-
nitude of the total lateral pressure was in a satisfactory agreement with
either the plane or the general wedge theories for purely cohesive soils
having no effective internal friction but that the distribution of the
pressure was non-hydrostatic, Measured movements of the sheeting were
found to be in accordance with those theoretically necessary for non-
hydrostatic distribution. He proposed.a simple rule, based on the actual
strut loads, applicable to the design of bracing for similar cuts in |
plastic clay deposits.

An extensive and most comprehensive research program was carried
out by Tschebotarioff at Princeton in 1943 to 1948 sponsored by the
Bureau of Yards and Docks, U.S. Department of the Navy. Most of his
tests were performed with model flexible bulkheads anchored at the upper
portion of the wall. The first seri;s of model tests was performed in
1943 to 1945 with a 1:5 scale tank, which was essentially a concrete box,
18 by 13 b§‘9 ft, open at one end where it could be closed by the model

steel bulkhead, which consisted of three independent vertical sections.

The material employed ranged from clean sand of two different gradings to
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silty re-coloured clay and also mixtures of these two materials. The
result of these tests were summarized by Tschebotarioff in 1949 in a-
special report. For most of these tests the backfill was deposited
successively and no dredging took place in front of the wall. Since a
theoretical treatment of anchored bulkheads was hardly existing at this
time a comparison of the test results with theory was not possible.

Sokolovsky's first efforts (1939) in the field of earth pres-

sure problems were directed towards the construction of a general method

which could be used to examine the basic problems for a granular medium
poésessing weight where the lines of slip of both faﬁilies are curved
lines and the solutions would no longer have closed form. Various pro-
blems of critical equilibrium were formulated. The solution with a
singular point and the fan of curved lines of slip which pass through
the failure wedge have been extensively used. Between 1947 and 1953 he
expanded his previous theories aiming at the solution of two problems:
(1) the formulation of a general method for the examination of problems
criticél equilibrium in a cohesive medium and (2) the development Qf a
method which would simplify the calculation of various problems of the

stress in an ideal granular wedge. But there are as yet certain diffi-

pf

culties connected with the construction of networks of slip lines because

of the complexity and tediousness of the calculations.
A’ special theory of plasticity has recently been developed by

Drucker and Prager (1951) under the name of 'Limit Analysis", and they
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also have attempted to apply it to earth pressure problems. They defined
first a statically admissable stress field by the conditions that it
shouid satisfy the equilibrium equations and the yield inequality at

any point, as well as the statical boundary conditions. Further, they
defined a kinematically admissable velocity field which has to conform

to the conditions of kinematics and, at any point, the equation:
£ + €, = sin ¢ (2.3)

where 81-+ 82 represents the rate of dilatation and Enn the rate of

maximum shearing strain. In order to calculate earth pressures by means -

of this method it is necessary to assume a fixed distribution of the
earth pressure. If any statically admissable stress field can be
indicated, the corresponding value of the earth pressure is an appro-
ximation which is somewhat on the conservative (safe) side. pn the other
hand, if any kinematically admissable velocity field can be indicated,
the corresponding value of the earth pressure is an approximation which
is somewhat on the unsafe side. Therefore it is possible to find fheo—
retically an upper and lower bound value, the actual earth pressure must
lie.somewhere in between those two limits. Since statically admissable
stress fields can be found for special cases only, one has usually to bé
content with kinematically admissable velocity fields which, as pointed

out before, are on the unsafe side. Drucker and Prager consider the rupture
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line as a thin plastic zone, which necessitates that the rigid wedge
can satisfy the above requirements only when the rupture line is a
spiral rotating about its pole. The calculation of the corresponding
case is executed in the same way as in Rendulic's method. The major
shortcoming of this limit analysis is that it is based on the assump-
tions of continuous dilatation which does not seem to conform to expe-
rimental facts. The soil cannot go on dilating indefinitely. Instead,
after a certain shear strain has been reached, incompressibility must
be assumed in the narrow plastic zone which means that the rupture line
_must be a circle instead of a spiral.

Brinch Hansen in 1953 proposed a new method for calculation
of earth pressures applicable to most problems in practical engineering.
His method also could be extended to stability and foundation problems.
It is based on the equilibrium principle. The unknown forces are deter-
mined by the statical equilibrium conditions of the structure and the
soil mass. The stresses in an arbitrary rupture-circle are éalculated
by means of the Kotter equation and by means of certain boundary condi-
tions in such a way that the equilibrium method will yield the saﬁe
result as a corresponding extreme method. Before the earth pressure on
the retéining structure can be calculated one or more figures of ruptures,
i.e. a circle or a §traight line or a coﬁbination of both, has to be
chosen in -agreement with the plastic deformations which are compatible

with the movements of the structure. Like most calculation methods,
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Brinch-Hansen based his theory on several simplifying assumptions,
sometimes of a merely tentative character. It is, therefore, most
impoftanée and necessary to compare the results of this method with
suitable tests and general experience. Before this task has been
accomplished his method should be used with suitable caution until tests
by others will either prove or disprove the validity of this ‘calculation
method. Serious errors in applying this method should not be éxpected
since it has been demonstrated repeatably that extreme-methods will
produce very reliable results when used properly.

Rowe in 1952 carried out a remarkable scries of tests with

flexible, anchored sheetwalls. He studied the influence of surcharge,
anchor level, anchor yield, dredge level, pile flexibility and soil
density. He considered only cohesionless soils in his experiments.
For yielding anchors Rowe agreed in principle, as did Tschebotarioff,
with Coulomb's distribution of the active pressure, but with increasing
flexibility the moments, and to a lesser degree the anchor pﬁll, are
reduced considerably which Rowe attributed chiefly to a rise of the pas-
sive earth pressure resultant. For yielding anchors, Rowe's method is
probably the best available so far, but for unyielding anchors he sugges-
ted a reduction factor for the maximum bending moment based on Stroyer's
(1935) experiments which does not secem quite satisfactory.

There are several gther methods such as Christiani's method

and the Danish Rules, which were based mainly on personal experience of
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Skandinavian engineers and are applicable to special cases only.

Rowe and Briggs in 1961 reported the results of 29 tests with
model étrutted sheet pile excavations 3'-6" deep and 7'-0" long, using
dry sand. The results demonstrated the general principle that stress is
transferred'froﬁ yielding to unyielding components of a composite struc-
ture. The total active load increased with the number of struts and the
subsidence decreased. They established a direct correlation between sub-
sidence and the angle of shearing resistance mobilized. They also claimed
that for a sheeted excavation with more than one strut not even the active
soil pressure may be computed on the basis of the failure parameters of the
soil.

The Norwegian Geotechnical Institute published a special tech~
nical report in 1962 of the field data collected from measurements of the
0slo Subway construction. The observations were obtained from a test
section of a strutted sheet pile excavation in clay. The instrumentation
at the site consisted of the measurements of strut loads; earth énd water

pressures, ground settlements and pile movements. The purpose of the report

was simply to record data, no interpretive conclusions concerning the field

measurements were included. In 1961, Kanc analvsed a portion of the results
obtained from the Oslo Subway construction.

In 1965 Muller-Haudz and von Schreiber reported the results from
measurementé carried out since 1960 on the extension of the Berlin Subway

construction. The scope of the measurements were to check out the existing
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empirical formulae so far available for braced excavations as well as

to establish new design rules especially with respect to economy. The
progrém iﬁcluded the measurements of foundations pressures, water level,
strut loads, vertical earth pressures and temperature. From the measured
strut loads the earth pressure distribution over the vertical wall was
derived and found to be parabolic with the maximum lateral pressure
occuring in the upper portion of the wall.

In 1966, Flaate investigated the results from most braced cuts
in sand and in clay and made recommendations for future designs.

Presently other investigations of open cuts are being carried
out in major cities in Europe and in North-American but no results have
been made available to date according to the author's knowledge.

The foregoing review represerits only a cross-section of the
major publications in this field and is by no means complete. The author
will refer to some of the work in more detail in the following chapters
and as well make reference to other publications as need arises. A more

extensive summary covering the experiments from 1720 to 1940 was given

by Feld in 1940.
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CHAPTER 3

BEHAVIOUR AND PERFORMANCE OF BRACED OPEN CUTS

The basic types of sheeting and bracing of excavations are
confined to three main groups: vertical wood sheeting, soldier beams
with horizontal timbers, and interlocking steel sheet-piles.

Vertical wood sheeting is the oldest and most inexpensive
method. This type is normally limited to a depth from 16 to 20 feet,
about the depth that can be driven at one time. TFor deeper excavations
one has to resort either to driving of soldier beams and inserting hori-
zontal timber laggings between the soldigr beams immediately following
excavation, or to interlocking steel sheeting. Thc férmer method is
also referred to as the Berlin method because there it was used for the
first time successfully for the subway excavation (Spilker 1937). The
horizontal wooden timbers are spaced apart to provide drainag; of the
ground thus preventing the build up of hydrostatic pressure and therefoée
the systems can be designed considerably lighter than a steel sheeﬁed one.
The elimination of watef pressure prevents a quick condition or boiling
at the toe of the sheeting and drainage also reduces earth pressure by
increasing the shearing resistance of the ground. The wooden laggings
have to be-spaced close enough together in order to prevent the sand from

being washed through. Sometimes these spaces have to be plugged tight
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by straw or hay to stop the erosion of fine material below the water
table. The sheeting can be placed on the rear flange of the soldier -
beamé (usually H—biles) and the steel sections usually can be incorpo-
rated into the reinforcing for the wall. The horizontal sheeting can
also be uséd as a back form for the permanent concrete wall particularly
if wales are set back or eliminated by using braces to each soldier pile.
In this way the horizontal sheeting and bearing pile can serve as an

aid to the permanent structure.

Interlocking steel sheeting is usually the first type of
shéeting considered by engineers. Its principal advantage is that it
will penetrate to greater depths and.is water tight and has excellent
properties to resist bending especially in the Z—type piling. Steel
sheeting, by preventing water from entering the excavation, causes hydro-
static pressure to build up which is much greater than that of a system
retaining soil only. This requires a heavier system of waleg and struts.
It is also necessary that the cutoff below subgrade of the excavation
be adequate to prevent bottom heave and blow-ups under the sheeting. For
this reason it is desirable to seal the sheeting in an impervious layer
such as clay, hard pan or rock. Interlocking sheet piles are difficult
to drive in deﬁse ground and should not be used in fill that has broken
conérete, rip~rap, timbers, or in natural ground with boulders. The resis-—
tance of d}iving in dense sand is minimized by water jetting or using

vibratory driving devices. But this has to be done carefully to insure
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water tightness and plumbness. 1f one sheet or interlock fails, the
whole_structure may fail. At the test site, interlocking steel
sheet piles were used exclusively.

The normal construction procedure is to drive the piles to
their full aepths and then excavate the soil in front of them. Usually
a row of struts is placed near the top of the excavation immediately
after a small cut (stage 1, Figure 3.1) has been made. At this stage
there is relatively little movement of the sheeting. Stage 2 is reached
after a considerable amount of soil is excavated to allow the installation
of the second row of struts. During excavation, movement of tHe wall
takes place towards the cut. Because the upper part is restrained from
movement. by the struts already in place}movemen£ is confined to the lower
part of the cut only. Successive excavations will allow the wall to yield
further towards the excavated pit. The placement of more struts at lower
levels cannot prevent this deformation since their installation occurs
after the deformation has already taken place. The number and spacing
of strut levels depends on the depth of the cut and the headroom required
for excavation. The finai condition is showa in stage 3 of Figure 3.1,
when the excavation has reached its full depth. The successive outward
deflections of the cut are equivalent to a stiff wall rotating about its

uppermost strut level. The total deformation of the braced open cut is

»

usually sufficient to mobilize a rupturc surface in the retained soil mass.
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The occurrence of the assumed rupture lines for the different stages
has been indicated by Figure 3.2, and were shown experimentally by
Lehmann in 1942.

The ideal deformation of the braced wall should be large enough
for the earth pressure to become a minimum value and at the same time the
resulting subsidence should be small enough not to cause any damage to
adjacent structures. The elastic compression of the top strut has little
effect on the final condition. The wall above the first strut will tend
to move towards the soil located above this strut level.

In previous years it was assumed that the earth preqsule dis-—
tributions were influenced markedly by the wedging of the struts and
wales, and it was also argued that the prestress in the struts were
measured instead of the actual earth ﬁressures exerted on the excavation
wall. Theoretically it would be possible then to measure the passive
earth pressure along the wall if the struts were wedged tight enough.
This argument does not stand up to actual observations and measurements.
The total earth pressure from strut load measurements has compared fairly
well with either the classical theory or the general wedge theory for
active earth pressures. Even when the struts were not wedged tight, an

increase of earth pressure has been observed in the upper struts.
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',-GR'OUND SURFACE

FIG. 32 DEVELOPMENT OF SLIP SUR —
FACES WITH PROGRESSING EXCAVATION
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CHAPTER 4

THEORETICAL CONCEPTSFOR PREDICTING LATERAL FEARTH

PRESSURES IN SAND

4.1 General

In all braced structures a close relationship exists
between the assumptions of design computations, the structural detailing
and the construction procedures. All of which are of primary impor-
tance for the stability of the final product.

Most cuts would not have to be sheeted and braced if
there was room to slope the sides as it is usually more economical to
excavate the soil and backfill than té construct a sheeted cut. The
necessity of maintaining neighbouring structures such as streets, buildings,
utilities and sewers, requires that a system be installed thdt will re-
tain and not interrupt these facilities near the excavation. Such a
sheeting and bracing system can be constructed in an almost infinite
variety of methods and designs to suit the type of ground encountered and
structure to be built. Theré are numerous factors which have to be con-
sidered in designing bracing systems, such as, type of soil encountered,
hjdraulic conditioné, closeness.of buildings, the effect of‘heavy equip-

ment operating on adjacent streets, allowable wall deformation and the
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resulting subsidence and last but not least the construction method.
It also must be remembered that it is necessary to have a factor of.
safety as the bracing system is subjected to abuse of construction and
braces can be damaged by blasting, dented by excavation equipment, and
pressures may be greater than estimated because of leakage of water
mains or scwers or improper pumping facilities. In a theoretical ap-
proach all of these factors cannot be taken into account but should
be allowed for by providing an adequate factor of safety.

In this chapter the four major theoretical concepts in
connection with the performance of braced cuts in sand are analysed.
These concepts are: lateral earth pressures, stress-strain relationship,
soil arching and hydrodynamic considerations. The order of dealing with
these problems should not be interpreted as a rank df priorities. The

concepts are of equal importance and more over they are interrelated.

4.2 Theoretical Lateral Earth Pressures

4,.2.1 Plane Failure Surface

It is usually assumed that a sliding surface passes through
the foot of the retaining structure and forms an earth wedge with the
vertical wall and the ground surface. It is necessary then only to

calculate the thrust which is necessary to maintain equilibrium.
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Coulomb's theory utilizes a plane failure surface

(Fig. 4.2.1) which necessitates one important condition. The retaining

structure has to tilt outwards (away from the soil mass) about its foot.

Only for such a deformation will the soil wedge ABC in Fig. 4.2.1 expe-

rience a uniform expansion, which would bring about an almost plane

failure surface. The movement of the soil mass is resisted by the force

Pa between the wall and the soil and by stresses along a plane AC. The

limiting value of the force, Pa, is reached when the shear stress equals

the shearing resistance along planes AC and BA, this is the active

earth pressure Pa. For a cohesionless material the shearing resistance

of the soil along plane AC and that between the soil and the wall along

plane BA, are respectively

and

T=0 fan 0]
(4.2.1)

T = Pa tan §

Coulomb (1776) postulated the éssumptions listed below for his theory:

1.

2.

-

The sliding surface is a plane
The back of the retaining wall is vertical and the ground surface
horizontal. Between the wall and the soil there exists no friction

:

which makes the direction of the earth pressure horizomtal (Fig. 4.2.1.a)
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3. Along the sliding surface Coulomb's condition of rupture is met
(i.e. the maximum shear resistance is mobilized). The resultant
' force makes an angle of ¢ with the normal to the sliding surface.
4, There are infinite possibilities of sliding surfaces, the one chosen
has to yield an extreme value for earth pressure.

From the force triangle (Fig. 4.2.1.a) one gets
Pa = W tan (a-¢)

th‘e weight of the soil mass is
W= %—— Y cot G

then

2
Pa =}2]— Y cot a tan (a-9) (4.2.2)

To get the extreme value for Pa

2

—

dPa _ _ tan ga $) ‘ c;t o =0
da sin” O cos” (a-9)

MI:J‘

whence

N |-

45 +

2
1
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substituting o into equation 4.1.2 results in
2 2
h 2
Pa = 5~ Y tan (45 - %D = Ka %—‘ Y (4.2.3)

The point. of application of the resulting thrust is obtained by dif-
ferentiating Pa with respect to h, and the earth pressure distribution

is:
— 2 o)
pa = h y tan” (45 - E) (4.2.4)

which suggests a triangular pressure distribution with the resultant
acting at the lower third point. |

In a further development of Coulomb's theory by Muller-
Breslau in 1906, the principle of a plane sliding surface was adhered to,
but it was assumed that the wall was no longer frictionless (Fig. 4.2.1.b).
The resul&ant earth thrust makes an angle of § with the nor@a] of the
wall. & is usually smaller than ¢ for cohesionless soils but may be as
large as ¢. Also tﬁe friction in the sliding surface is completély
mobilized. In the general case it can be assumed that the ground surface

/

slopes upward at an angle of i, the wall is inclined at an angle of B

with the-horizbntal, and the earth thrust is inclined to the vertical

at an angle of ¥. From the equilibrium conditions

Pa:-;wMiL::f (a, V) (4.2.5)
sin (a—d+ )

[R——
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The magnitude of the earth pressure is therefore a function of two
variables. Assuming that the wall friction angle § is known, then we
can éalculate, using Coulomb's fourth assumption (the earth pressure has
to be an extreme value), the inclination of the sliding surface. Sub-
stituting this value into equation 4.2.5, the earth pressure is deter-

mined as

Pa = Ka . Zy (4.2.6)

where the coefficient of earth pressure:

Ka = _ sin (B-9) \ (4.2.7)
[oin(B 10 _l_\/sin(é-i-(b) sin(¢-1)

‘sin(B~-1i)

In the case where B ==900 and § = i = 0 we have the previous case

Ka = [ cos ¢
1+ sin ¢

The extreme value of the function Pa = f(a,V), (Eq. 4.2.5) is obtained

2

by differentiating

Q= oPa 4. 4 oPa

l 2.
- s A+ 0 . (4.2.9)
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Eq. 4.2.9 is satisfied when

I. %§§-= 0 and II. %%§== 0 (4.2.10)
Fig. 4.2.2 shows a graphical solution of the variation of earth
pressure.

The function Pa = f(0,8) is shown in a three-dimensional
plot. The surface is shaped like a saddle, the low point P of the saddle,
determines the value of the earth thrust. TFrom condition I (Fq. 4.2.10)
tﬁe function has a maximum value and from II a minimum. Tables or a
graphical solution are usually used in determining the Coulomb's earth N
pressure. For an irregular ground surface and a broken wall Culmann's
graphical procedure is commonly emploved.

Rankine in 1885 solved the same problem assuming a fric-
tionless wall and a horizontal ground surface. His solution also yields
straight failure planes based on the theory of plasticity. His ideal
sand had the following characteristics:

1. The material was homogeneous and isotropic.

2. The Coulomb's law of shear resistance (T = 0 tan ¢) is satisfied
along each slip line.

3. The change in volume is negligible and at every point within the soil
wedgé the material yields plastically. |

4. The friction between wall and soil mass is neglected.
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FIG. 422 REPRESENTATION OF THE
EARTH PRESSURE AS A FUNCTION
OF THE FAILURE SURFAGE INCLINA-
TION AND THE WALL FRICTION
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The method should be applied only to specific cases in which the soil
expands laterally and the frictional resistance along the wall is ne-

gligible. Both assumptions do not hold true for a braced excavation.

4.2.2 Circular Failure Surface

Tn 1927 Fellenius calculated the extreme value of the
earth thrust on a vertical retaining wall based on a circular failure
plane. His method is only applicable to frictionless soil (¢ == 0) and
thgrefore cannot be considered for the problem studied here.

Ohde (1938 and 1948) published a series of papers calcu-
lating the earth pressure distribution for three modes of wall deforma-
tion as depicted in Fig. 2.1 (page 22 ). The lateral earth pressure
distribution was parabolic as given b§ the general relationship Fq. 2.1.
This equation yields for 8§ = 0 and § = ¢ values for total lateral earth
thrust which are up to 25 percent greater than experimental values
(Lehmann 1942). In some instances Ohde's calculations produced values -
which were even higher than 50 percent of the test values. The calcula-
tions are also so mathematically involved that they could not be readily

-

adopted for general practical applications.

4.2.3 Logarithmic Spiral Failure Surface

For soils possessing friction the actual failure surface
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is not a plane as Coulomb had assumed in his method but is slightly
curved. Rendulic (1940) approximated the actual slip surface by a
logarithmic spiral which has the advantage that all stresses inclined
to the failure plane make an angle of ¢ with the normal to the surface
and pass through the pole of the spiral. This method also makes use of
the extreme condition of maximum earth pressure for the active case.

As proof for his method Rendulic calculated in detail a case for which
¢ = 300, the wall was rigid and smooth, and the ground surface was
horizontal. He found a relationship between the magnitude of earth
pressure and the point of application at the earth thrust.

Rendulic was the first person to solve the problem comple-
tely. The stress distribution on the back of the wall cannot be deter-
mined by this method, similar to any other method which assumes a
single failure plane.

Terzaghi in 1941 published a method for computing the
lateral earth pressure using a logarithmic spiral as a singlé failure
surface (Terzaghi 1941). This method is now commonly known as the
"General Wedge Theory' of earth pressurc. Based on empirical obsérva—

tions the logarithmic spiral, with polar equation

. & tan ¢ (4.2.11)

o

B

intersects the horizontal ground surface at right angles and passes

O
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fhrough the foot of the vertical wall. He also assumed that the centre
of the lateral pressure on a braced cut with a depth H in sand is some-
where between an elevation of 0.50 and 0.60 H from the bottom of the
cut. The general wedge theory requires that the frictionél resistance
of the sliding surfacg is almost fully mobilized over the failure plane,
BC, (Fig. 4.2.3). Taking moments about the pole of the spiral one ob-
tains the following equation from the equilibrium condition

'Mw+ N'u+ Mo Nw'
Pa = 9 - (4.2.12)

e

The moments of the various forces are Mw, the moment of the weight

wedge; M the moment of the surcharge; Mu, the moment of the pore

0’
pressure acting on the failure plane; gnd Mw" the moment of the force
w'. Mw, MQ’ Mw' and Le may be calculated directly from the geometric
relations in the figure. The increment Mu due to the pore water pres-—
sure acting on a portion of the failure plane between T, and rj, for
which a uniform pressure can be assumed, can be calculated from

j X Z—r 2
M| = (——1—-—2—3—) (4.2.13)

]
The total wvalue of My is found by the summation of all increments Mu']

i
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between T, and s the extreme radii of the spiral. It should be noted
that all the incremental forces dN and their resultant N do not enter .

Eq. 4.2.12, since they all pass through point 0, the moment centre.

The solution of Eq. 4.2.12 can be handled in a similar manner to Culmann's
_ graphical solution of Coulomb's method. The active pressure, Pa is then
equal to the ordinate of the highest point P on the curve and the posi-
tion~6f the corresponding surface of sliding is determined by point C
on the ground surface. The value of Pa depends to a certain extent on
n or the height at which the resultant thrust is assumed to act. An
increase of n from 0.45 to 0.55 increases Pa by 8% for values of = 38°

and § = 0. If n is taken as 0.55 then Pa == 1.1 Pc, where Pc is the lateral -
thrust obtained from Coulomb's solution. Since the General Wedge Theory
cannot give the pressure distribution on the back of the wall and one has

to assume the point of application of the resultant earth pressure it

appears no more advantageous fhan the Coulomb solution, except for cross-

sections of irregular shape in which a graphical solution appears less

cumbersome.

4.2.4 Effect of Wall Movement on Lateral Earth Pressures

The nature of deformation of a braced excavation was describ-

ed in Chapter 3 and illustrated in Fig. 3.1. It consisted basically

" . - ' . » -
of an outwara rotational movement of the wall as a stiff unit about its
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upper strut level. Neither Coulomb's nor Rankine's theory were based
upon this deformation criterion. Theoretical and experimental investi-
gatiohs regarding the type of failure caused by a tilt of the lateral
support about its upper edge have led to the conclusion that the surface
of sliding starts at the foot of the wall at an angle of 45 +-% with
the horizontal for a smooth wall and that it becomes steeper until it
intersects the ground surface at right angles (Terzaghi 1941).
The distribution of pressure against a lateral support
as found from field measurements and laboratory investigations is
roughly parabolic instead of triangular. Because of this, the active
earth pressure distribution against the cut cannot be computed be means
of Coulomb's or Rankine's theory. A method must be developed that takes
into consideration the influence of deformation conditions on the type
of failure. The first attempt was made by Terzaghi (1936) as discussed
in Chapter 2, but his method never gained the recognition it desérved
because it was hampered by the difficulty in determining or cﬁodsing theA
proper "confinement index", ¢, which dépended both on the type of lateral
expansion of the soil mass as well as on its intrinsic parameters.' Ohde's
attempt in 1938, as outlined in the foregoing section, was mathematically
far too complicated to find popular acceptance by the practising engineer.
Another method that apbears to have considerable merit
will be proposed here. It is based on Dubrova's (1963) solution as dis-

cussed by Harr (1966) and has been modified in some instances to comply
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with any mode of movement a braced excavation might undergo. Fig. 4.2.4,
diagrams a, b, d and e illustrate the four modes of deformation a stiff
braced retaining wall might have undergone during the time the cut was
excavated to grade. Usually the first row of struts éfe installed near
the top after the soil has been excavated to a small depth. In movement
A (Fig. 4.2.4.a) it is assumed that the braces are installed very close
to the top of the wall and wedged tightly or even prestressed so that no
lateral yield towards the excavation will occur. If the upper strut

level is installed at a distance * H below the original ground surface

and no lateral yield is allowed the wall will have tilted about this level

as shown by movement B in Fig. 4.2.4.b. The portion of the retaining
structure which lies above the point of rotation will be slightly pressed
into the soil in the case of a fairly inflexible wall. This is not an
unreasonable assumption to make when using stiff steel sheeting or H-pile
soldier beams.

For both modes of rotation it is further assu@ed that the

limiting active state is mobilized at the bottom and the resultant force

F on the rupture line passing through the foot of the wall will be inclined

at an angle ¢ to the normal as shown in Fig. 4.2.4.b. This is invariably

true for most practical cases except for piles which are embedded to such
a depth below grade to prevent any lateral movement of the wall at the
foot. As will be e#plained in SeZii6n 4.3.3 below, the degree to which
shear strength can be mobilized is directly dependent on the amount of

soil strain.
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At the point‘of wall rotation no lateral strain occurs
and no friction is mobilized along the rupture line passing through
this point. The resultant force F necessarily is normal to this quasi-
rupture line. The angle between the normal‘and the force on any rupture
line is £ and it is further assumed that this angle varies linearly with
depth z. This assumption is similar to Terzaghi's (1936) approach in
which the coefficient of earth pressure was assumed to vary linearly
with depth. In the case of the wall rotating outward about its top

(movement A)

E=%¢ (4.2.14)
For movement B, & will vary as
— ¢ =z 1
E=G y-3 ¢ . (4.2.15)
which would mean for z =0, § = - l—¢, or one - third of the passive

3

resistance is mobilized at the top of the wall simultaneously as the
full active strength is mobilized at the bottom. This condition is
illustrated in Fig. 4.2.4.b. TFor the case of a wall rotating about its

bottom as in Fig. _ 4.2.4.c, movement C, N

£ = (1 - z}—l) & (4.2.16)
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This type of movement has never been observed to occur on braced cuts
but will be employed in combination with movements A and B to simulate
deformations as discussed below.

In movement D, Fig. 4.2.4.d, the cut is rotating about
its top and also moving out laterally. This type of deformation has
been observed as will be discussed in Chapter 5, Section 5.2.5 and is
mainly due to loose wedging of the struts which would allow lateral
movement. Movement D is taken as the average deformation of twice the
movement A and movement C. Similarly movement E, where the wall yields
laferally and also rotates about a point H/4 below the ground surface,
is taken as the average of movements A, B, and C. In most properly
constructed excavations the deformation should'correspond either to move-
ment A or movement D.

According to field and experimental measurements (Spilker
1937, Peck 1943, and Lehmann 1942) and theoretical calculatiops (Terzaghi
1936 and 1941) the total active lateral earth thrust was in élose agree-
ment to or exceeded the Coulomb's valuevby not more than 15 percent.
Therefore the assumption of the validity of Coulomb's solution for'cal—
culating the total force exerted by the earth wedge method is not unrea-

sonable. Coulomb's solution was given in Section 4.2.1 as

2 2 .
B 2 _6y L B _
Pa =3 Yy tan~ (45 2) Ka 5 Y (4.2.3)
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A more general solution was obtained by Muller-Breslau in 1906, as

mentioned in Section 4.2.1. Combining Eqs. 4.2.6 and 4.2.7

2 cscB . sin(Bf-d)

. < [sin(6 +68) sin(¢-i)’
yein(Ba8) + \/ sin(f-1) |

Pa=3% vy H (4.2.17)

where i = angle of slope of backfill, and
B = inclination of back of wall with the horizontal
For the case of a vertical wall and a horizontal ground surface as in

most braced cuts, Eq. 4.2.17 simplifies to

2
pa = 3 y H2 _.cos. ¢ _. (4.2.18)
\/cos 8 ﬂ-\[;in(¢-+6) sin ¢
or
1 1 I
Pa = — ‘ (4.2.19)
2cos §

e ¢-+Véan2 ¢+ tan ¢ . tan & 1

Eqs. 4.2.18 and 4.2.19 give the total active force which is inclined at

an angle of § with the normal to the wall. The horizontal component is

Px = Pa cos § (4.2.20)
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or

-2

Px = L i (4.2.21)

(coi ¢)%— \/éanz ¢ + tan ¢ tan §

The definition of & as given in Eqs. 4.2.14, 4.2.15, and 4.2.16 can
now be substituted for ¢ in Eq. 4.2.21. Then the horizontal component

of the force against the wall for any depth z will be

-2

Px::YZ- z (4.2.22)

1 B

(E;g—g)+- '\/tan2 £ 4+ tan § tan §

To find the lateral distribution of the pressure against the back of

the cut, the proper substitution for § has to be made, depending on the
type of wall movement anticipated, and then Eq. 4.2.22 has to be differen-
tiated with respect to z. For movement A, where & =:% % (Eq: 4,2.14)

the derivative of Eq. 4.2.22 is

dpPx z cos2 £ a 22 $ cos § (sin E-+~li?53

(14t sin £)2  H(L+ t sin £) 2t

(4.2.23)

»

where t = (1 + tand/tan ¢)1/2 multiplying both sides of Eq. 4.2.23 by the
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factor 1/y H to make the relationship dimensionless we get

nx (.&) COSZ g _ <£)2 ¢ cos &

1+ tz)
YH (14 t sin 5)2 i (1+ t sin &)

2t

(sin &+ (4.2.24)

Similarly for movement B and C the relation will become, respectively

2 2
$%‘=:(%) cos  § : __% (%)2 ¢ cos & (sin £ + 1;;t ) (4.2.25)
(L+t sin &) (L+t sin &)
and
bx_z _cos d
Yyi H (14-t.sin ) (4.2.26)

A computer programme was written and used in order to evaluate Eqs. 4.2.24,
4.2.25, and 4.2.26 for different values of 2z/H ranging from 0 to 1.0 in 0.1
intervals and also for different ¢ and § values. The results are shown
graphically in Figs. 4.2.5 to 4.2.25 inclusiye%y.

Figs. 4.2.5 to 4.2.9 show the variation of lateral earth
pressure with depth of a wall rotating about the top (movement A). Gene-
rally each diagram shows five curves, one for each particular angle of
o

internal friction which varies from 0 to 50° in 10° intervals. TFor ¢-= 10

the pressure distribution approximates a hydrostatic distribution and it
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would be truly hydrostatic if the material had no shear strength at all,
that is, ¢ == 0. For higher values of internal friction the distribution
becomes more and more parabolic or pear-shaped and the total earth thrust
becomes smaller. Also the maximum pressure abscissa and the point of
application of the resultant move upwards with increasing shear strength
parameters. TFor movement A all distribution curves become tangent in

the upper part to the curve of ¢ = 10°.

The higher the wall friction the smaller will be the total
horizontal pressure on the wall. For any case the total thrust will be
eqﬁai to the corresponding Coulomb value. For a certain wall movement
five different wall friction values have been taken into account, 0,
@/3), @/2),(2¢/3), and $¢. The effect of the wall friction on the total
value of earth pressure has been illustrated in Fig. 4.2.25. As an example
movement A and a value of internal friction of ¢ = 30° was chosen. The
difference between the total lateral forces for § = 0 and § = ¢ is
approximately 10 to 15Z. Therefore no appreciable error wili be introduced
by neglecting the wall friction, since it is on the safe side to do so.
Neglecting the effect of wall friction will bring the theoretical value
closer to the experimental one. Spilker (1937) and Lehmann (1942) found.
that their observations never exceeded corresponding Coulomb values by
more than 157.

- For movement B {(the wall is rotating about a point H/4

below its top) the shift of the resultant horizontal pressure towards the
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upper part becomes more ﬁronounced due to the ﬁartial mobilization of
the passive state of the soil above the pivot point of the rotating wall.
The boint of application is always higher than the lower third point

and even is above the half depth for higher internal friction values.
The curves for the higher 4 values are no longer tangent to the ¢ = 10°
curve but intersect it and lie above it at a z/H ratio of about 0.17.
For most braced excavations the first strut level is installed between
the top and a point one-quarter of the depth of the cut. The question
whether the wall remains stiff and whether the portion of the wall

abéve the point of rotation will be pushed into the soil depends on the
stiffness of the sheet piles and on the orderliness and method of cons-
tructing the braced excavation. The derivation of the theory was based
on the assumption that the wall rotates as a stiff rigid unit and it is
reasonable to venture the assumption that for a light steel pile section
a hinged could be formed at the pivot point.

The different pressure distributions for movement C (wall
rotating about toe) have not been illustrated in this thesis. For this
particular deformation the mobilization of ¢ varies linearly with the
height of the wall corresponding to the well known triangular pressure
distribution of Coulomb's theory. But this distribution was used in
deriving movements D and E.

The lateral pressure for movement D increases at a decrea-

sing rate with depth, (Figs 4.2.15 to 4.2.19). This is due to the pre-
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dominance of the linear increase of pressure with depth of movement C,
which is overriding the contributions of pressure ordinates from move-
ment A and B. The question of whether a braced cut will translate suf-
ficiently to fully mobilize the active state at the top of the wall is
open to argument. This depends to a large extent on the construction
method employed. If the struts are not prestressed then they have to

be slightly shorter than the length at which the two walls are snaced,
otherwise they would not fit in. But even before the struts can be ins-
talled the wall had a chance to move away from the soil due to the unba-
lanced earth pressures. Proper wedging will only prevent additional move-
ment. It is therefore quite feasible to assume in some cases that the

top of the wall will yield sufficiently to have the shear strength at this
point fully mobilized. For movement D all curves are tangent to the

¢ == 10° curve for low values of z/H (Figs. 4.2.20 to 4.2.24).

The lateral pressure distribution curves of movement E are
similar to those of movement D except the pointsof applicatign of the
resultant earth pressuresare slightly higher than those of the corres-
ponding ones of movement D. The point of application varies from'a height
of cut of 0.35 to 0.50, the higher values corresponding to greater in-
ternal friction angles. The effect of different wall frigtion angles on
the total lateral earth pressure is even less obvious and the difference

seems to be less than 10 per cent (Fig. 4.2.25).
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The deformation of a properly executed braced excavation
should correspond to either movement A, or movement B, or movement D.
For fhese movements the resulting lateral earth pressure distribution
is parabolic or pear-shaped.

4.2.5 The Coefficient of Earth Pressure at Rest

An element of soil mass which is in a state of static
equilibrium is acted on by stresses which cannot produce failure as long
as the soil properties and loads remain unchanged. The initial recla-
tionships between the principal stresses are influenced by the soil
characteristics and by the manner in which the soil has arrived at its
present poéition. In natural soils, tbe principal stress ratio will be
governed by the nature of the sedimentation processes which have produced
the soil and by the stress history of the formation, differing according
to the degree of consolidation.

A point at a depth z in a semi-infinite mass of soil
having an effective unit weight, vy, will Bave an effective stress on a
horizontal plane.due to the weight of the overburden equal to yz. The
stress on the vertical plane (considering a two dimensional state of stress)
is given as Ko 2z, in which Ko is termed the coefficient of earth pres-

sure at rest, as introduced by Donath (1891).

B
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In order to calculate the lateral earth bressure
at-rest condition the value of Ko has to be determined. As first step
in that direction Terzaghi (1920, 1925) undertook an experimental study
for the purpose of determining the value of the at-rest coefficient,
that is, the value of K coefficient where no lateral yield of the soil
is taking place. Two thin strips of metal were embedded in a soil
mass, one horizontally, the other one vertically and then pulled out.
The forces required to make them move were measured. Tt was considered

that the ratio of the forces Ph/l’V represented the value of the coeffi-

cient of earth pressure at rest, Ko. The values Terzaghi obtained were:

sands: KXo = 0.42

clays: Ko == 0.70 to 0.75 (remoulded and

reconsolidated)

Later investigations, however, have shown that the above valués of Ko
for sand is too low in some cases, and that the values given for clays
are too bigh (Tschebotarioff 1948).

Timoshenko (1934) established the following relationship
for the lateral unit strain, €_, within an elastic body:

3’

¥ €3 ='FT[°3 -V (ol+ 02)1 (4.2.27)
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For a semi-infinite mass of soll the lateral pressures 03 and 02 can
be considered to be equal, that is, 03 =0y Further in the at-rest.
condition there is no lateral yield, that is, €3 = 0, Then Eq. 4.2.27
reduces to
03 - \)03 - \)01 = 0 (4.2.28)

from which the coefficient of earth pressure at rest can be determined

3 v

g
o, 1-v

Ko = (4.2.29)

99

For a completely incompressible material the Poisson ratio v was its
maximum value v == 0.5, and the corresponding value of Ko = 1.0 as has
been actually measured forvsaturated semifluid unconsolidated clays.
For sands a value of Poisson ratio between 0.35 and 0.45 is assumed which
corresponds to a range of Ko between 0.54 and 0.82. No reliable method
for the direct measurement of Poisson ratio of soils has yet been deve-
loped.- Therefore the theory of elasticity cannot yet be used for ény
direct determinations of the values of lateral earth pressure.
Experimental investigations to find the Ko values for
different soils were»carried out by Tschebotarioff and Welch (1948) in
a specifically constructed lateral earth pressure meter. Their values

for sand ranged from 0.1 to 0.5, with the high value obtained from the
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lateral pressure measurements at the top of the 1.5 ft. high circular
tank. The low value of 0.1 was close to the bottom of the tank. It.
appears that no considerations were given to the side friction on the
inside wall of the tank, which would explain the large difference of the
‘o values obtained from the bottom and top of the tank.
Bishop and Henkel (1957) outlined a procedure to deter-
mine the Ko value from sample specimens in the triaxial test apparatus.
The puzzling part of determining the coefficient of earth
pressure at rest lies in the absence of any apparent generally wvalid
relationship between the measured Ko ratios and the values of the internal
friction angle, ¢, of different soils as determined in the laboratory
by different testing procedures.

Jaky (1944) suggested the following relationship
Ko=1 - sin ¢ © (4.2.30)

It was derived from stress conditions along the centre line of an em-
bankment with slopes forming the angle ¢ with the horizontal, so that
there is a variation of the horizontal shearing stress with the distance
from the centre line. Jaky's broposed equation fits many of the experi-
mental results since with ¢ = 300, Ko = 0.50. However, the basic assump-

tions on which the derivation of the above equation is based do not appear

tenable for an infinite mass of soil with a horizontal surface.

e B
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Hendron (1963) related the coefficient at rest and the
angle of internal friction for a face - centred cubic arrvay of round

spheres as follows:

1 1+ 3V3 - 3 3Jg sin &

- Ko = 35
1-3V3 - 3 36 sin ¢

(4.2.31)

The relationship given in Eq. 4.2.31 suggests that Ko decreases as ¢
increases, which is similar qualitatively to Jaky's relationship but
not numerically identical. A plot of Egqs. 4.2.30 and 4.2.31 is shown
in Fig. 4.2.26 which indicates the relationship between Ko and sin ¢

as proposed by Hendron and Jaky.

4.3 Stress - Strain Relationship and Strength of Sands

4.3.1 General

At the present time, design methods for plane strain
problems use the values of shearing resistance determined by triaxial
compression or direct shear test. Sufficient evidence is already avai-
lable, inéluding correlation with actual failures in the field, to sug-

gest there is unlikely to be radical changes in strength under different

strain conditions for sands (Bishop and Eldin 1950). Therefore, the

versatile and comparatively simple triaxial test will continue to be fa-

P
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voured by most commercial laboratories for measuring soil strength and
other properties.

Valuable information can be obtained by obscrving or
deliberately producing stability failures in the laboratory or on the
constructién site. The stability analysis under failure has a knowm
safety factor of 1.0. However, the conclusions or improved design pro-
cedures which result from these measurements will be more valuable if
the soil strength parameters used in the computations are known to

correspond with the strain conditions of the structure.

4.3.2. Stress-Strain Relationship

Based upon the results pf large-scale earth pressure tests,
Terzaghi published a paper (1936) in which his first conclusion was as
follows: "The fundamental assumptions of Rankine's earth pressure theory
are incompatible with the known relation between stress and s&rain in the
soils, including sands.”" Tor a retaining structure in contact with sand
and rotating about its upmost point the condition of the affected sand
mass is not at a state of failure at each and every point. The theories
of elasticity also cannot be applied to this problem, since the sand mass
is composed of individual particles, incapable of taking tension, dependent
upon confiq;ng pressﬁre in"a non-linear manner for its strength, and having

properties which vary with its stress history.
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There are available, however, satisfactory thecories of
the states of stress in a soil mass, as discussed in Section 4.2, which
require only a knowledge of the angle of internal friction for their
solution. At failure this value has been know but, for soil that is
not in a séate of complete failure, it is necessary to determine a
relation between the value of this friction angle mobilized and the soil
deformation, then to relate the deformation to the boundary movements
imposed by the structure.

In the laboratory a stress-strain or shcar stress-shear

strain relationship is obtained from a triaxial and/or direct shear test.

From these results the shear strength parameters can be found by utiliz-
ing Mohr - Coulomb's failure envelope. in a triaxial compression test
the axial stress and strains are easily measured and the values nlotted
as a stress-strain curve to obtain maximum and ultimate stress values

and a modulus of elasticity. Such a curve is shown in Fig. 4.3.1 for a

typical sand. Curve A designates the shear stress in relation to shear

strain for a dense sand whereas curve B shows the same relationship for

a loose sand. It is also possible for an initially dense sand in the lowver

portion of a cut to follow the dotted line C as the wall rotates about the

top point whereas the sand in the upper part follows curve A during the

same rotational movement. Sofar this has not been taken into consideration

3

in the calculation of the earth pressure and its effect on the earth

pressure distribution is not known. In the classical theories, as well
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as in Terzaghi's General Wedge Theory and in Ohde's calculations Toax
was usually assumed for the shearing resistance.

Another factor which is usually not taken into conside-
ration is that in triaxial compression tests the axial strains only are
recorded Qﬁereas the lateral strains are seldom if at all measured. The
difference between the axial and lateral strains and the resulting T
may be significant. Earth pressure problems involving the modulus of
elasticity are concerned with lateral strains, hence to obtain a reliable
solution for such a problem the lateral strains should be determined.

If the calculation of the wall movement to obtain the active pressure
condition is based upon the customary modulus of elasticity, as determined
from the axial strain, the movement is likely to be much greater (two
times or more) than that which is actually required.

The problems of earth pressure on open cuts is virtually
two-dimensional. The structure and soil do not change laterélly consi-
derably from section to section. While the stresses change in all three
principal directions the strains are limited fo two dimensions. The
strain parallel to the wall, therefore, can be considered to be equal

to zero (plane strain condition). The effect of different strain condi-

tions on the shear strength parameters will be discussed in Section 4.3.4.

e 0
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4.3.3 Strength Parameters

To calculate the lateral earth pressure one has to assume
or determine the coefficient of earth pressure which is a function of the
internal friction angle. The strength of sand is conventionally deter-
mined by direct shear or triaxial compression tests performed on samples
which have been formed in the laboratory to the desired conditions.

Several investigations have been carried out (Chen 1948,
Nash 1953, Kirkpatrick 1957, Jakobsen 1957, Bjerrum et al 1961, and

Cornforth 1964) to correlate the shear strength of fine uniform sand using

different testing apparatus.

Nash (1953) concluded from his experiments that the compres-

sibility and the angle of shearing resistance is the same regardless of
whether dry or wet sand was used. He also found that at a porosity of
42 per cent the shear box and triaxial test gave approximately the same
angle of shearing resistance. Below this porosity the shcarfbox gave an
angle of about 10 per cent higﬁer, and above this porosity it gave an
angle'of 5 per cent lover.

Cornforth (1964) cqmpared drained strength results from
triaxial tests with tests carried out in a spécially construcfed plane
strain apparatus. At a vporosity of 44 per cent both testing procedures
yielded aopyoximately the same angle of shearing resistance. Below this
porosity the plane strain results were as much as 10 per cent higher. .
These results will be diécussed in more detail in Chapter 5 under Results

of Laboratory Measurements with regards to test data found in this work.

B .
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4.3.4 Stress Path

The manner in which the stresses in the soil change during
changes on loading has a marked influence on the test results. In order
to derive meaningful soil parameters in the laboratory we have to simu-
late the stress path the soil sample would have undergone in the field.
The sequence in which a stress changes from point A to point C or from
point A to point B and then to point C has a major effect on the test
result even though the final stresses are the same.

The basic principle of the stress path method is: because
strain, porewater pressure, and the strength of a soil element depend on
the stress path, the engineer should consider the field stress paths (or
field strains, or both) in selecting the soil testing procedure and method
of analysis for a given problem. Frequently, the stress paths and the be-
haviour of the soil in the actual problem are such that conventional tes-
ting and conventional analytical techniques are sufficient. In certain
problems, however, special testing and analvtical techniques will be
needed. |

A stress path is a line drawn through points on a ﬁlot of
stresses. The particular stress point used in the stress path method is
that of maximum shear stress on a Mohr circle diagram, as shown in Fig.

4.3.2. Thus, a stress path is the locus of points of maximum shear stress

Y ..
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experienced by an element in going from one state of stress to another.

For determining the shear strength parameters the triaxial
test has proved to be the most commonly used stress-strain test. Fig.
4.3.3 shows stress paths for four types of tests that can be performed
without any-difficulty with the triaxial apparatus. The paths shown are
for drained tests on sand. The effective stress paths are depicted
only, the total stress path can easily be drawn knowing the pore water
pressure. FEach total stress path is parallel to the corresponding effec-
tive stress path and displaced to the right a distance equal to the static
pore pressure, which in case of a laboratory test is the static back pres-
sure.

Commonly a triaxial compreésion test: is performed in order to
evaluate the cohesion intercept and the angle of internal friction. A
constant chamber pressure is left on the sample throughout the whole test
and the sample is brought to failure by'increasing the axial load. The
change of stress during this test is indicated b? the stress path AB in
Fig. 4.3.3. The stress change of an element at point 1 of the braced cut
in Fig. 4.3.3 follows a quite different stress path. Initially the soil
is at Ko condition. Tt is assumed that the soil element at point 1 lies
below the ground surface on the failure plane, which means that the shear
stress will be less or equal to the éhear strength. Tt should be pointed
oﬁ£ that this element does not represent the average element of the wall.

During excavation the vertical stress remains unchanged (Aol = 0), the

,
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horizontal stress, 03, is decreasing and the effective stress path will
change from point A to point C. The exact stress path which the element
follo&s going from the injitial point A to the final point C depcnds on
the drainage condition. Shown are the effective stress paths for three
drainage conditions of going from A to C. The minimum strain occurs by
going from A to C in drained shear. The maximum strain occurs from going
from A to C' in undrained shear and then from C' to C in drained shear.
An intermediate amount of strain occurs from the stress path AFC. Thus
the strain associated with develoPiﬁg active stress in element 1 depends
on tﬁe drainage condition and on the loading path.

The field element reaches its maximum shear stress at point
C and the sample tested in a conventional friaxial compressioﬁ test will
reach its maximum shear stress at point.B. the slope angle, 0, of the Kf
line will be identical for hoth tests whereas the stress paths are gquite
different and also tﬁe stress levels and the magnitude of strains differ
quite considerably.

As the excavation proceeds the wall of the cut deforms away
from the soil mass. An element of soil at point 2 will undergo a state of
lateral compression. The overburden pressure remains unchanged, Aol = 0,
and the lateral stress, 03, will be increased until failure occurs on a
stress circle passing through D. This stress path, AD, can be simulated
by a vertical extension test in the 1aborato£y with keeping the vertical

stress constant and increasing the lateral pressure.
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Retaining wall problems can for all practical purpose be
considered as a plane strain problem and it is recommended to use plane
strain tests, rather than triaxial tests. If triaxial tests are used, a

correction should be applied to the parameters obtained.

4.4 Concept of Soil Arching

4.4.1 Ceneral

It appears that the significance of the arching ohenomenon
was first observed in connection with the bracing of open cuts. During
the construction of the New York subway system at the turn of the century,
field measurements of strut loads in opgn‘cuts disagreed with Coulomb's
hydrostatic distribution of lateral earth pressures (Meem 1908). Higher
loads were measured in the top struts of braced, open cuts. Similar
results were observed by Terzaghi (1941) in connection with lateral earth
pressure measurcments in open cuts during the construction of the Berlin
subway.

The deviation of lateral earth pressure distribution from
the hydrostatic distribution was generally attributed to the phenomenon
of arching. The actual mechanism of arching, if any, has not been
solved yet agequately. Most of the existing theories of arching deal with

the pressure of dry sand on yielding horizontal strips. All these theories
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(Engesser 1882 , Bierbaumer 1913, Caquot 1934, and Vollmy 1937) are in
accordance with experience in that the pressure on a yielding, horizontal
strip Qith a given width increases less rapidly than the weight of the
mass of sand located above the strip and approaches assymptotically a
finite value.

The investigation of the effect of arching on the pressure
of sand on a vertical support is much more difficult. The first attempt
to investigate this effect was made on the simplifying assumption that
the surface of sliding is plane (Terzaghi 1936). This investigation
gave.a satisfactory general cgnception of the influence of the different
factors involved, but failed to give information regarding the effect of
arching on the intensity of the lateral pressufe.

In the following section it is attempted to define arching
and to explain its mechanism and also to evaluate its influence, if any,

on the lateral earth pressure distribution.

4,4.2 Theoretical Considerations

A unique definition of arching in soils does not exist since
this concept is very complex and some authors define "arching' as any
deviation from the straight line earth pressure distribution. The best

general definition was probably given by Terzaghi (1954):

U ..
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"If one part of the support of a mass of soil yields while
the remainder stays in place the soil adjoining the yielding part moves
out of its original position between adjacent stationary masses of soil.
The relative movement within the soil is opposed by a shearing resistance
within the zone of contact between the yielding and the stationary masses.
Since the shearing resistance tends to keep the yielding mass in its ori-
ginal position, it reduces the pressure on the yielding part of the support
and increases the pressure on the adjoining stationary part. This transfer
of pressure from a yielding mass of soil onto stationary parts is commonly
called arching effect, and the soil is said to arch over the yielding part
of the support. Arching alos takes place if one part of a yielding sup-
port moves out more than the adjoining parts."

Terzaghi associated arching with the yielding of the soil
mass, whereas Tschebotarioff (1952) assumed continuous tightly wedged
sand grains for his soil arch, that is a true arch is an elastic and not
a plastic condition. The very high K-values (coefficient of earth pres-
sure), which were observed frequently in the uppermost portion of a.ro—
tating wall, served Tschebotarioff as support of his theory.

The basic difference then between Terzaghi's "arching effect"
and ?schebotgrioff's "true arch" is, therefore, that in the former case
the sand grains are free to move, whereas in the 1attér they are wedged'

tightly with one another. Arching effect, therefore, can be defined as

PR ..
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the transfer of pressure by shearing stresses from a yielding part to

a stationary or less yielding part. A physical or structural arch is .
not necessarily fermed. True arching occurs when individual hard soil
grains are wedged together in order to form a selfsunporting structural
arch, similar to a masonary arch. If is almost impossible to push dense
sand out of a sampling tube no matter how high pressures are applied.
This is an example of true arching.

So far the problem of arching cannot be treated satisfac-
torily quantitatively because of the present impossibility to differen-
tiate numerically between the two above causes of redistribution of
lateral earth pressures. It will be illustrated later, however, that
true horizontal arching, which relieves thg lateral stress at the lower
portion of the cut, seldom occurs in actual practice.

There are several different types of arching effect which
may occur in a braced open cut in dense sand. They are illustrated in
Fig. 4.4.1. Fig. 4.4.1.a shows arching effect occuring betwee; struts
due to the slight deflection of the wales. The stress is increased at
the supports and at the same time decreased towards thé centre oF the
bay. This effect is more pronounced the more dense the sand. Tt should
be noted that the total pressure is not altered. Horizontal arching effect
may also occur in a plane perpendicular to the sheet pile wall as indicated

in Fig. 4.4.1.b. A wall rotating about its upper point results in an

DS— .
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energetic expansion of the lower part of the wvedge, DAE, which in turn
causes the upper part of the wedge, BDEC, to descend. This downward
movemént mobilizes the frictional resistance of the soil along the slip
surface AC. Once the frictional resistance along AC is fully mobilized,
the total lateral pressure automatically assumes the theoretical Coulomb
value, regardless of what the state of stress within the wedge ARC mav be
3 (Terzaghi 1936). The earth pressure acting on a horizontal plane of the
lowver part, such as DE, is equal to the weight of the overlying soil minus
the vertical frictional components which are mobilized along the slip
é surface AC, on one side and on the wall-soil interface, AB, on the other.
The wall and the slip surface will provide the two stationary masses re-
quired for an arching effect to be present.
Arching on a smaller scale also occurs across the troughs
of the sheeting and to an even smaller extent across the deflected mem—
brane of the pressure transducer.
Fig. 4.4.1.c shows the effect of vertical arching and the
; resulting lateral pressure distribution. Lateral pressures are trapsferred
% from the highly deflected centre part of the wall to the stationary parts
3 » at the two extremities of the wall.
! Tschebotarioff (1952) assumed that the true arches are para-
bolic and self supporting. For a true arch of parabolic’ shape (Fig. 4.4.2.a)

the following general relationships hold, according to conventional struc-

STTATRTLGE
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tural theory: Tor a uniformly distributed vertical unit load the

vertical reaction is
V = -1~ (4.4.1)
The horizontal reaction is
H=—o— (4.4.2)
If the vertical reaction is to be supported by friction only, then
V=H tan ¢ _ : (4.4.3)
Solving Eqs. 4.4.1, 4.4.2, and 4.4.3 for £, we obtain
== AT ‘ (4.4.4)
Thus a relatively flat, horizontal arch may support its own weight'by
friction at its abutments, provided the grains are hard and tightly wedged
to form an arch, and provided the two abutments do not yield. Tschebo-

tarioff assumed then that one of the successive horizontal arches, located

at a depth z'below the soil surface, has a cross section of unity and
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carries its own weight only. In that case q == Y(l.O)B, and therefore

the horizontal stress

B AL 1yl
A A - (4.4.5)

__h_L
Ky =¥y~ (4.4.6)

Tor ¢ == 300, by substituting tan® = 0.577 into Eq. 4.4.4 to obtain f,

we get

2

L L
T 8(0.144) Lz ~ (4.4.7)

Ra

If we assume now as a maximum value L = 0.4 H, where H is the full depth

of the cut, the hydrostatic earth pressure ratio becomes
K, = 0.4 = (4.4.8)

Thus, at a depth z == 0.10 H, KA = 43 if z == 0.20 H, KA = 2,0y if z = 0.4 H,

KA == 1.0. Actual observations on cuts in sand (Spilker 1937, White and

Prentice 1940), however, show lesser pressures at these elevations. This
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indicates that true arching in the case of cuts in sand does not reach
its maximum possible value.

Fig. 4.4.2.b shows a comparison of Tschebotarioff's arching
theory and an actual measurement of lateral earth pressures against braces
of a subway excavation at Sixth Avenue and 16th Street, New York (White
and Prentice 1940). From this it is obvious that Tschebotarioff's solu-
tion yields a total lateral earth thrust very much in excess as compared

to actual measurements and the constant theoretical pressure distribution

is also not in accotrdance with actual observations.

4.4.3 Critical Evaluation of Soil Arching

All concepts of arching try to explain the non-linear dis-
tribution of earth pressures by postulating certain thoeries. So far they
all fall short with respect that they cannot even come close to the actual
pressure distribution as observed on large-scale models or actual struc-
tures. In Figs. 4.4.3 and 4.4.4 an attempt is made to approach the pro-
blem step by step from the onposite end. The type of pressure distfibu—
tion is taken to be "known" and by a sequence of diagrams it is tried to
draw a physical picture how a transfer of stresses has to take place from
the "upper' arches to the lower ones to obtain the observed pressure dis-
tribution. The following is considered to be a visualization of certain

events and not a proof of a new theory, but important deductions will be
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made from it. All diagrams have been drawn for a constant horizontal
reaction. TFig. 4.4.3.a shows two parallel walls without bottom having
a uuiform lateral pressure distribution. For simplicity sake the wall
friction was assumed to be equal to the internal soil friction. As an
example eiglit arches are shown. Each arch is supporting 1/8 of the
total weight, true and complete arching is possible.

In Fig. 4.4.3.b the arches are deeper in the upper portion
since each arch can support only 1/8 of the soil weight, the portion
over and above this has to be transferred to the lower not yet fully
loadéd arches.

For the case where there is only one vertical wall, as for
a sheet pile wall, the second wall necessary #s reaction for the soil
arch is provided by the rupture surface. For the Rankine case, Fig. 4.4.4.a
there is no arching possible since the frictionless wall cannot support
a vertical reaction, the failure surface on the other hand could supply
a vertical reaction but there is no such thing as a cantilever arch for
uncemented individual soil grains. The formation of a soil arch alQays
occurs between the wall and the sliding surface which supply the two reac-
tions necessary. This kind of reasoning agrees also with Terzaghi's de-
finition of arching effect; the pressure is transferred from the yielding
té the less yielding part. Fig. 4.4.4.b shows the parabolic lateral pres-—

sure distribﬁtion and the load transfer from the upper to the center
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arches. The radial lines indicate the transfer of the weight of soil to

the lower arches. The horizontal reaction of all the soil arches is
9.1_3
H =:8f = constant

Since for concentric arches %f' is constan;, I1.qg also has to be constant
which means that the upper arches which have a large L, can support only
a small g and have to transfer the remaining soil weight to the lower
arches.

From these observations it is hardly justifiable to speak
of vertical arching, because vertical arches would require more or less
fixed supports in a horizontal plane and these.are not present for a
braced open cut.

Fig. 4.4.5 indicates how the soil arches would have to form

to give the respective lateral pressure distribution. From Fig. 4.4.5

it can be deduced that for a small friction angle and small wall friction

the centre of gravity of the area of the earth pressure distribution has
to lie lower due to the small vertical reaction components at the wall on
one side and the sliding surface on the other, vielding inhigher pressures
at the lower part of the wall. Further it has been shown (I.ehmann 1942)
that for higher vertical stresses, brought ahout.by surcharge loading,

the lateral';arth pressure increased considerably af the upper portion of

the wall, which is equivalent to a shift of the centre of gravity of the

pressure area towards the top.

B
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4.5 Hydrodynamic Considerations

4.5.1 Water Pressure

Water is one of the most important factors influencing
earth pressuées. The mechanism is complex; however;for most problems in
Soil Mechanics it can be represented by the concept of effective stress.
This concept can be considered adequate for earth pressure analyses.

There are many different causes of water pressure, among
the mbst important are hydrostatic, changes in pore volume, caonillary
tension, and various molecular forces. Because the actual areas of soil
grain contact with an engineering structure are extremely small, virtually
the full water pressure is exerted on the structure. Since the effective
weight of the soil is reduced by submergénce, the pressure exerted by
the soil grains is reduced proportionally. The total active pressure
is greatly increased, 2.5 to 3 times the dry soil pressure for typical
sands. In the case of passive pressure, the combined effect is usually
a reduction in the total pressure. The effect on at-rest pressure of a
cohesionless soil is an increase, similar to that for active, but not so
pronounced.

The effecf on tﬁe active earth pressure of a cohesionless
soil is illustrated in Fig. 4.5.1. The water table is taken a distance

3

Hl below the ground surface and assuming no flow conditions the porewater

pressure in the soil is the hydrostatic pressure. The carth pressure is
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calculated with the total ﬁnit weight vy above the water table and the
submerged unit weight y' below it. Since we are considering the effec-
tive stress, the shear strength parameter is ¢'. The calculated earth
pressure is that exerted by the solid particles on the wvall. The total
force on the-wall consists of this earth pressure plus the hydrostatic
pressure. The positive pore pressure produces a reduced effective stress
and thus a reduced strength. The effect of the loss in strength is an
increase in the active earth pressure. If the pore water pressure becomes
negative, as induced by capiliary tension, the shear strength is increased.
The negative water pressure, -u when inserted in the effective stress

equation

becomes

g'=0 - (-u)=0 4+ u which means an
increase in shear strength, regardless of whether the effect is expressed
in effective or total stresses. Similarly, capillary tension produces
an increase in modulus of elasticity. In such a state the active earth
pressure is correspondingly reduced and the passive-increased. This is

a temporary condition and can be destroyed by either dryving or saturation.
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4.5.2 Seepage

An important consideration in the design of a braced open
cut is the hydrodynamic analysis of the seepage conditions. The infor-
mation obtaiqed from such an analysis may often be put to very practical
use, and the total cost of shceting and bracing, which are temporary and
incidental to the construction of permanent structures, may be materially
reduced.,

The basic principles of flow through soils and the flow net
method of analysis represent so far the only approach which is satisfac-
tory, from a scientific standpoint for the determination of the laws gover-
ning the nature of flow through soils. The analysis permits a prediction
of the quantity, velocity, and direction of seepage flow, as well as of
seepage pressures. Tests and experience have proved this to be a good
guide.

The theory of seepage flow in porous media is based on a
generalization of Darcy's law (1856). This law was derived from an expe—.
rimental study of the rectilinear flow of water through sand filters and
stated that the quantity of water flowing through aiunit area of sand is
proportional to the hydraulic gradient. Hence v is the average velocity

of flow, we have

v==ki . (4£.5.1)
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where i denotes the hydraulic gradient and k is a factor of proportiona-
lity which is generally termed the coefficient of permeability.

When the excavation is open at the bottom, that is the
sheet piles are not terminated in an impermeable layer, provisions have
to be made to remove the quantity of water seeping into the excavation.
The amount depends on the hydrostatic head, which is the difference of
water levels on the inside and outside of the excavation and on the
permeability of the soil. For a rough approximation Karaflath (1953)

proposed the following equation

51 1 B, B_
¢ =2kH T In 9 (ZD)

2 41 4.5.2.)

where k == coefficent of permeability

H = hydrostatic head

B = half width of excavation

1 == distance from center of excavation to horizontal water table

D = depth of penetration of sheet pile below bottom of excavapion

In order to compute the rate of flow of water through soils,

it is necessary to determine the intensity and distribution of the pore-
water pressures. These pressures can very conveninently be determined
from a flow met, which represents the flow of water through an imcompres-

sible soil. "Fig. 4.5.2.a shows such a graph in which the flow lines and
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equipotential lines run in a predominantly vertical and horizontal
direction, respectively. Using this concept and Darcy's law the amount

of flow per unit length of sheet pile wall is given by

: Nf .
q=-— Lk H (4.5.3.)
N
d
; where Nf = number of flow channels
i .
Nd = number of equipotential spaces.

Molnar (1957) determined by the electrical analogy method the flow pat-
tern for a perfectly watertight sheet pile wall. Tﬁe assumption with
respect to watertightness corresponds to the actual behaviour of a well
constructed prototype. The wall always yields somewhat towards the exca-
vation and this movement will tighten the joints. The deposition of
fine soil particles between the joints will further increase the water-
tightness of the steel sheeting.

Molnar (1957) proposed the following equation to approximafe

the qﬁantity of water inflow per unit length of wall

2Bk H

= Vi
h 2D (4.5.4)

where B == half width of excavation

Of course the total quantity of water (Q) is obtained by

—k
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multiplying the unit inflow by the'pcrimeter of the excavation or
0=2q (L+2B) (4.5.5)
in which L =% length of excavation and
B = half width of excavation.
This quantity should be increased by some factor due to

the increased inflow (bunching of flow lines) at the corners.

4.5.3 Piping and Bottom Heave

The excavation of a cofferdam is, if possible, done in the

.
'

dry which means that the waterlevel inside.the éofferdam has to be kept
at or below the bottom of the excavation. As the excavation proceeds
the inside waterlevel has to be kept lqwer and lower and the effective
head of the seceping water is increased which increases the danéer of
formation of boils and heaves. It is necessary to calculate the factor
of safety with respect to piping. This condition is shown in Fig. 4.5.2
which is a section through a single wall sheet pile cofferdam. As soon
as there is a hydrostatic head ‘developed water starts to flow dovnwards
through the sand on the left side of the sheet piles and upwards on the

right, Fig. 4.5.2.a. If D is the depth of sheet pile penetration below

the excavation grade then it was found by model tests (Terzaghi - Peck 1967)

PR »
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that the rise of sand occurs within a distance of D/2 of the sheet pile.
The zone of danger is confined to the prism abcd. Considering the forces
acting'on a horizontal section through the tip of the sheet piles such as
AB, Fig. 4.5.2.b, at the instant of failure the effective or intergranular
stress becomes equal to zero on or above section cd. The soil grains do
not offer any resistance to the water flowing upwards and the sand rises
with the water as one mixture and at the saﬁe time the effective lateral
stress at the sides of the prism is approximately equal to zero. The
sand within the prism has lost all its supporting capacity for objects
haviﬁg a greater unit weight than the soil water mixture. To determine
the pore water pressures at section AB it is necessary to plot a flow net,
Fig. 4.5.2.a. It should be noted that for this particular case one~-third
of the loss of head occured within the cofferdam. The average excess
hydrostatic pressure on the base of the prism cd is Yy ha. TFrom the
condition of equilibrium at this section we have the total excess hydro-

static force acting upwards, which is
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Therefore the factor of safety with respect to piping is given by
_F Dy’
F =3 _.ha - (4.5.6)
v

The flow path of the water can be increased by increasing the depth of
penetration of the sheet pile, which results in a smaller hydraulic
gradient and a lower flow velocity.

The penetration depth necessary to guaranty an adequate
factor of safety against boiling was also given by Ordujanz (1954). Bot-
tom heave in the excavation is imminent when the submerged unit weight
of the soil is equal to the flow pressure directed vertically upwards.

From Fig. 4.5.2.b the hydraulic gradient is

H+2D

To consider a factor of safety, F, with respect to bottom heave the equa-

tion will be

Yoy =B
F 1Y TH 2B Y

from which

[ERSR :.
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or

v _ 4.5.7)

A factor of safety of 1.5 to 2.0 is usually considered to be adequate
for this typé of structure.

From the English Civil Engineering Code Practice No. 4,
pp. 93, the following minimum values for the sheet pile penetratioﬁ

depth were given:

For an open cut

B > H, Dmin. = 0.4H
B = H, Dmin. = 0.5H
B = 0.5H, Dmin. == 0.7H

As can be seen the penetration depth, D, does not only increase with an

increase of hydrostatic head but also increases with a decrease of cut

width. Similar experimental observations were also made by Bazant (1963).

Marsland (1953) undertook extensive model studies and
concluded that for excavations in dense homogeneous sands, failure occurs
when the exit gradient equals the critical gradient of flotation, ic, and

’

also that for loose homogeneous sands, failure occurs when the pressure

[N
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difference between the pile tip and the excavation base is sufficient
to 1lift the column of submerged sand adjacent to the inside of the
sheetiﬁg. He suggested also values of the penetration required for
various factors of safety for narrow excavations in loose and dense sand
as given in Tig. 4.5.3. 1In all cases the watex levels were taken to be
at the corresponding sand levels, inside and outside the excavation.
McNammee (1949) summarized the work done at the Building
Résearch Station and presented his conclusions in form of graphs. He
concluded that it is difficult to determine by a priori considerations
| of wﬁether boiling or heaving is more likely to occur in any particular
problem. There are, however, some guiding principles. In homogencous
sands it seems likely that boiling will be the criterion of safety against
seepage pressures when the excavation is very wide and that heaving is
more likely to occur in narrow excavations. Fig. 4.5.4 gives the
penetration depth required for excavations of different width for factors
of safety ranging from 1.0 to‘2.5. |
A valuable nomograph was developed by Mandel (1951). He
considered the equilibrium at the instant of failure at a_ point directly
below the tip of the sheet pile. He found the following relationship between

the forces py and Py (Fig. 4.5.5 ):

G = VB (pz + G)

Py

24 SITIT
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in which

G=¢C . ctg &

and
' ™t
v = " tan ¢

2 s 0
B tan” (45 - 2)

and further

Pl = P + Yw O - Yw (M + iH)
= ' - 3
P+ Y, (y'D - iH)

from which he derived the necessary penetration depth

D P i
D = i — - Gl+ =+ H (4.5.9)
Yo ¥ |:Vb 1 ‘] Y

For a sheeted excavation

P =y [Y m - H1)+ Y' H]

w

Using the above equations as a basis Mandel obtained a graphical solution

in form of a nomograph as shown in Fig. 4.5.5, in which

! P _ ]
Al Oy - DH livb_l_—cctg d)]
2, <=1 5 Y= -DU -1
2 Yy -1 s .
(4.5.10)
Z3=T/H
from which
Z4 = D/H

is obtained. . -
At the London site the conditions were as shown in Fig.
4.5.2. The ground surface was at an elevation of 772 ft. and the grade
of the excavation at elevation 722.9 ft. The hydrostatic head averaged
27 ft. and the sheet pile penetration depth was 9 ft. with the pile tip
elevation at 714.0 ft. At several times d;ring construction local boils
occurred. Therefore it is of paramount interest to analyse this case
using‘the different methods and procedures outlined above firstly with
respect to a factor of safety against a hydraulic failure and secondly to
check the required shecet pile penetration depth for different factors of

safety.
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From Terzaghi's Eq. 4.5.6 the factor of safety with

respect to piping is for D =9 ft., ¥ %ny and ha = 1/31, where H =27 ft.,

_Dy' _ 9 _
Pehy, I ey Tt

PR F PR SR ROV SR DI SE Fy L TS

K which indicates that piping is imminent. Assuming a factor of safety of

1.5 the required sheet pile penetration depth would be

CFrhMa Yy 15 (21 (O _
D = == ==
Y 3

i W

13.5 ft

Ordujanz' solution yields

' Y

; Yy pow g D P9 2 =

; (Y') F =2 m -1 and F 2 57 1y + 1 1.67

which seems unrealistically high considering that local boiling did occur

in the excavation. The required penetration depth for F = 1.5 should then be

Y
— Y oo H_ _ 27 . i
D (Y,) F-1 3 (1) 1.5-1 3 6.75 ft

: It seems that the solutionproposed by Ordujanz is unsafe as applied to the

test site conditions.

From Marsland's proposal, Fig. 5.4.3 we obtain for

D/H = 1/3 and B/H1 ==%%-= 0.84, F = 1 indicating boiling is occurring.

For F = 1.5 the required penetration should be
D= 0.65 H = 0.65 (27) = 17.5 ft

McNamee's graph, shown in Fig. 4.5.4 yields for D/H = 1/3
and 2B/H z=%%—==3.1 a factor of safety F==1. Or considering F == 1.5 the |

penetration depth should be

D = 0.55 H= 0.55H =< 14.9 ft.

In order to use Mandel's nomograph Fig. 4.5.5, all dimensions

and soil parameters have to be converted into metric units
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H= 8.2 m
Y = 2.08 t/m>

P 1.0 [2.08 (3.94) + 1.0 (8.2)] = 16.4 t/m°

- o]
vy = el > tan® (45 + 52/2) = 303
= 1 16.4
z]_ T (2.08 -1) 8.2 [ 303 < 1 (ﬂ 0.006
l —
Zy=708 -1 093
23 > 3

The value of Z, is obtained from the nomograph as 0.48

4
and the.penetration depth is
D=2,~H=0.48»8.2 = 3.9 meters
or
D = 13 feet
Unfortunately Mandel does not specify the factor of safety he has assumed
for his graphical solution.

The English Civil Engincering Code will give
Dmin = 0.5 H or Dmin = 13.5 feet,

Concluding it can be said that the methods discussed
above yield consistent results, exeept for Ordujanz; method, and that
the sheet pile penetration depth should have been approximately 15 feet
to provide a factoF of éafety F.==l.5. The use of an adequate well

point system would, of course, decrease this penetration depth.
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CHAPTER 5

EXPERIMENTAL MEASUREMENTS AND RESULTS

5.1 Description of Excavation

5.1.1 General

During the period from December 1963 to July 1964 a sys;
tematic programme of measurementé was undertaken at an open braced cut
at the Greenway Pollution Control Centre in London, Ontario. It was
considered of importance to determine the nature and magnitude of the
forces and of the movements of the soil mass associated with the excava-
tion, and to obtain definite information concerning the safety of the
bracing of the temporary structure. Furthermore, it was desirable to
obtain quantitative data which could be used as the basis for economical
design of bracing systems for future excavations in similar soil.

The roughly L-shaped excavation measured 68 by 42 feet for
the longest leg, the other leg was 30 by 23 feet. A plan of the iocation
of the site is shown in Fig. 5.1.1.

Continuous sheet piling was driven around the perimeter'of
the excavétion and consisted of 225 interlocking U-shaped Larssen IIIN
steel piles from 41 to 55 feet long as well as horizontal wales and struts.
The maximum depth of excavation was apvproximately 50 feet below the ground
surface elevation of 772; The three main strut levels A, B, and C were at
elevations 753.0, 741.0, and 729.0 feet, respectively. Additional sloped

braces were installed at elevations 762.0 and 772.0 feet.
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5.1.2 Geology

The area of the site lies within an ancient glacial spiilway
which underlies the western part of the surrounding territory of the city
of London. These spillways were built either by a broéd tongue of ice
advancing through the lowlands of Lakes Ontario and Erie or by an ice
sheet advancing from the north to meet this ice tongue and pushing forward
as a lobe from the basin of Lake Huron (Chapman and Putnam 1966). North
of Lake Ontario the bulky Oak Ridge moraine stands at the meeting point
of the two conflicting movements of ice, while west of the Niagara escarp-
ment interlobate deposits are found in several places around London. These
are sandy moraines with drainage channels running through them lengthwise.

The highest glacial lake (Lake Maumce) of the Erie and
Huron basins emptied westwards into the Mississippi. During the early
1ife of this lake the Huron and Erie ice lobes contacted each other just
west of London. The finer sediments give way to stream gravels é]ong either
branch of the Thames River. Irregularities in the deposits, due to the
glaciofluvial origin are not uncommon. Soil fractions of all sizes may
be present, but the clay content is usually not significant. The under~
lying bedrock is of sedimentary origin from the Devonian Age, mainly lime-
stone. It was encountqred in one borehole at a depth of 97 feet (elevation
675). Presumably the bedrock is flat lying, its surface generally being

almost horizontal in this region.
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5.1.3 Soil Condition

The subsoil within the depth of the excavation consisted
almost exclusively of uniform fine to medium sand. The grain size analyses
curves of seven samples are shown in Fig. 5.1.2. The locations where the
samples were éaken are shown in Table 5.1. The location of the boreholes
are indicated in Fig. 5.1.1 and the borehole logs are given in Fig. 5.1.3.
The holes were wash bored and liﬁed widex casing. Standard penetration
test samples were taken. The N values from the penetration resistance are
also shown on the borehole logs in Fig. 5.1.3. Below the watertable which
was located approximately at elevation 753 feet (15 to 20 feet below the
ground surface) the N values were generally greater than 100 or very close
to it, which classified the soil as very dense.. Field densities were
obtained during excavation at seven locations. The greatest dry unit
weight was 125.3 pcf at an elevation of 753.0 feet. Table 5.1 lists the
field densities and the locations from where the samples were takcn.

Above an elevation of approximately 740 feet the sand had an average dry
density of 103 pef whereas below this elevation the dry density averaged

123 pcf for the same type of soil.

5.1.4 Water Table

+ The ground water level at different locations before the

start of construction of the excavation are indicated on the borehole logs
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Sample " Location Elevation Spec. Dry Density, pcf Rel.. Dens.
No. Feet Grav. &= Field Max. Min. Dr %

F.D. 1 6' south of pile 747.0 2.69 99.8 125.2 88.0 41.2
No. 19

F.D. 2 6' south of pile 747 .0 2.70 105.3 127.1 86.4 56.0
No. 11

F.D. 3 7' south of pile 743.0 2.71 103.0 126.4 87.3 49.4
No. 14

F.D. 4 13' south of pile 735.0 2.69 124.5 126.1 90.0 96.4
No. 18

F.D. 5 4' north of south 735.0 2.71 125.3 125.8 85.5 99.5
wall at pile No. 7

F.D. 6 7' south of pile 728.5 2.71 122.4 125.3 87.1 95.0
No. 7

F.D. 7 18' south of pile 728.0 2.70 122.2 122.2 89.0 100
No. 18

Table 5.1 Location and Densities of Soil Samples
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in Fig. 5.1.3. Boreholes 3 to 7 were made in September 1960. The water
table was at an approximate elevatjon of 753 feet. Boreholes 25 to 29
were made in October and November 1961 and the average water level in
these holes was at 750 feet. The first water level méasuremcnts were
taken several days after completion of the borehole to allow the water
table to reach static equilibrium. —

Borehole No. 6 which was located just north of the excava-
tion and the three piezomaters installed on sheet pile No. 13 were taken
as indicative of the ground water table in the soil just north of the
north wall.

The change of water levels during the excavation period is

shown in the corresponding figures of Section 5.2.

5.1.5 Instrumentation

5.1.5.1 General

Uncertainties concerning the behaviour of soils during and
after construction are usually taken into consideration by using consefvative
design procedures or construction methods that increase the cost of the
work while not necessarily assuring anticipated safe performance. In some
cases, this type of job.can be more realistically approached by installing
measuring instyuments, observing closely the behaviour of the structure,

and altering the construction procedures if the results of the measurements
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indicate that this might be necessary. The experience thus gained, which
is recorded in the form of measurement data, can also frequently be of

value for future design problems. Although the purpose of this instru-

mentation was to obtain field data concerning the magnitude and the distri-

bution of earth and water pressures as well as information on the defor-

mation behaviour of a strutted excavation in sand as a research project,

the strut load measurements were used during construction to estimate the
safety of the bracing system.

In order to conveniently refer to structural members the
sheet.piles of the north wall were numbered consecutively from west to
east as indicated in Fig. 5.1.4. The north wall was chosen for instru-
mentation because it was the deepest part of the excavation (approx. 50

feet deep) and the ground surface was level.

5.1.5.2 Struts

The bracing system of the north wall is shown in Fig. 5.1.4.)

The three main strut levels A, B, and C were at elevations 753.0, 741.0,
and 729.0 feet, respectively. Auxiliary inclined bfaces (rakes) were
installed at elevations 762.0 and 772.0 feet and were braced against the
east and west walls for support.

A ten foét decp excavation inside the periphery of the

structure was made before the Larssen IIIN piles were driven. Additional

H-piles with wooden laggings
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were welded to the top of the first piles to bring the north sheet pile
wall up to the original ground surface at elevation 772.0. The excavation
outside the north wall then was backfilled with loose sand. The inclined
top strut at elevation 772 had the purpose to hold the backfill in place
and carried practically no load.

The struts of the main levels were 14 VI 87 and were welded
to the wales. The 33 WF 130 wales were supported by 3.5 feet long 10 WF
49 brackets welded to the sheet piles. To ensure a tight contact between
the troughs of the piles and the wales, wooden vedges were driven between
them.

The loads in the struts of the north wall (Fig. 5.1..4) were
determined by measuring the strains in the struts with a Vhitmore dial
gauge. All the struts, except the top inclined braces at elevation 772,
which were practically load free, were instrumented with strain gauge
points. The forces in the instrumented struts were measured by measuring

the strains over an eight inch gauge length. The strain gauge points were

mounted five feet from the welded connections to keep away from concentrated

stresses at the commection. A dummy gauge welded to the strut was uséd for
reference and temperature correction; The strains were measured on either
side of the neutral axis of the strut and the average strain was multiplied
by the product of the cross—sectional area of the strut and the modulus of

elasticity of .the steel in order to obtain the load. One division on the
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Whitmore dial gauge corresponded to a strain reading of 1.25 (lO)—S

in/in for an eight inch gauge length. For the 14 WF 87 strut this
corresponded to an axial load of 9.2 kips for a modulus of elasticity of

29,000 ksi.

_ For the inclined struts at elevation 762 feet fhe total
fofce was measured. Knowing the angle of inclination the horizontal or
lateral force component was computed. The gauge points were protected from
corrosion and damage by grease and by a plywood cover. With these pre-
cautions only one set of gauge points was lost. These were replaced

taking as zero reading the previous load measurement.

5.1.5.3 Water Levels

Three water pressure gaugeé were mounted on sheet pile
No. 13. These gauges consisted of plastic tubing with-an open end and
were attached to the pile during the excavation. The ground water level
was also determined from borehole and stand pipe observations. The location
of the piezometers are shown in Fig. 5.2.40 (page 198). Pressures were
measured by obscrving the height of water level in the plastic tubes or

in the case of the boreholes by determining the water level by means of

an electric probe.

5.1.5.4  Sheet Pile Movcments

Sheet pile movements were measured directly from a baseline
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which was located south of the north wall. To measure the movement of
the top of the piles, reference points were marked at the top of piles
2, 4, 6... to 32 as indicated in Fig. 5.1.4. The deflections of piles
13 and 15 in the vertical planme werc measured directly by establishing
reference points on these piles at approximately 3 foot vertical intervals.
The distances between these points and a plumb line suspended in the ver-
tical plane of the baseline were measured by means of a scale. These
measurements could only be taken down to the bottom of the excavation.
The order of accuracy of these direct measurements was 0.1 in.

The subsidence of the soil behind the north wall could not
be measured because the soil surface was disturbed during construction and

because of the location of the adjacent administration building.

5.1.5.5 Pressure Cells

The carth pressure transducers used were of the vibrating-
wire type and were develoned by the Norwegian Geotechnical Institute for
the Oslo Subway Construction in the late 1950's.

The gauges with prefixes "G were cells on loan from the
Division of Building Research of the National Research Council and the W
gauges were identical except they were manufactured in the machine shop of
the University of Waterioo. The cells had a relatively stiff membrane at

the back of which the vibrating wire was affixed. .The membrane was sealed
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into the housing by an O-ring. The electric cables were brought up to
the ground surface inside a tubing protected by a steel angle welded

to the sheet pile and terminated in a switchbox. The tubing was neces-
sary to allow atmospheric pressure inside the cells.

. A description of the mechanical and electrical details of
the cells is given in Appendix A. This appendix also gives an evaluation
of the performance and reliability of this transducer.

A total of thirteen cells were installed at various eleva-
tions on sheet piles No. 14 and No. 15. The cells, leads, and steel
angles were attached to the two test piles at the machine shop of McMaster
University under the direction of Professor N.E. Wilson before the piles
were brought to the site. Fig. 5.1.5 shows the location of the cells on
these two test piles. Due to the particular U-shape of the pile sections,
the cells on pile No. 14 were mounted on the recessed face or trough of
the section, whereas the cells on pile No. 15 were mountéd on the front
face. Tt was suspected that the pressure transduceré mounted in the trough
of pile No. 14 would register low and those located at the front face of
pile No. 15 would register high due to arching effect occﬁrring across the
trough. TIn order to obtain the average earth pressure, therefore, two
adjacent piles were chosen for instrumentation. One cell, G-7, on pile
No. 14 was located below the bottom of the excavation with the membrane

facing to theinside to measure the passive earth pressure. All gauges
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were calibrated in the laboratory and zero readings were taken before

and during pile driving as long as they were above the ground surface.

5.1.6 Construction Procedures

The simplest form of an open cut is that of an excavation
with surrounding sloped banks in a stable condition and provided with an
adequate drainage system consisting of pumps, sumps, and drainage ditches,
or a system composed of well points. Where there is room for the slopes,
this is the most economical solution, but where the excavation has to be
made in built-up areas the engineer has to resort to a vertical sheeting
and bracing system or to a combination of both.

At the London site interlqcking sheet piles were emnloyed
because of the proximity of adjacent structures and the high ground water
level. Construction started in January 1964 and the reinforced concrete
slab at elevation 722.9 feet was poured in July 1964. The intermediate
excavation stages along a vertical section through the north wall at the

centre bay are shown in Fig. 5.1.6. The excavation level close to the

north wall and the time of installation of the bracing members are indicated

in Fig. 5.2.2 to Fig. 5.2.16 inciusively. The original ground elevation
at the north wall was at elevation 772 feet. The area inside the excava-
tion boundaries was excavated to a general elevation of 762 feet, then a

two foot deep trench was excavated around the perimeter of the whole

excavation.

[OUSURNSRS ..
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For convenience in referring to particular times, the days
have been numbered consecutively starting with zero on January 6th, wheﬁ
the pile driving operation at the north wall began. Thus day 1 is
January 7th, day 2 is January 8th, and so forth.

The Larssen IIIN sheet piles were positioned in place at
the bottom of the trench and driven down approximately four to five feet
and then the driver was moved to the mext pile. This procedure was fol-
lowed around the excavation in order to prevent opening of the joints
and buckling of the free standing section of the pile. To hold the piles
in vertical alignment a steel template was used. The first ten feet were
driven with a Delmag D-12 diesel hammer and then a 5.5 ton vibratory driver
Model Foster Vibro, having a maximum frequcﬁcy of 1,000 cycles per minute,
was used to drive the piles to grade. The tip elevation of the piles when
fully driven was at élevation 714.0 feet. When the resistance to driviﬁg
became.too severe, a 2-inch pipe with a l-inch nozzle was pushed’ down the
piles jﬁst ahead of the pile tip and the soil was loosened by a jet of water.
Excavation to a level slightly below the A-level at elevation
753.0 feet was accomplished with a clam shell before wales and struts were
installed. The soil of the whole excavation was rémoved by clam shell with
the trimming close to the sheet pile wall being done by hand shovels. VWhen
the excavation reached a strut level, steel brackets 3.5 feet long were

s

welded at 13 feet centres to the piling'and the wale was nlaced on top of

[EPUTOSORS— L1
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them. It was then welded to the wales along the adjacent sides of the
excavation to form a continuous section. The struts were welded to the
wales. None of the braces were prestressed.

On day 37 (Feb. 13) as the excavation level at the north
wall reached elevation 733 feet with the B - level struts at elevation
741 feet already in place, the large iron water main running north of
the north wall broke. This was probably due to the deformation of the
wall causing the sand to exert excessive bending stresses in the pipe.

The break in the water main caused the water level directly behind the
sheeting to rise to an elevation of 759 feet, as was indicated by the newly
installed standpipe at pile No. 13. Subsequently boiling cccurred in

the excavation opposite piles 10 and 12 of the north wall. It was found
that pile No. 10 had a broken weld at ele&ation 726 where the two sections
of this pile had been joined. The sections were now separated allowving

the water to pipe into the excavation. This soil disturbance did not
affect the cell readings on the two test piles. It took several davs

to repair the damage.

On day 45 (Feb. 21) well points at 3 foot centres were
installed just inside the sheet pile wall. Up to this day the water level
in the excavation was controlled by pumping from sump pits. The newly
jnstalled well point system did not prove to be adequate. Fine sand
plugged up th; filters and the discharge from the pumps was comparatively
small. Localiged hoiling could be observed in the lowest parts of the

excavation.
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On March 5th (day 58) the excavation had reached elevation
724 feet when the south-west corner failed by piping. The inrushing watér
filled the excavation to an elevation of 730 feet. The concrete aeration
tank adjacent to the west wall of the cut cracked and settled, probably
due to removai of sand from under the tank. Two days later the damage
was repaired and the water level inside the excavation was drawn down
by a combination of well points and sump pumps in order to complete the
excavation. The final trimming to grade (clevation 722.9 feet) was done
by hand equipment and was completed by March 7th (day 59).

'The well point system at this time was still not functioning
adequately. The water level within the excavation was therefore kept at
elevation 730 feet to reduce the hydraulic head while an attempt was made
to improve the well point system by placiﬁg a filter around the well points.
The improved system was still not satisfactory because localized boiling
could be observed at the bottom of the excavation as the water table was
drawn down again. The cxcavation was flooded again and the water level
was kept at elevation 730 feet and no further work took place up to approx-
imately April 15th (day 99).

After April 15th the excavation was flooded to the outside
water level at elevation 748.5 feet. The old well point system was removed
and a new system was installed. In June the new system was completed and
functioned weil. The water level was drawn down below.the bottom of the

excavation and constructicn operations resumed. In July the concrete mat
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was poured onto the floor of the cut. Before the concrete walls were
poured, using the shecting as back form, the earth pressure cells above
the bottom of the excavation were removed from sheet piles No. 14 and No.

15. They were taken back to the laboratory for recalibration.

5.2 Results of TField Measurements

5.2.1 General

The measurements at the London site represent the first
known efforts to measure earth pressures directly on the sheet piles of
a braced cut in sand. At the same time the strut loads were measured
and used to deduce the pressure distribution on the back of the wall
to permit an internal check on the laterai earth pressure distribution
obtained from the cell readings. Therefore it is of prime importance to
establish the reliability of the measurement techniques and instruments
used. Considerable time and effort has been spent in evaluating all
factors affecting the obtained readings. This was especially true for
the earth pressure cell readings as discussed in Appendix A. The water
pressures have been claculated from flow nets based on standpipe observa-
tions at different locations outside and inside of the excavaticn as well
as directly on the sheet pilés. The results have been represented in a
graphical forﬁ.to indicate the general trend of measurements on a time basc
and also to allow one to become familiar with the construction sequence and

its effects upon the behaviour of the excavation.
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5.2.2 Earth Pressures

The results of the thirteen earth pressure cells mounted
at different elevations on sheet piles No. 14 and No. 15 are tabulated
in Table 5.2.1 (a) and (b). Observations over a period of 175 days are
shown with regpect to construction progress. The pressure cells recorded
total pressures with the effective stresses being obtained by subtracting
the water pressurc on the cell. The results are depicted graphically in
Figs. 5.2.1 to 5.2.16 inclusively. These vertical sections, plotted
for different days, show the lateral effective earth pressure distribu-
tion, the water pressure behind the wall, the extent of excavation as
well as the progress of strut installation. The methods used to inter-

pret the cell readings and the factors affecting these and their accuracy

limits are discussed in Appendix A.

5.2.3 Strut Loads

The strut loads were calculated from strain measurements
in the struts. It was assumed that each strut carried the total preésure
contributed from an area of one half of the bay's width to each side of
the strut and the distance halfway to the next adjacent strut level.
From this an apparent pressure distribution diagram was derived after
subtracting the total water force from the strut load. The strut forces

are shown in Figs. 5.2.17 to 5.2.38 and are the average loads from the
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Day Date Air Earth Pressures - psi
1964 Temp
e W-5 W-3  W-2  W-1 -4 G-7

1 Jan. 7 32 0 0 0 0 24.5
Jan. 14 20 0 0 0 0 23.7
8 Jan. 15 18 0 0 0 0 9.5
14 Jan. 21 39 0 0 0 1.2 11,1 9.6
21 Jan. 28 42 2.2 2.0 3.7 - 7.5 7.6
24 Jan, 31 35 3.8 .0 3.6 - 5.2 7.6
28 Feb. 4 42 4.0 2.8 - 5.7 8.7
30 Feb. 6 37 3.6 - 2.2 - 5.8 8.5
36 Feb. 12 32 3.7 4.9 2.1 - 7.5 10.6
37 . Teb. 13 35 2.6 7.1 7.5 - 3.7 9.5
45  Feb. 21 25 4.5 6.4 5.2 - 2.7 6.5
57 Mar. 4 47 9.0 - 7.5 - - 3.2
60  Mar. 7 45  13.5 - 8.3 - - 7.2
76 Mar. 23 43 9.0 8.9 9.2 - - 1.0
86 Apr. 2 40 9.2 - 8.3 - - 1.6
111 Apr. 27 54 8.8 - 5.6 - - 2.5
168 June 23 94 8.1 1.2 3.8 - 2.4 5.9
175 June 30 95 3.9 4.9 5.0 - 0.3. 9.4

NOTE: A "zero" reading indicates cell is above ground surface

ST o TR e g

TABLE 5.2.1(a)

EARTH PRESSURIS ON SHEEY PILE NO. 14 -

RESULTS OF MEASUREMENTS FROM FARTI PRESSURE CELLS

B



155

Day Date Air Earth Pressures - psi
1964 Temp
F° W-6 G-5 G-4 G-3 G-l G-2 G-6
1 Jan. 7 32 0 0 0 3.4 5.0
7 Jan. 14 20 0 0 0 0 3.6 4.4
14  Jan. 21 39 0 0 0 1.4 5.0 8.9 10.1
17  Jan. 24 42 - - - - - -
21 Jan. 28 20 3.0 2.6 3.3 9.0 13.8 11.7 15.6
24 Jan. 31 35 2.9 1.7 2.9 6.7 13.4 9.5 12.9
28  Feb. 4 42 3.0 1.9 3.3 6.5 12.5 9.4 13.3
30 Feb. 6 37 3.0 1.9 3.4 4.7 11.7 9.4 13.2
3 Feb. 12 32 3.7 5.8 5.2 5.7 5.5 53 14.9
37 Teb. 13 35 5.4 6.4 7.1 3.0 3.8 2.0 13.3
45 Feb. 21 25 3.2 6.3 4,5 2.7 4.4 1.5 11.0
50 Feb. 26 34 6.1 1.5 2.2 1.4 3.4 3.2 8.1
57 Mar. 4 47 7.7 1.0 3.4 2.1 4.6 1.7 8.8
60 Mar. 7 45 7.9 0.6 3.6 2.4 4.1 3.9 8.9
76 Mar. 23 43 7.1 1.1 4.6 4.7 5.1 3.4 5.6
86 Apr. 2 40 6.5 1.1 4.2 3.2 4.3 2.5 5.3
111  Apr. 27 S& 5.0 1.2 2.7 3.2 5.8 3.3 6.0
168 June 23 94 5.4 1,1 3.1 7.1 11.5 8.3 10.0
175 June 30 95 5.4 1.5 3.3 2.3 10.9 7.7 9.4
TABLE 5.2.1(b)
EARTH PRESSURES ON SHEET PILE NO. 15 —

RESULTS OF MEASUREMENTS FROM EARTH PRESSURE CELLS

B
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east and west strut enclosing the centre bay of the north wall. The
strut load component due to the earth pressure and the component due
to the'water pressure are indicated at each strut level. At times it
was not possible to obtain strain readings at each strut level because
of the high water level within the excavation or the loss of a set of
gauges. The missing strut loads were therefore interpolated from the
readings before and after in order to determine the sum of the strut
loads over the whole section. The forces in the struts corresponding
to the water pressure were calculated from flow net analyses as outlined
in Séction 5.2.4 below. Table 5.2.2 lists the strut load measurements.
To give a more realistic interpretation of these results
the progress of excavatijon and water levels have also been inﬁicated on
the figures. An attempt was made to draw an apparent pressurec distri-
bution curve representing the lateral earth pressure on the sheet pile
wall based on the strut load measurements. Fig. 5.2.39 shows the varia-
tion of net strut forces in kips with time. The contribution of fhe water,

pressure vhere applicable, is also shown.

5.2.4 Water Pressures

The hydrodynamics of steady-state water flow into an exca-
vation has been dealt with in Chapter 4, Section 4.5. Due to the geometric

complexity of the prohlem and the present lack of mathematical solutions
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Day Date EL. 762 EL. 753 EL. 741 °  EL. 730
1964 Level A - Level B Level C

Earth VWVater ZEarth Water ZEarth Water FEarth Water

28 TFeb. 4 12.8 0

30 Feb. 6 5.2 0  28.6 0

38 Teb. 14 39.0 0 94.9 0

45 Feb. 21 20.0 0 79.6 0 .5 30.3

46 TFeb. 22 33.3 0 .7 32.6

49 TFeb. 25 33.3 0 33.1 17.4

50 Feb. 26 15.7 0 82.6 0 69.6 22,1

51 TFeb. 27 89.0 0  98.3  20.7

55 Mav. 2 ' 3.3 . 62.1
56 Mar. 3 443 0 51.7  14.7 37.9  57.8
57 Mar. 4 25.1 0  99.5 0 96.5 11.5 23.1  54.5
59 Mar. 6 66.7 0 68.7  20.0

62 Mar. 9 44,3 0 23.9  20.4 42.9  68.0
64 Mar. 11 33.4 0 46.6  20.1 50.0  83.0
74 Mar. 21 44 .4 0  57.4 9.3 90.4  53.6
76 Mar. 23 33.3 0  47.1 8.3 99.6  52.9
77 Mar. 24 33.3 0  91.6 8.3 92.1  52.0
85 Ap. 1 31.2 0  87.5 0  49.3 9.2 54.0  -54.4
86 Ap. 2 44.3 0 47.2 8.3 68.7  53.4
99 Ap. 15 44,3 0 54.4  12.1
114 Ap. 30 ' 44.4 0.6 22.5 44,0 128.5  79.5
162 June 17 1.4 148.5 27.5
163 June 18 1.4 171.5  27.5

TABLE 5.2.2

STRUT LOADS IN KIPS
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the sketch flow-net ﬁethod was used throughout in determining the
steady-state seepage conditions. TFlow nets are an extremely powerful

and uséful engineering tool even for persons possessing moderate skill
and they develop a clear physical understanding of the hydrodynamics
involved. The flow nets constructed for the different hydraulic
conditions were considered sufficiently accurate in determining the
water pressures on the back of the sheeted excavation. The water pres-
sure acting directly on the retaining structure was obtained from three
piezometers, P 10, P 11, and P 12, vhich were of the standpipe type
mounéed on sheet pile No. 13. The piezometers were located at elevations
743.8 feet, 733.5 feet, and 725.0 feet, respectively. There were also
several standpipes north of the wall and inside the pit to allow a
reasonable accurate location of the potential lines inside and outside
the excavation. A continuous record of the water levels of the 25
piezometers located around the periphery and inside the excavatﬁon and

of the level of the Thames River were obtained during the month of

March. Fig. 5:2.40 shows the locatioﬁ of these standpipes and Fig. 5.2.41
indicated the fluctuation of the water levels of Thames River and the
water level inside and outside of the excavation at the north wall. Of
particular interest, of course, were the water level observations directly
behind the north wall at the same time as pressure cell readings were

taken. Flowiets were constructed for every earth pressure or strut strain
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gauge reading, twenty-five in total. Because of the similarity of
these diagrams, only five have been shown in Figs. 5.2.42 to 5.2.46,
These indicate the major changes of the free water surface inside and
outside of the excavation at the north wall. The drawdown of the free
water surface behind the sheet pile wall was surprisingly minimal ﬁnd
generally could be considered negligible especially when the difference
of water levels between the outside and the inside of the excavation
was small.

All the flownets were drawn disregarding the effect of
the well point systems. The first well point system was inadequate and
the discharge from it was so small that it was assumed that the flow
pattern was as shown in Figs. 5.2.42 to 5.2.45. Only two sets of earth

pressure readings were taken after the new well point system had been

installed. For both sets of readings the water level inside the excava-

tion was well below cell G-7 at elevation 618.5 feet.

5.2.5 Sheet Pile Movement

The deformation behaviour of two sheet piles, No. 13 and

No. 15, were obsecrved over a five month period. The bottom of the excava-

tion was reached on March 7th (day 59) and readings of lateral deflections

and movement of pile tops were continued until June 23rd (day 168).

s
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Fig. 5.2,47a shows the position of pile No. 13 and Fig. 5.2.47b shows
the position of pile No. 15 throughout the observation period. On
day 21 (Jan. 28) the piles were fully driven and excavation had not
commenced. The pile tops were approximately five feet above the
ground surface at elevation 763 feet.

The position of the two piles from the baseline was
established on day 11 when the piles were driven only 14 feet into the
ground. The piles were held in vertical alignment by a steel template
consisting of two horizontal steel beams spaced 20 feet apart vertically.
The stiff interlocking pile sections were guided during driving by this
steel templace. The completed excavation showed that the piles were
very straight with very little curvature. The maximum offset from a
chord connecting the top and bottom of the 50 foot sheet piles was
2 inches. From the above observations it was held that the relative
positions of the piles when partially driven and when fully driven did

not change .appreciably. Therefore the initial position of the two test

piles was obtained by superimposing the measured position of day 11

onto the exposed portion of the piles of day 21. The total movement
from the aésumed initial position to the measurced final position was
similar for the two piles and confirmed the validity of the assumption
of the initial position of the piles.

Initially there was a difference of six inches between the

tips of piles No. 13 and No. 15 as measured from the baseline whereas

pa——___ ]
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for the pile tops this difference was only one inch. The difference
of initial pile position was caused by pile No. 14 which had to be
kept away from the guiding template in order to prevent the attached
pressure cells froﬁ being scraped off. Pile No. 13 was 7 inches and
pile No. 15.was 14 inches off plumb initially. These batters were
hardly noticeable with the naked eye considering that they occurred over
a 58 foot pile length. Both pile tops were leaning towards the future
excavation.

Figs. 5.2.48a and 5.2.48b show the movement of piles
No. 13 and No. 15 respectively. It is assumed that the movement of
the two test piles can be considered to be representatiﬁe of, at least,
the centre portion of the wall. The general trend of deformation of
the wall was initially a pronounced translational movement towards the
excavation. The top strut at elevation 762 feet was placed at day 24.
By this time the wall at this elevation had moved 0.5 of an inch. It
deformed an additional 3 inches on the average by day 168. Théréfore
the installation of the struts at this.level did not prevent the top
of the wall from moving further towards the excavation. This was.mainly
due to poor wedging. Wooden wedges were driven from one direction only
resulting in a small contact area and crushing of the wedges. Some
wedges fell out during the construction period giving more room for the

sheet piles .to move. The two inclined struts. at elevation 762 feet were
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braced against the sheet piles of the 'east and west wall respectively
and did not provide adequate supports. This arrangement of bracing

was pfobably responsible for the large movement (three inches) of the
upper part of the north wall occurring after installation of the struts.
The ground surface behind the north wall was approximately 12 feet
higher than behind the other three sides of the excavation and the
higher pressure on the north wall tended to shift the bracing system
southward.

As the excavation procecded below elevation 750 feet, a
distinct rotational movement of the piles towards the excavation was
measured having a pivot at the second strut level (elevation 753 feet).
For the lower part of the wall most of the movement did occur before
the struts were installed at their respective levels. The final move-
ment of the two sheet piles is shown by the curves of day 168 in Figs.
5.2.48a and 5.2.48b and resembles approximately the movement of a rigid
wall translating and at the same time rotating about its top poiﬁt.

Fig. 5.2.49 shows the movement of the pile tops at eleva-

‘tion 763 of the entire north wall. Initially the piles terminated at

this elevation. Later, additional sections were welded on to extend the
wall to elevation 772 feet, the original ground surface. The position
of the pile tops on day 21 (Jan. 28) were taken as zero position. Only

the movement of the tops of the even numbered piles and piles No. 13 and
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No. 15 were measured. The top of pile No. 13 deflected 2.4 inches
whereas the top of pile No. 15 moved 3.9 inches towards the open cut. -
The average of these two movements is 3.2 inches which is exactly the
distance the top of pile No. 14 had moved during the same time. The
movement of .the pile tops at the centre bay of the north wall over
the five month period averaged 3.5 inches, one inch of it occurring
i after the excavation had reached final grade.
The measured positions and movements of the piles are

tabulated in Tables 5.2.3 and 5.2.4.

\

A more detailed discussion and interpretation of the

wall deformation will be given in Chapter 6.

5.3 Results of Laboratory Measurements

5.3.1 General

Seven field samples from different depths within the
excavation were obtained in order to evaluate the relevant index pro-
‘perties and to establish represemtative 'shear strength parameters., -

The soil consisted of closely graded cohesionless sand
having the gradiﬁg'cﬁrve shown. in Fig. 5.1.2 (page 136). Thg grains
under the microscope appeared round and polished, the predominant mineral

being colourless quartz. The index properties which were determined

were the specific gravity and thé relative density. The in situ dry
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unit weightswere established in the {field by-the sand cone and rubber
balloon method. The maximum and minimum densities were obtained in-
the laboratory as will.be outlined in Section 5.3.3.

The internal angle of friction was establishéd from direct
shear box aﬁd triaxial compression tests. Two different sizes of shear
boxes were used, a large shear box with a 5 inch square box and a 2.5
inch diameter round box. All direct shear tests were carried out on
dry samples. Drained triaxial tests were performed on sand samples in
the dry state as well as in the saturated state with volume change
measurements. It was realized that a correction had to be made to the
results of the symmetric strain triaxial tests in order to apply these
to the plane strain conditions in the field. It was felt that the
results from the versatile and comparatively simple triaxial tests were
more consistent and these were favogred in adopting respective shear

strength values.

5.3.2 Specific Gravity

The true or absolute specific gravity (the specific gravity
of the soil solids) of the seven samples vere determined by the pycnometer
bottle method. The results are listed in Table 5.1 (page 138). They
ranged from 2.69 to 2.71. Each sample was tested at least threce times,

the specific gravity of each sanple listed in column 4 of Table 5.1 is
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the average of these three determinations. The overall average of

specific gravity of all seven sand samples was 2.70. This value was

used in all calculations.

5.3.3. Relative Density

It is common to describe certain soils as having a high

L or low density depending on whether the particles are closely or

A loosely packed. It is evident that among other things, soil density
is an index of compressibility, the loosely packed soils being far
more compressible than those with greater density. Soil density, as
used in this thesis, is mecasured in terms of weight of soil solids
and voids per unit of soil volume. The term dry density or unit dry
weight is defined as the weight of the soil solids per unit of soil
volume. To judge whether a soil at a given void ratio, e, is to be
described as dense or loose, it is necessary to establish its existing
void ratio with respect to the range of possible void ratios for the
particular soil. This is expréssed by the term relative density, Df,

defined as,

max' e’n"lt ‘
D = SR (5.3.1)

e .,
max min
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There are certain practical difficulties in determining void ratios,
one of which is the problem in measuring solid volumes. Tor this
reason, it is sometimes advantageous to express relative density in
terms of unit dry weight of soil, by substituting for e in Eq. (5.3.1)

using the relation

(5.3.2)

thus

1/y min - 1/Y nat.

D = (5.3.3)
1/y min - 1/y max

It is realized that Eqs. (5.3:.1, 5.3.2,‘and 5.3.3) are basic equations
of elementary Soil Mechanics, but because of the existence of different
definitions it was believed that these terms should be rédefinéd here
for clarification.

There are unfortunately no standard tests for determining
the maximum and minimum dry unit weights of sand, and hence a number of
the more commonly recommended tests were used. The most expedient
method and the most consistent results for the minimum dry density, that

is, maximum porosity, were obtained by dry deposition (Kolbuszewski 1948).

B
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To obtain the maximum dry density several mcthods were
employed such as the standard and modified Proctor test and the vibro-
flotaﬁion method (Pettibone and Hardin 1964), but they all failed to
yield densities equal to or higher than the field densities. The
only method ‘which seemed to be successful for this type of sand was
dynamic compaction using a compaction cnergy much higher than the
standard Proctor test energy.

At a given moisture content, the density of a given soil
varies with compaction effort. Usually as the compaction effort in-
creases the maximum density increases until an absolute density is
attained (assuming that the soil grains are not broken under high
compaction efforts). The optimum moisture content is also variable,
decreasing with increasing compaction effort. A slight variation of
moisture content up to two per cent from optimum or either side did
not seem to have any appreciable effect on the dry density of ;his sand.
Therefore the sand samples were compacted at an arbitrary two pef cent
dry of the modified Proctor optimum water content, which was 12 per cent.
Six tests were performed on each of the seven samples, successively
increasing the compaction effort. At a compaction effort of 115 ft-kips
per cu ft., more than nine times the compaction energy of the standard
Proctor test, the maximum dry densities listed in Table 5.1 (page139)
were obtained. One test was carried out at a higher compaction energy

but crushing of the sand grains occurred. It was held that the values
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listed in Table 5.1 are the absolute maximum dry densities for this
particular sand. They were used in calculating the relative densities
also shown in Table 5.1.

The minimum dry density found was 85.5 pcf and the maximum
dry density was 127.1 pcf. Above an elevation of 740 feet the soil was
medium dense with the relative density varying between 41 and 56 per
cent, whereas below this level the soil was very dense with a range

of Dr values between 95 and 100 per cent.

5.3.4  Shear Strength

All seven sand samples were mixed throughly together and
a representative sample passing the No. 40 siéve was used for testing
purposes. As mentioned in the foregoiné section two distinctly different
sand densitics existed in situ. One averaged 103 pcf, the other one 123
pcf. Testing was done to find the shear streggth parameters at‘phese two
densities and also to show how a slight variation of the test specimen
density from the above two values would affect the strength parameters.
Because of the phenomenon of interlocking the strength of
a dense cohesionless soil tends to be greater at small displaceménts
than at large displacements where the effect of interlocking has been

overcome. For a dense sand the stress-strain curve obtained in the

3

. laboratory shows a definite peak and then decreases to an ultimate or
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residual value at a higher strain. The angle of internal friction,

¢, exhibits a similar behaviour when plotted against strain. The
question whether to use the peak or the ultimate strength parameter
depends on the particular problem. For any large scale model test or
full-scale retaining wall for which measurements have been made it
was always observed that the earth pressure reached a minimum value
(active case) after the structure had yielded a certain amount. Any
further yield of the wall did not change the earth pressure. A decrease
of the shear strength parameter, ¢, as exhibited for dense sand in the
laboratory would necessitate an increase iﬁ the total active pressure.
Therefore, the shear strength does not appear to decrease with large
strains in model or field tests.

Another reason for using peak strength parameters is to
facilitate comparison of results with the work of other researchers
(Terzaghi 1934, Ohde 1938, Spilker 1937, and Klenner 1942) who based
their calculations on the maximum strength values. Nhen'the term
"strength" is used in this thesis, the peak strength is meant unless
otherwise stated.

The direct shear box tests were performed on dry sand
only. The sand was poured into the assembled box, a normal pressure was
applied and then the.whole assembly was vibrated until the desired density

was achieved. The density was calculated from the weight and linear
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dimensions after assembly and compaction. After completion of the test
the density was recalculated. The circular 2.5 inch diameter shear box
gave consistently lower angles of internal friction than the large squarc
box. For a density of 115 pcf this difference was as high as 7.5°.
The.sample thickness in the round box was only 0.5 inch and it was extre-
mely difficult to measure the volume of the sand specimen due to the
penetrating teeth of the bottom and the top cap of the shear box. It
was believed that as the shearing strain was applied and the top half of
the box started overlapping the bottom half, some of the normal pressure
was transferred through the thick side walls of the box rather thén the
soil sample. Applying an area correction did not chgnge the results
markedly. The rééults'from the small direct shear box were considered
to be unrealistic and were not given further consideration.

The stress-strain curves and the corresponding volume
changes for the large direct shear box tests are shown in Fig. 5.3.1.
As seen from thevcurves the dense sampiés show a heavily dilatént'struc—
ture, resulting in a net volume increase during shear. They failed at
a low strain, about 1 to 1.5 per cent. The loose samples show, on the
contrary, a volume reduction and the strain at failure was about 4 per
cent. The normal stress on.the samples was approximately 2 psi on all
five specimens and the_sgrain rate was 0.01 inch per minute., The internal
angle of friction was determined for each density assuming a zero

cohesion intercept.
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To determine the shear strength parameters in a triaxial
compression test, it is usually necessary to test specimens at different
confining pressures. All the triaxial tests were done by multi-stage
tests. As reported by Kenney and Watson (1961) and by Lumb (1964)
this method of testing compares favourably to conventional testing
procedures i& the case of insensitive soils. The advantage of testing
one specimen only instead of at least three is self-evident. The sample
is prepared and consolidated as usual but the deviator stress is re-
leased once failure has commenced, that is, peak stress is reached.

The lateral pressure is changed and the deviator stress is increased
again until failure occurs. The sequence is repeated until sufficient
results are obtained or until the deformation of the specimen is too
great for reliable results to be expected.

Consolidated drained triaxial tests were carried out on
dry and saturated sand samples. It was particularly difficult to pre-
pare the dense samples. It was not possible for the saturated $pccimens
to saturate the sand prior to compaction. In all instances where a den-
sity of more than 110 pcf was desired, the samples liquified in the
mould during compaction. To overcome this the sand was compacted in
layers in a split mould at 10 per cent moisture content, Compaction
was achieved by a hand tamper and at the same time a vacuum of 14 psi was

applied to the bottom of the sample. Care was taken to make the sample
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homogeneous. The maximum density which could be obtained by this
method was 118 pef. A further increase in compaction effort resulted
in opeﬁing of the split mould. The samples were saturated by forcing
de-aired water, under gravity flow, into the bottom of the sample and
simultaneously applying a slight vacuum at the top drain. Six dry and
two saturated samples having different densities were tested. Typical
stress-strain curves are shown in Figs. 5.3.2 and 5.3.3. The dilatant
characteristics for both dense saturated samples were almost identical.
In the sccond stage (03 = 20 péi) the maximum net volume increase was
two per cent for a density of 115 pef (Fig. 5.3.3.) and 2.5 per cent
for a density of 117 pcf. The Mohr - Coulomb failure envelopes for

thé eight determinations are depicted in Figs. 5.3.4 and 5.3.5.

In Fig. 5.3.6 the angle of shearing resistance, ¢, obtained

from both testing methods are plotted against porosity and dry density.
From this it can be scen that the triaxial and dircct shear box tests
give the same angle of shearing resistance for a density of 118 pef
(initial pqrosity: 29.9 per cent). Above this density the extrapolated

shear box values are slightly higher than the triaxial. Below this the

triaxial values are higher. Similar observations were made by Nash (1953).

He also found that there was no appreciéble difference in the angle ¢
for wet and dry tests.. For a density of 123 pcf the extrapolated fric-

. ! o ¢t .
tion angles were 49° and 50.5° for the triaxial and direct shear tests



227

(20
30 P31
100}
] g’_ 80 |-
&
b
Y 60 |
prs
| wl
1 0z
! L
L.
u
0 »
wn 40 10 PSI
) .
L)
-
o Y, =106 PCF
20t -
= n=37.0%
0O.
g DRY
(143
(A 0 1 I t - | I
0.0 1.0 2.0 2.0 4.0 5.0

AXIAL STRAIN, PERCENT

FIG. 5,32 STRESS STRAM CURVES FOR
GAINED TRIAMIAL TESTS (DRY)



228

_PSi

30 PSI

-
<

g-G,

Y, =115 PCF
n =319 %
SATURATED

10 PSI

PRINCIPAL STRESS DiFFERENCE,

201
20y 20 PSI
LO
- “\_‘
QOF ____-z0PSI

-1.O

o
)
[43)

VOLUME CHANGE, AV/V, %

0.0 0 20 3.0 a0
AXIAL STRAIN, PERCENT

FIG 533 STRESS STRAIN CURVES FOR
DRAINED TRIAXIAL TESTS (SATURATED)



229

1S3L NOISSTUANOD TVIXVIEL 404 SWYEDVIA EHOW #E€S Sl

15d .0 ‘SS3YLS TTVAEON  3AILD3343

1Sd $-0°SS3YLS IVWUON 3IAILDILE

091  o¥l ozl ool 0% 09 o¥ oz ) o9l  ovi ozl col oe 09 o¥ oz o)
T T L T ¥ T T ow T ¥ T ¥ T T T o w
£ =
Q) \ m
> >
023 loz @
@ 4
o , )
o ’ ™M
.oe% 10V Wn»
& @
3 ~
A¥Q  j097 A¥G 1097
% G'CE= U o % OveE=U w
_P =P -

40d 2l = 40d 111 ="y
oD 2l =L log A o
ISd O0°‘SS3YLS TVINHON 3AILD343 1Sd *,-0 ‘SS3YLS TVYNHON 3AILD3443

091 Oo¥l 02! ool 09 09 oY 02 0 091 ol 0zt ool 08 09 ov 0z 0
- T T T T o lﬂ\lu ¥ t T 3 Y '3 Y = O w
2 >
102% {0273
7)) &)
- -
2 D
Jovm do¥ 1M
wn [¢7]
v @
< i
A8Q 409" . AdQ 4009~
e ye) - e Ao )
®wove = U | G -3t “wo9s = U n
P - P -

30d Oll = 40d 901 =
AL 108 A o]
- —— e p i T T e R e A = 4 g e s Srp e e 2w T P T 0 S T nli?u)ﬂ.(w.,“ S IJ«nﬁ\ﬂli?ﬂnzqgwﬁb»mE




230

-

1831 NOISS3HdINOD VIXVIdL

1Sd*,0‘653YLS TYANYON 3AILD3443
09! (0374 ocl [ole]] (031] 09 o7 o¢ 0

b . o w
T
™
pod

loz®

w

k|

m

ov 71

v

~

caLvunivs 109
¢ 0°0€ =U )

49d L =P
\A 108

1Sd ,9°65341S TIVAYON 3AIL03343

09! oyl o2l __ ool 03 09 ov 02 0

L) 1 + * L) [ ) o S
=
M
>
10z”®
v
ik
e
{ov i}
0
l

A¥a 409"
. ¥y
€ 6'€2 = u )
=P -

40d 811 =" | 08

ol¥

HO4 SWVEOWId YHOW &% i

ISd “,-0°S5341S TVWNYON 3AILD3343

[e]2)] ovi - [or:A] [e]0]] 08 Q9 ov (X4 (o]

¥ ¥ v Li ¥ T h o m\w
Y
m
»

oz =
wn
—
m
oV
[#7]
l
JuNLYS 4097
g3l hv 423 -
¢HEelg = u w
1= Py
30d Gl A iog
ISd *,-0°SSZYLS TYWNYON 3AILD3243

091 [e)74] [o¥A] [e]e]] 033} 09 ov (o)A o)

L) 11 L § T T O S
T
™
>

JlozR
(€9}
=

R A

“ov 3
wn
~

409~
0
(¥#7]
1 08




231

ALISNIQ Aud OGNV ALISO40d HLIM & =0 NCILVIHVA 9€°¢ Ol

199 A ALISN3G A¥Q

001 GO! on [23}] [eF A (YA oct
_ _ . . o ‘4 ‘ALISOYOd . _
(=924 o'ov SLE [oX =128 gce o0g SLe . ose See
L) 1 — T T T T T T om.
1 ]
]
_
_ |
X | |
X~ o~ _
~| |
I~ |
L |
| o~ _
//x/, _ Joy
YV3IHKS 1D3¥1a “
|
_ EET4
|
f
|
IVIXVIYL
~ /_/ . dos
(G3IVHNLYS) WVIXVIEL <>
(ABQ) IVIXWIHL O
%09 HV3HS 1D03¥la X :AN3937 lss

T BT A r2r T XA R - o R T A A TR T e sy e - Rz 5 e Y

hm

‘IONVLSISIAY ONIYVIHS JO 3MONV

[}

C‘l

sa3¥o3a’




232

respectively. The corresponding values for a dry density of 103
pef were 40.5° and 36°.

Cornforth (1964) compared the results of triaxial
compression tests with those from a plane strain apparatus for a
poorly graded medium sand. Constructional details of this apparatus
have been presented by Wood (1958). Cornforth found from these tests
that the strength of the plane strain specimens were always greater
than the strength of the corresponding triaxial specimens at the
same density. The difference varied from 1/2O at the looser densities
to about 4° for the dense samples. The shape of both strength density
curves were slightly concave upwards. Therefore it seems to be more ;
realistic to increase the angle of shearing resistance from triaxial i
compression tests for calculation purpéses involving plane strain
problems. In accordance with this the following values were used:
For a dry density of 123 pcf, ¢ ==(11-9.0o 4+ 3.0%) = 52°. . {

For a dry density of 103 pcf, ¢ = (40.5° + 1.5%) = 42°,
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CHAPTER 6

INTERPRETATION AND DISCUSSION OF EXPERIMENTAL MEASUREMENTS

6.1 General

In order to evaluate and generalize the results of
the earth pressure measurements, it is desirable to determine a
theoretical basis upon which the results can be compared. For many
years the so-called classical earth pressurc theories have been
used for homogeneous materials whose shearing resistance is composed
of both cohesion and internal friction.

At the London site the soil profile consisted exclusi-
vely of a cohesionless fine uniform sand of two distinct densities.
Above an elevation of approximately 740 feet the relative density
was medium and below this the relative density was very dense reaching
100 per cent at one location. Also belew the water table the unit
weipght of the soil reduces to the buyaﬁt unit weight. Generally
speaking then the sQil.bchind the ?etainipg structure consisted of a
three-layered system; considering fhe soil below the water table as
a separate stratum. This was reduced to a two-layered system when
the waterlevel coincided with the interface of the medium and dense
saﬁd deposit§. In order to refer caéily to the different layers, the

top medium dense sand deposit is referred to as layer 1, and the very
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dense layer as layer 2. Even within one layer the density was not
é quite uniform, as can be expected from any natural deposit. The
average density for each sand layer was determined from the individual
field density measurements.
; . The theoretical expressions for total lateral earth
pressure as presented in Chapter 4 must be modified to take into
i account diffefent soil parameters over the depth of the cut. The
theory is adequate to serve, nevertheless, as the starting point in

the analysis of the experimental results.

6.2 Earth Pressure and Deformations -

6.2.1 Earth Pressure at Rest

Fig. 6.1 showsvthe soil profile and initial water level :
i at the London site after the sheet piles were driven to grade and

before excavation started. This is a typical example of an aé—rest |
1 condition, assuming that the driving of the piles did not disturb

the soil appreciably. The ground water table was established in a-bore~

hole at an elevation of 750 feet. Above the water table the soil was
partially saturated, as established by the field density tests, whereas - |
below the water table the soil was taken as completely saturated. At

; elevation 740 feet.a definite change .in density occurred. This was

i determined by field dcnsity tests. The different densities for the two :
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sand strata are indicated in Fig. 6.1. The fully saturated unit
weight and its buoyed or submerged weight could be readily computed,

accoraing to Eqs. (6.1) and (6.2).

- == - = + )
Yeat 1 G) Y Yw (6.1)

and

= A, (6.2)

The lateral pressures were measured by the pressure
transducers attached to the two test piles. In the profile illustrated
in Fig. 6.1 where the free water table'is approximately ten feet below
the ground surface, differentiation is essential between the following
two methods of calculation. First, both the vertical pressure, Oi, and
the lateral pressure ¢! are purely effective or intergranular pr.essures,~
their ratio being Ko. Second, both oy and 03 include a component qf
free water pressure which is transmitted through the water in the voids
of the soil quite independently of its grain skeleton; their ratio is
designated by Ko . The w subscript indicated that the water pressure
is included.

Jf the full water pressure is included in both the hori-

zontal (measured direcctly) and vertical (ébmputed) component of pressure,
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their ratio at depth z, will be equal to
Ko =_c_;.§-_—_fﬁ_—_ Ph:.—Ph (1+e) (6.3)
w0 Pv Y.z z (G +e) )

On the other hand, if only the intergranular pressures are taken
into account, that is, if the full water pressure is to be subtracted

from both the horizontal and vertical pressures, their ratio will be

\]
o] P -y =z P, -Y. 2
3 h \% h w
KO = — == == " ~ (6-4)
Ol PV =Y, 2 z(G+efl+e) Y, 2

The latter equation is generally used because the problem is easier
to study when effective stregses are considered.

The measured Ko values shown in Table 6.1, column 7,
are based upon intergranular pressures. These experimental values are
indicated in Fig. 6.2. The theoretical curves are identical ﬁo'those
shown in Fig. 4.2.26 (page 89) and are repeated for comparison with
the experimental results. Only a few values agree approximately with
the theoretical values proposed by Jaky (Eq. 4.2.30) or Hendron (Eq.
4.2.31). The majority of the experimental values lie in the range of
0.60 to 0.75. Terzaghi found from his large scale retaining wall tests

(1934), pribr to any displacement of the wall, that is, in the at-rest
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condition, the earth pressure coefficient Ko to be 0.70 for a
compacted dense backfill. Ko values of 3.18 and 1.46 were measured
at the beginning of driving of the test piles; the overburden heights
for thesec measurements were 1.5 feet and 9 feet, respectively. Tt
is quite possible that the long free standing pile was not properly
aligned in the vertical direction or that bending of the pile caused
the pressure transducer to be pushed into the scil thus bringing about a
passive pressure condition. Ten'of the twentv-two Xo values obtained
experimentally lie between 0.60 and 0.80. Tive values ranged between
0.30 and 0.40. The low lateral earth pressures resulting in these
low Ko values are possibly caused by the effect of jetting the piles -
into position. The soil might have been loosened by this operation,
but the cell readings after movement of  the wall began were not affected
by the "pocket action'" due to the reorientation of the soil grains.

The theoretical solutions (Eqs. 4.2.30 and 4.2.3?) yield
Ko values between one-half and one third of the experimental vélﬁes,
except for the values discussed above. The theory may well agree
with experimental values obtained in the laboratory for normally
consolidated sands, but cannot be aﬁplied to heavily overconsolidated
natural sand deposits. Since all dense sdrds are overconsolidated,
otherwise they would not be in such a dense state, it is further argued
that the theories for predicting Ko values do'not‘apply to. granular

material in a dense condition. It appcars therefore, that in natural



241

deposits, the coefficient of earth pressure at rest will be governed
by the nature of the sedimentation processes which have produced the
soil énd by the stress history of the deposit, differing according to
the degreec of overconsolidation. In man-made [ills and deposits, the
method and intensity of compaction will affect the principal stress
ratio.

On the other hand if one assumes a mode coefficient of earth
pressure at rest of Ko = 0.70, this would correspond Eo aﬁ internal
friction angle, ¢, of 17.5° according to Eq. (4.2.30) and approximately
to 9° using Eq. (4.2.31). Such low friction angles have ncver been
obtained on dense sands by any type of tests. It is therefore ques-
tionable that the coefficient Ko at rest is influenced at all by the
interlocking or sliding of grains, since the phenomenon depends on
motion to be fully mobilized whereas Ko is fully active prior to any

motion or strain within the soil.

6.2.2 Deformation

In Chapter 4, Section 4.2.4, the importance of the effect
of wall deformation on the lateral earth preséure distribution has been
emphasized. There it has been shown theoretically that the pressure
distribﬁtiou is contingent on the nature and degree of movement

permitted. The agreement among soils engineers is universal that the
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difference between distribution of pressure for rigid retaining
structures and flexible ones is simply a function of displacement
that ﬁccurs over the height of the structure. Therefore all earth
pressure measurements have to be interpreted with respect to defor-
mation.

In Fig. 4.2.4 (page 53) four possible deformation
patterns of a braced cut were illustrated. Figs. 5.2.47 and 5.2.48
show the position and actual movement of piles No. 13 and No. 15.

Fig. 5.2.49 shows the measured movement of the ﬁile tops of the north
wall. The reason for observing the movement of the whole north wall
was to determine if arching effect would occur between struts. But
from Fig. 5.2.49 it is clear that the entire wall moved towards the
excavation bringing about plane strain conditions without arching effect
occurring.

As the excavation proceeded to about an elevatiqn of 750
feet there was a distinct inward translational movement of the wall.
The upper part of the wall‘kept on moving inwards as the excavation
proceeded'bclow elevation 750 feet but the part of the wall below this
elevation moved inwards at a greater rate. In the final stage (day 168)
the deformations were simiiar tolmovement D of Fig. 4.2.4, which illustrates
the deformation of a stiff retaining wall rotating about the top and at

the same time moving horizontally inwards.
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On June 23 (day 168) the top of sheet piles No. 13 and
No. 15 had moved an average of 3.2 inches or 0.005 1l, where H is the
depthAto the bottom of the excavation, whereas the piles at the bottom
of the excavation had moved out about 7.8 inches or 0.013 H.

Terzaghi (1934) had observed from his large retaining
wall tests on dense compacted sand, that slip occurred after the wall
moved through an average distance of 0.0027 H for tilting about the
foot and 0.005 U for a translational movement. Here H is also the
total height of the retaining wall. He further observed that the ave-
: ragé movement (about 0.007 H) of the wall that reduced the lateral
pressure to a minimum was independent of the type of the movement.

This leads to the conclusion that Coulombs active state in the sand
had been reached after this minimal deformation has occurred.

This deformation requirement was satisfied for the portion
of the pile exposed by excavation at all stages of excavation at the
London site. Even as soon as the depth of excavation feéched thirteen
feet, the average movement of the sheeting was 0.0027 H, four times the
movement required to bring about active failure conditions. Therefore
it can be assumed that at any stage of e#cavation a failure or slip plane
was formed passing through the respective bottom of the cut. Jakobsen
(1958) concluded from a theorctical analysis, based on the theory of

g elasticity, that the necessary movement of a wall for active pressure
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development has to be regarded in relation to the height of the wall
raised to the power of about 1.5. He also concluded that the deflection
of a wall increases only with the square Yoot of height. Thus the
highef a wall is, the more will the.earth pressure against the wall
approach the earth pressure at rest.’ The first conclusion depends on
the selection of a value for Poisson's ratio and modulus of elasticity.
These parameters cannot be measured directly and are also not necessarily
constant with depths, especially after some deformation has occurred,
therefore the practical validity of this theory could be doubted. The
second conclusion could hold true for rigid retaining walls, but the
obsefved deformation values agreed much better with those observed by

Terzaghi.

6.2.3 Comparison of Strut Loads with Cell Pressures

The measured total strut loads are shown in Figsi 5.2.17
to 5.2.39, The maximum and averagevstrut loads are indicated in Fig.
6.3. TFrom the strut loads an earth pressure distribution diagram has
been drawn based on the reasonable approximétion proposed by Térzaghi
and Peck (1967) that the load in each strut correspondé to the pressure
contributed by a rectangular area éxtending horizontally half the dis-

tance to the next set of struts on either side, and vertically half the
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distance to the next level of struts below and above. The earth
pressure is assumed to be uniformly distributed over this area.

The real distribution of the earth pressure may differ
appreciably from the calculated distribution. The discrepancies are
of course tpe result of neglecting the continuity of the sheet piling.
However, if both the shear and the moment in the shect piles -at the
excavation level are known the magnitude and position of the resultant
earth pressure can be calculated.

For a given pressure distribution on the wall, the loads
carried by the individual struts can be very different, because they
depend on many éccidental factors which can be rarely controlled.
Factors such as the time necessary between excavation and inscrtion of
the struts (the longer the elapsed time tﬁe greater the stress relaxa-
tion will be), the rate and procedure with which the construction is
carried out, the uniformity and method of prestressing, if the struts
are prestressed, and last but not least the local variations of the
soil behind the sheeting play a major part. This fact was illustrated
by the measurements of strut loads of eight identical test sections of
the Chicago subway (Terzaghi and Peck, 1967). The cuts contained five
levels of struts. Excavation was carried out systematically from one
level to the next on all eight sections. Yet, in spite of the unusually
uniform congtruction:procedure, individual strut loads in each level

varied as much as * 60 per cent from the average. Similar variations
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were characteristic for all the cuts in which enough strut loads were
measured to justify a statistical evaluation.

To determine the total earth thrust from the measured
strut loads, it is nccessary to know the bottom feaction or shear force
in the sheet pile at the depth of the excavation. Whether or not the
value of this quantity is important enough to include in the total
strut load depends on the deformation of the cut. As was illustrated
in Figs. 5.2.47 and 5.2.48, the greatest deflection of the sheecting
occurred at the bottom of the excavation. This type of deflection
corresponds to a pressure distribution having small values at the
bottom, and the bottom reaction is likely to be small. At the Chicago
subway construction Peck (1943) measured the magnitude of the bottom
reaction by a hydraulic jack by first cutting the H-pile at depth H.
It was found that the bottom reaction was not too important except for

one case where the vertical H-pile terminated in a stiff clay layer which

“induced a deflection curve with a maximum value at some distance above

the bottom of the cut.

It therefore scems conservative to assume that the maéni—
tude of the bottom reaction is equal to the resultant force of a rectan-
gular pressure distribution. The vertical side of the pressure diagram
being half the distance from the bottom of the cut to the lower most
strut and the horizontal side being equal to the pressure intcnsity of
the lowest strut. This is represented by the area enclosed by the dashed

lines in Figs. 5.2.27'to 5.2.38 and by the shaded area in Fig. 6.3.
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The estimated error in reading the strut loads is
approximately 10 kips which corresponds to one dial division on the
mechénipal strain gauge. Since the water levels were not always
read at the same time as the strut loads, they had to be interpolated
for certain particular days. ' The error of interpolation should not
have exceeded one foot, which would correspond to a seven kip error of
the total strut load at the lowest strut level if the water level was
approximately at an elevation 745 behind the shéet pile wall. The
closeness of superimposed loads to the excavation is not indicated in
the cross—sections of the north wall. The existing main office building
consisted of a one storey brick building 115.5 feet long and 48.5 feet
wide. TIts closest wall was located approximately 20 feet away from
the test wall. The general elevation of the underside of the six inch
floor slab was at elevation 772 feet. The west wing of the building
had a deep basement with the floor located at elevation 759 feect.

This deep section was located 20 feet north of the test section.
However, the basement was small in areé and the load of the building
was considered to be equal to the weight of the removed soil.

Fig. 6.4 shows the total earth pressures obtained from
the strut loads and from the cell pressure readings plotted against
time. Table 6.2 lists the total strut loads from the effective weight

of the soil' and other pertinent information. A corresponding bottom

PPV
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reaction, as outlined in the preceeding pages, has been added to

the strut loads in order to obtain a total earth pressure. FEven
so the.strut loads yield consistently lower earth pressures than
the cell readings, sometimes registering only one third or one half
the earth pressure recorded by the pressure cells. The strut load
readings themselves change erratically, for instance, from 8.4 kips
per foot to 21.7 per foot and back to 13.4 kips per foot all within
one week. The relatively few strut load readings do not warrant a
statistical evaluation of the data. The strut loads were measured
on the two centre 14 WF 87 strut sections, whereas the end sections
consisted of relatively stiff and heavy 33 WF 130 beams. It is quite
possible that a general load transfer from the lighter centre sec-
tions to the more rigid end sections did occur, whichiwould explain
the lower strut load readingé as compared to the pressure cell readings.
The inconsistent variation in strut load readings seems to represent
a fundamental weakness of such measurements and a probable exglanation
for this behaviour could be the non-uniform deformation of the wall in
a horizontal plane (¥Fig. 5.2.49) which could result in abrupt 1oad'
adjustments in the relatively rigid bracing system.

In contrast the. earth pressures from the cell readings
are very stable and ¢onsistent. The pressures increascdwith increasing

depth of excavation, and after the final grade had been reached the
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readings remain relatively constant, changing only when the fluctua-
ting water table caused a change in total earthvpressures.

In summary it can be said, that the earth pressure cells
yielded very consistent readings corresponding to the excavation progress
and change in water levels. They are therefore used in the comparison
of the experimental to the theoretical values as discussed in the fol-

lowing section.

6.2.4 Active Farth Pressure

6.2.4.1 Passive Arching Effect

The measured earth pressures. shown in Figs. 5.2.3 to
5.2.16 can be considered to be active pressures because of the magnitude
of the so0il deformation. Initially the earth preséure readings on
both test piles were numerically similar (Figs. 5.2.3 to 5.2.8).
After day 50 when the excavation depth was still four feet above
final grade, the cells on pile No. 14 showed con;istently higher readings
until day No. 168 wvhen the corresponding cell readings of the two test
piles became similar again..

Following is a possible explanation for the difference in
readings on the two test piles. The cells.of pile No. 14 were located

on the recessed face of the pile and with the movement of the wall the

SR
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lateral earth pressure decreased from the at-rest pressure to the
active one. AFig. 6.5 depicts an enlarged horizontal section through
3 is the pressure acting on plane ab ef, this
pressure was measured by the cell mounted on the front face of pile
No. 15. Due to the expansion of the soil 04 was reduced and shear
stresses mobilized alqng the oblique sides of the piles acting in a
direction as shown. These shear stresses tend to prevent a reduction
of pressure on the recessed plane cd of pile No. 1l4. There the pressure
readings should reduce only a small amount even after expansive strains
have occurred in the sand. The normal stress on plane cd should be
equal to 03 plus T cos (90 -d), where T is the shear stress mobilized
along the oblique sides, bc and de, of the pilés. This phenomenon is
commonly called "
et al 1964), which simply means that the pressure exerted on a soil
structure interface is higher than the applied pressure. Where the
readings from the cells on the two test piles agreed within reason all
readings were averaged, but between day 50 and 111 for which period
the cells on pile No. 14 recorded much higher readings than the corres-
ponding cells on pilc.No. 15, due to arching effect occurring across
the trough of the pile, the cell readings of pile No. 15 were taken.

The passive arching effect was demonstrated experimentally

in a laboratory test (Appendix A 1.3). One earth pressure transducer

passive arching" (Whitman and Luscher 1962, Triandafilidas
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was installed having its diaphragm flush with the bottom of a 10
inch-diameter steel tank. A six inch high layer of sand was sur-
charge loaded by air pressure. Then the tank was vibrated shortly

in order to minimize the effect of side friction. The known applied
pressure agreed with the pressure recorded by the pressure cell. When
the applied air pressure was reduced, the cell pressure readings were

consistently higher than the corresponding applied pressures. Finally

the air pressure was reduced to zero but the cell reading was still very

much in excess of the overburden pressure exerted by the sand layer.
Vibration destroyed the arching effect. Therefore it can be concluded
from the field observations and the laboratory tests that passive

arching did occur across the troughs of the sheet piles.

6.2.4.2 Magnitude of Active Earth Pressure

The measured active earth pressures and the theoretical
Coulomb earth pressures together with other pertinent information have
been summarized in Table 6.3. The height of the wall was always
taken as the distance from the ground surface to the respective bottom
cf the cut. In the Coulomb analysis the failure has been assumed to
pass through the point of intersection of the bottom of the excavation

and the wall. The active earth pressure, PA’ was calculated over this
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Day - Date  Depth of G.W.T. W.T. Inside Depth of P, P

1964 Cut Feet EL. Excav. El. Cut Tl. (measured) (Cou?omb)

Feet Feet Feet Kips/LFT Kips/LFT
24 Jan 31 18 748.6 744.0 747 4.35 3.73
28 Feb 4 18 748.0 74.10 747 4,18 3.73
30 Feb 6 21 747.8 738.1 742 .67 4.07
36 Feb 12 39 747.0 728.0 732 19.85 16.31
37 TFeb 13 39 742.2 - 728.0 732 20.50 16.31

45 TFeb 21 40 - 745.5 731.0 732 21.30 16.14
50 Feb 26 45 - 744.3  725.0 727 21.46 21.09
57 Mar 4 48 742.5 723.0 724 23.34 23.05
60 Mar 7 49 744.0 727.0 722.9 24,60 24.51
76 Mar 23 49 741.0 729.3 722.9 26.70 25.14
86 Apr 2 49 741.0 729.5 722.9 23.70 24.99
111 Apr 27 49 749.0 748.0 722.9 24,01 23.54
168 June 23 49 736.5 716.5 722.9 24 .87 25.14
175 June 30 49 737.5 716.5 722.9 24.87 - 25.14

TABLE 6.3

EXPERTIMENTAL AND THEQRETICAL

ACTIVE EARTH PRESSURES
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height. The soil properties for calculation purposes are indicated
in Fig. 6.1 and the magnitude of the theoretical active earth pres—
sure'for a layered sand was calculated by the equation shown in Fig,
6.6. |

As shown in Fig. 4.2.25 (page 83 ) the wall friction had
little effect on the total active earth pressure and has therefore
been taken as zero. If Coulomb's theory is valid, the measured earth
pressure should agree with the theoretical earth pressure. Fig. 6.7
shows both these values plotted against time.  The measured values
are.higher except for day 86 where the theoretical value was about
six per cent higher and on déys 173 and 175 where the theoretical
values were about two per cent higher, Beforé day 45 the measured
earth pressures exceeded the-thebreticél ones by an average of 20
per cent. After this the’measqred values were about five per cent
above the theoretical ones. Assuming a value of wall friction of
§ =1/2 ¢ would lower the theoretical pressures by an additional five

per -cent. It should also be noted that the earth pressure cells were

spaced on the test piles at .6-foot intervals and a linear distribution

was assumed between the cells. The full depth of excavation was reached

on day 59 when the wall had deflected an average distance of 0.006 H,

where H is the full depth of the cut. The agreement from there on

, ,
¥ . . .
between the measured and theoretical pressures is very good. Therefore -

o IE
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it can be assumed that the active condition for the full depth of

the cut was realized as soon as the cut reached its full depth, After

day 86 the total active pressure remained relatively constant regaxdless

of the continuing wall deformation. The slight variations were due

to fluctuations in the water table which are reflected in both the
calculated and the theoretical pressures. It, therefore,can be
concluded that Coulomb's theory can be used to calculate the total
active earth thrust on a braced cut in sand provided the soil has been
strained the required amount.

Fig. 6.8 shows the variation of K, with depth. The

A

theoretical KA value was defined in Chapter 4 by Eq. (4.2.7). The

measured KA values were calculated as follows:

P
KA=—L (6.5)
h
z Yi Ny

in which Dy is the lateral earth pressure measured by a respective
cell and E:Yi hi is.the corresponding overburden pressure. The
theoretical KA value above elevation 740 feet was 0.200 and below that
elevation 0.125 as shown by the dashed-dotted lines in Fig. 6.8, The
KA values during the excavation period of the cut were averaged as

shown by curve days 24 to 57. The sccond curve illustrates the average

RS s
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of days 60 to 86 and the third curve the average of days 111 to 175,
corresponding to definite construction stages. For the upper part

of the wall the measured KAfvalues.arc two to three times larger than
the theoretical valuecs. This is brought about by the special deforma-
tion behaviour of the wall. The soil in the lower portion of the cut
is expanding at a greater rate and a stress transfer (arching effect)
takes place from the yielding parts to the stationary or less yielding
parts of the wall, resulting in higher pressures in the upper portion.
This agrees with the observations made'by previous engineers and
researchers (Meem 1908, Spilker 1936, Peck 1943, and Muller-Haude et
al 1965).

The measured KA-values appear to decrease with increasing
depth of excavation down to elevation 740 feet. Below this depth the
variation is not as pronounced, the valpes range between 0.13 and 0.23
as compared to 0.125 for fhe theoretical K,-value. It is interesting

A

to note thdt the first period (day 24 to 57) KA—values above elevation

740 feet were lowest and below this depth were largest of the three

periods. It is quite likely that the deformation of the wall (for the

first period) was not sufficient to bring about the full active condi-

tion below elevation 740 feet., This is explained by the deformation

pattern of the wall dufing this period. Initially most of the movement

occurred in the upper part of the wall, because the lower part of the
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piles were still embedded. From then on the lower portion of the

wall was yielding to a much greater degree than the upper part and

a stress transfer (arching effect) occurred from the yiglding parts

to the stationary or less yielding parts of the cut. This is reflected
by an increase of KA—values at the top and a decrease of KA—values

at the lower part as shown by the second curve (days 60 to 86).

As discussed in Section 6.2.2 much of the wall movement
occurred after the struts were installed and the deformation consisted
of a translational movement and of a rotational movement with its
pivot point about the strut level at elevation 762 feet. This conti-
nuing deformation decreasecd the KA—values in the first sand layer to
approximately the same values as in the initial stage and to an average
constant value of 0.18 in the dense sand-layer. This is shown by
curve days 111 to 175. The theoretical K,-value in the dense layer

A

(X

A = (0,125) can be considered as the lower limit for the measured

values which averaged to 0.20. The measured KATvalues are not constant
throughout the entire depth of the cut as suggested by Eq. 4.2.7 which
is also proof of the non-linear pressure distribution. Nevertheless

the theoretical KA—values can be employed to predict the total active

earth pressure acting on the cut.

-
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6.2.4.3 K-Strain Relationship

Fig. 6.9 shows the variation of K-values vs. horizontal
strain'after day 24. The K-values were calculated according to Eq.
6.5. The strain of the soil at the elevation of a cell is obtained
by the measured inward movement of that cell divided by the horizontal
distance from the cell to the rupture surface of the retained soil
mass. A logarithmic spiral was chosen as rupture surface as suggested
by Terzaghi (1941). The spiral intersected the sheet pile wall ét
the excavation level.

Up to a horizontal strain of five per cent a considerable
scatter of K-values occurred ranging from 0.12 to 0.70. It can only
be suspected that up to such a strain the strain conditions in the soil
were not yet uniform within the deforming soil. Beyond a strain of
five per cent the K-values range from 0.10 to 0.19 with an average
K-value of 0.15. At this point it is proper to draw the attention
again ‘to the Qoulomb values, which were 0.125 for the dense and 0;200
for the medium dense sand stratum and are indicated in Fig. 6.9. There-
fore it can be concluded that for this particular soil the active state
has been brought about when the horizontal soil étrain reaches a value
of five per cent.

A tentative curve has been drawn through these points to

3
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show more clearly how abruptly the K-values assumed a constant

minimum value after the soil strain cxceeded five per cent.

6.2.5 Passive Earth Pressure

For a smooth wall where no shearing stresses are
developed between the soil and the wall, the péssive resistance can
conveniently be calculated by either Coulomb's or Rankine's equation,
assuming a plane rupture or slip surface. Coulomb's general expression

for the passive coefficient of earth pressure is given by:

K = sin2 (o - d) cos § (6.6)

P 2
sin o sin(a+ §) (. V/51n(é+<3) sin(¢-+1)

sin(a +8) 31n(0-;1)

where o < 90° is the angle between the horizontal and the back of the
wall; the other terms have been defined previously. This equation is
based on the simplifying assumption of a plane surface of sliding
Fig. 6.10 shows the variation of Kp with the angle of
internal friction ¢ and the angle of wall friction § for the case
where the wall is vertical and the soil surface is horizontal. § is

considered to be positive in Eq. (6.6), that is, the resultant passive
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pressure acts as indicated on the inset of Fig. 6.10. This corres-
ponds to most practical cases in which the wall is pushed into the
soil resulting in an upward movement of the soil with respect to the
wall, Curves have been plotted for three cases of wall friction,
namely 8 = 0, 8 = 1/2¢ and § =p. They indicate that for a given value
of ¢ the value Kp increases rapidly with increasing value of §. As §
increases so does the curvature of the surface of sliding and for a
large & it can no longer be approximated by a plane. Therefore a
second set of dashed curves have been shown in Fig. 6.10 based on a
more realistic curved surface of sliding as indicated by curve bd on

the inset of Fig. 6.10. The values of Kp for the curved rupture

surface were obtained from tables developed by Caquot and Kerisel (1948).

For values ¢ = § =‘=3Oo, a horizontal backfill and a vertical wall it
has been found that the value of the passive earth pressure as deter-
mined by means of a curved sliding surface is more than 30 per cent
smaller than the corresponding Coulomb value computed by Eq. (6¥6).
For higher values of ¢ and 6 the errof becomes prohibitively large.
For values ¢ = § = 400, the corresponding values of Kp for a plane and

curved surface of sliding are 92.3 and 17.5 reépectively. This error

is on the unsafe side. However, with decreasing values of & the curvature

decreases rapidly and becomes planc when 6 = 0. If & is smaller than

¢/3, the differcnce between the real sliding surface and Coulomb's planc

S <]
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surface is small (as can be seen in Fig. 6.10) and Couiomb's equation
is adequate. If § is larger than ¢/3 a method should be used which
takes fhe curvature of the slip surface into consideration.

The passive earth pressure at London was measured by
cell G-7, mounted on the excavation side of pile No. 14 at an eleva-
tion of 618.5 feet. Therefore, the overburden was approximately 4.5
feet after the excavation had reached grade. Since the passive earth
pressure acts at an angle § to the normal on the contact face the fol-

lowing expression for the total passive resistance is valid.

K
Po=} vy p? —P— (6.7)
in which D is taken as the distance from the excavation level at the
test pile to the bottom of pile and Kp is the coefficient of passive
earth pressure defined bf_Eq. (6.6). Cell G-7 measured the horizontal
or lateral component of the‘passive resistance. Therefore, for tﬁe
purpose of comparison of the theoretical with the actual values, the.

horizontal component of the passive pressurc given in Eq. (6.7) should

be used, which is

P(h)=%yD K (6.8)

y:13
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It will be understood in the following discussion when reference
is made to the passive earth pressure it is the lateral component
given By Eq. (6.8) which is meant unless otherwise stated.

The passive pressures measured by cell G-7 are shown in
Figs. 5.2.4 to 5.2.16 inclusiveiy. Fig. 6.11 shows the variation
of the measured passive earth pressure and the theoretical values.
At any time the measured passive resistance was well below the corres-
ponding calculated value. To calculate the theoretical values the
assumption of a failure plane passing through the bottom of the shcet
pileé was made. TFor a curved failure surface and § = 1/2 ¢ the passive
resistance increased approximately fourfold compared to the resistance
obtained assuming a smooth wall. After day 59 when the excavation had
reached its final grade the measured value varied between 1.36 kips per
foot and 12.25 kips per foot. The high pressurcs were obtained in the
final week of the experimental programme. The corresponding thgorétical
value for ¢ = 52 was 23.0 kips per foot for a frictionless wall and 91

kips per foot assuming § = 1/2 ¢ and a curved rupture surface. As a

general rule the strain that is required to bring about a passive failure

condition is about ten times the strain requirement for the active case.
The maximum wall deformation at the elevation of cell G-7 occurred on
day 175 and corresponded to 8.3 inches. This amount of yield should

have been sufficient to cause the passive condition but as was pointed
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out above the measured passive pressures were much smaller than the
theoretical values. In order_for the theoretical value to agree with
measured value tﬁe failure surface should pass through a point three
feet above the tip of the pile or the angle of internal friction of
the soil should have been approximately 30 degrees. The theoretical
curve for ¢ = 30° and § = 0 is also indicated in Fig. 6.11.

In Chapter 4, Section 4.5, the hydrodynamic analysis
showed that the factor of safety against boiling or piping was close
to unity for the most critical stage. As early as day 39 local boiling
was observed at the bottom of the excavation. Boiling or quicking de-
creases the effective stress which in turn causes a decrease in shear
strength and reduces the passive carth pressure. The passive resistance
should become equal to zero if boiling were to occur homogeneously
throughout the excavation. The measured low passive earth pressures
lead to the conclusion that the angle of internal friction ¢ w%thin the
excavation was reduced from an in;tial value of 52 degrées to a value
of approximately 30 degrees. This reduction came about because of the
prevailing upward seepage conditions. causing the soil to loosen.

Fig. 6.12 shows the variation of the measured coefficient
of passive earth pressure with the deformation of cell G-7. On day 24
and day 28 the values of Kp were 0.35 and 0.37 respectively which are

even lower than the Ko-values usually assumed for such a dense soil.
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This suggests that the soil around cell G-7 was still in a loose

condition due to jetting the piles into position. With increasing
deforﬁation the Kﬁ-values also increased except for such days when
boiliug within the excavation was imminent. The last cell reading
was obtained on day 175 when the water level inside the excavation
was about two feet below the cell. The measured Kﬁ-value was 3.75
this would correspond to an angleof internal friction of about 36

(o}

degrees neglecting wall friction. The Kp—value for ¢ = 527 and

§ =0 is 7.55 and for ¢ = 30° and & =30° is 3.00. The latter value

is also indicated in Tig. 6.12. From this figure it can be concluded

that the attainment of the coefficient of passive ecarth pressure

is dependent on the wall deformation and that a change in soil density

due to upward seepage will affect this coefficient markedly.

6.3 Farth Pressure Distribution

The earth pressure distributions are shown in Figs.
5.2.1 to 5.2.16 for different construction stages. Figs. 5.2.1 and'
5.2.2 show a linear increase of pressure with depth for the at-rest
condition.

During the period of excavation fhe measured earth

pressures werc larger in the centre and upper part of the cut. The
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distribution of pressure during this stage may also be interpreted

vs. depth in Tig. 6.8, which indicate that

from the curves of KA

the_KA_values for the top portion in some instances were twice the
correspbnding Coulomb value. The height of the resultant pressure
above the béttom of the excavation for this stage was found to range
between 0.42 H and 0.50 U with an average of approximately 0.46 H,
which also reflects a non-triangular distribution. For a purely
triangular distribution the centre of pressure would be at 0.33 1.

Fig. 6.13 shows the distribution of average earth
pressure during the second period, that is, after the excavation had
reached grade. The centre of pressure for this average distribution was
0.40 H. Thus it is evident that a significant redistribution of earth
pressures had taken place during this létter period.

“As mentioned in Section 6.2.2 the deformation bchaviour
matched approximately the wall movement D of Fig. 4.2.4. The theore-
tical earth pressure distribution corresponding to this type of defor-
mation was plotted in dimensionless form in Fig. 4.2.15. To adopt this
distribution for a multi-layered system the corresponding soil parameters
bad to be substituted. The average water level for the second stage was
taken at elevation 742 feet. The change from the medium dense to the

dense layer was also assumed to occur at this elevation, which corresponds

to 0.6 of the depth of the cut. Vor the upper stratum (medium dense layer)
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the theoretical curve for ¢ %'420 was plotted. The theoretical
curve for the dense layer was plotted for ¢ = 52° considering the
soil above elevation 742 feet as surcharge and the pressure-intensi-
ties for the dense layer were increased by this surcharge effect.
Below the water table the submerged unit weight was usecd.

The comparison between the theoretical and the average
measured lateral earth pressure distribution is shown in Fig. 6.13.
The pressure intensity of the theorgtical curve decreases below
the depth of 748 feet. Below elevation 736 feet the‘measured values
are in excess of the corresponding theoretical values. Above an
elevation of approximately 757 feet no cells had been installed and
a linear decreases in pressure is assumed_with Zero preséure at the
ground surface. This assumptioﬁ appeared reasoﬁable because the soil
against the sheet piles above elevation 760 was a loose backfill.

The theoretical distribution curve can be taken as a
good fit of the experimental curve. The areas under-each curve are
approximafely the same and are equal to the active Coulomb value.

The comparison between the theoretical and the measured

average distribution shown in Fig. 6.13 leads to the conclusion that if
the deformation of a wall can be predicted and can be controlled during
construction the laterai pressure distribution on the wall can be pre-
diéted. The magnitude of the total earth thrust can be calculated by

Coulomb's theory as discussed in Section 6.2.4.2.
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CHAPTER 7

SUMMARY AND CONCLUSIONS

7.1 Summary

An experimental and analytical investigation has been
conducted with the objective of finding a general relationship
between the deformation of a braced cut in dense sand and the cor-
responding earth pressure distribution. The presently existing
theories were scrutinized with respect to their applicability to
the problem presented. A new solution is presented in Chapter 4
based on Dubrova's analysis (1963) which relates qualitatively
and quantitatively the active earth pressure distribution to the
mode of deformation of the cut. The theoretical solution gives

expressions for four different deformation patterns which can be

possibly expected on a braced excavation. Different values of angles

of internal friction and different wall friction angles are consi-

dered. 1In each type of movement the total active pressure is equal

to the Coulomb value. The analytical investigation further examines

the solutions for the coefficient of earth pressure at rest as pro-
posed by Timoshenko (1934), Jaky (1944) and Hendron (1963).

The passive earth pressure is evaluated theoretically

B
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taking into account the roughness of the wall, plane and curved
surfaces of sliding. |

| The phenomenon of soil arching is investigated and the
two different concepts suggested by Terzaghi (1954) and Tschebotarioff
(1952) are clarified.

The hydrodynamic conditions of the braced excavation
are examined and compared to the theoretical and empirical solutions
proposed by Bazant (1963), Marsland (1953), McNamce (1949), and
Ordujanz (1954).

| The experimental investigation served threc purposes:
The first and main purpose was to collect reasonably accurate data
with respect to earth pressure distribution and the total earth

pressure acting on the braced cut and to record the corresponding

" deformation of the wall. Secondly, it provided information during

and after construction concerning the effects of construction opera-
tions on the subsoil, and the corresponding effects of these changes
in the éubsoil upon the structure. Thirdly, it served as a safeguard
to detect signs of impending danger during construction and to correct
defects in design due to inevitable gaps in knowledge of subsoil condi-
tions at the time the design criteria were laid down.

The experimental part was carried out on a full scale

braced excavation which reached a depth of 50 feet. The quantities
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measured were, the earth pressures on two test piles, the pore water
pressures, the horizontal deformations of the test section, and the
strut loads. TField and laboratory tests supplied the necessary

soil data.

7.2 Significance of Measurements

Comprehensive measurements of this kind in deep cuts in
sand, prior to this London investigation, have only been made in
Berlin, Munich, and New York. But at London it was the first time
that the aétual distribution of earth pressures in sand have been
measured on a full-scale braced wall. It was also for the first time
that earth pressure rcadings, strut loads and corresponding wall
deformations on a braced wall retaining fine dense sand were recorded
and systematically analysed.

The measurements are a valuable addition to the ex%sting
records of field measurements in braced excavations and should play
an important part in reducing the cost of construction by improving
future designs.

| No new theory in soil mechanics should be accepted for
practical use without ample demonstration by field observations that

it is at least reasonably accurate under various conditions. Even

N
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small projects occasionally offer exceptional opportunities for
significant additions to our knowledge, although some of the resulting
interpretations may require modification in the light of future

measurements.

7.3 Conclusions

The following conclusions are based on the experimental
test results, theoretical analysis, and the preceding discussions
and interpretations of the behaviour of earth pressures on braced

walls.

1 - A theoretical solution, based on Dubrova's work (1963), relating -

the wall deformation and the corresponding lateral earth pressure dis-
tribution of a granular material on retaining structures has been
presented. TFive major modes of deformations which a retaining struc-
ture can be expected to undergo, have been considered. The final so-
lution has been presented in graphicai form (refer to Figs. 4.2.15 to
4.2.24) considering a wide range of angles of internal friction énd
angles of Qall friction. The four possible types of deformation of a
braced cut for which a graphical solution has been given all result

in parabolic or pear-shaped lateral earth pressure distribution curves.

The experimental distribution of the lateral earth pressure

on the braced cut was approximately parabolic with the maximum pressures
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occurring in the upper half of the cut. The average height of the
resultant pressure above the bottom of the excavation was 0.46 1
during. excavation and approximately 0.40 H after the excavation
had reached final grade. For a purely triangular distribution the
centre of pressure would be at 0.33 H above the bottom of the cut.
The actual deformation of the braced wall matched approxzimately the

wall movement D of Fig. 4.2.4 and the agreement between the experi-

mental lateral pressurc distribution curve and the corresponding

‘theoretical curve is fairly good. The agreement between the theore-

tical and the measured average carth pressure distribution leads to
the conclusion that if the deformation of a wall can be predicted
and can also be controlled during construction the pressure distri-

bution on the wall can be predicted.

2 - There was a fairly good agreement between the total active carth
pressure obtained from the pressure cells and the corrcsponding

Coulomb value. During excavation the experimental valucs were often

‘higher, in one instance as much as 30 per cent. After the cut had

reached its final depth (day 59) the agreement was within 10 per cent.
By this time the wall had deflected an average distance of 0.006 H
and the measured total earth pressure remainded relatively constant

regardless of the continuing deformation of the wall and was consistent
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with that computed by Coulomb's theory. It therefore can be concluded
that if certain deformation requirements are met the total active

earth ﬁressure of dense sand on open cuts can be predicted by Coulomb's

theory.
3 - The theoretical KA—values as given by
cos 2 2 [0
KA ==L- } = tan~ (45 - E) (4,2.8)
+sin ¢

necessitates a triangular pressure distribution over the entire depth
of the cut. The measured K-values at different depths after the cut
had reached its final grade were not constant; The experimental values
were higher in the upper half of the cut’ compared to the theoretical
values, as is found from a parabolic earth pressure distribution.

An experimental relationship between the horizonta} soil
strain and the variation of K-values has been established (Fig. 69).
After the horizontal strain of the soil had reached five per cent thg
K-values assumed a minimum ranging between 0.19 and 0.10 with an average
value of 0.15. It is especially noteworthy how suddenly the K-values
approached a constant value after this soil strain had been exceeded.
It is therefore concluded that when the horizontal strain within the

retained soil mass exceeded five per cent the soil was in a completely
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active state. It is held that this relaticnship will be similar
for other cuts in dense sand having similar soil properties and

deformation behaviour.

4 - The theories for predicting Ko-values as proposed by Jaky (1944)
and Hendron (1963) do not apply to overconsolidated dense sand depo-
sits. It appears therefore, that in natural deposits, the coefficient
of earth pressure at rest will be governed by the nature of the sedi-
mentation processes which have produced the deposit and by the stress
histqry of the formation.

A mode coefficient of earth pressure at rest of 0.70 was
measured which is identical to values obtained by Terzaghi (1934) for
a similar dense sand. This value would- correspond to an internal fric-
tion angle of 17.5° (according to Jaky) and approximately to 9° (accor-
ding to Hendron). Such low friction angles have never been obtained
on dense sands by any test. It is therefore questionable that‘Kd is
influenced at all by the interlocking.or sliding of grains, since this
phenomenon depends on motion to be fully mobilized vhereas Ko is fully

active prior to any motion or strain within the soil.

5 - The deformation of the imbedded part of the wall should have

been sufficiently large in order to mobilize the full passive resistance.
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The measured passives pressures were consistently lower than the

calculated values based on the initial soil density. It is therefore

concluded that the prevailing upward seepage conditions reduced the

soil density within the excavation and the angle of internal friction
was correspondingly decreased from an initial value of 52 degrees

to a value of about 30 degrees.

6 - For any large-scale model test or full-scale retaining wall for
which measurements have been made it was always observed that the
active earth pressure reached a minimum value after the structure had
yielded a certain amount. Any further yield of the wall did not
change the earth pressure. A decrease of the shear strength parameter
¢ with incfcasing strain as exhibited for dense sand in the laboratory

would necessitate an increase in the total active earth pressure.

Since the shear strength does not appear to decrease with large strains

in model or field tests the peak shear strength should be used.

7 - The total earth pressures obtained from the strut load measure-
ments were lower than the corresponding pressures from thc earth pres-
sure cells or the corresponding Coulomb values. The strut load
readings were somewha; erratic, not necessarily corresponding to the

excavation progress.
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8 - The sheet pile penetration depth and the installed well point
system did not prove entirely sufficient to prevent local boiling

with the excavation.

7.4  Suggestions for Further Research

The foregoing investigation appears to warrant several

*lines of future research.

1) A few sets of field observations on braced cuts cannot be consi-
dered as absolute conclusive evidence that future excavations under
similar conditions will perform similarly. Therefore future fiéld
instrumentation should be attempted on structures but only where the
soil conditions are thoroughly known and relatively simple.

2) Regardless of the method used in measuring strut loads and earth
pressures, the observations should be made on several independent
profiles, in order to get a conception of the deviation of the loads
on individual profiles from the average.

3) The deflection of the struts induces arching effect in the soil
adjoining the deflecting supports and relieves the pressure to an un-

known extent. It was shown qualitatively in the foregoing chapters,

that arching effect did occur, but its magnitude and relation to strain

is not yet known. This should be investigated, possibly in the labora-

tory where ¢onditions are more controllable.
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4) Further research should be devoted to the testing of soils
under plane strain conditions in order that the shear strength para-
meters are compatible to those mobilized in the field under the

same strain conditions.

5) A largé scale model study of a braced cut seems to be warranted
to further correlate the theories proposed in Chapter 4 with actual

behaviour.

B
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APPENDIX A

PERFORMANCE AND RELIABILITY OF THE VIBRATING

WIRE EARTH PRESSURE CELLS

A.l General.

During the period from December 1963 to July 1964 readings
were obtained on thirteen pressure cells installed on two test piles
of a five-storey basement excavation for a $8-million expansion of
Londoq, Ontario's Greenway Pollution Control Centre; a proiect designed
to triple the city's sewage treatment capacity.

The pressure cells were installed on two adjacent sheet piles,
No. 14 and No. 15, resvectively, on the 42 - ft. wide noxrth wall of the
cofferdam (Fig. A.1). Waterlevel standni#es were also installed on
the two piles in order to measure the water pressures. Sheet pile
movements and strut loads were also measured as discussed in Chapter 5,
but will only be discussed here with respect to effects on pressure cell
readings.

The vibrating-wire pressure cells have many advantages over
other types of nressurc transducers and were chosen for the following
reasons:

(i) They were considered to be more stable and accurate than other

s

conventional transducers used bhefore.
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(ii) The past favourable experience gained by the Norwegian Geotech-
nical Institute with these instruments.

(iii) The National Research Council's willingness to loan secven of
these cells and the electronic read-out instrument for this proiect.
(iv) The fact that the cells could be read at a remote station and
so did not interfere with the excavation and construction operations.
) The possibility of retrieving the cells easily at the end of

construction.

A.2  Principle of the Vibrating-Wire Earth Pressure Cell

The method depends upon the measurement of the pitch or vibra-
tion of a stretched wire, which in turn is a measure of the tension

applied. The fundamental natural frequency of a stretched wire is:

] Gy 2 1
fo = 71, o OR fo R % @

Where fo:: natural frequency (pitch of emitted sound)

1L = length of the wire between grips
00 =: tensile stress in the wire, and
o = density of the wire (mass per unit volume)

A chdnge of the stress in the wire from 9, to 0, causes a change

in the frequency from fo to f and Eq. (1) takes the following form:
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2 2

: .1 _ . _ .
(£ fo ) ~ip (o Ob), S}nce o~ 0 = AC

0

we get

- ho =4L2p (f2 - foz) (2)
For a given Ao, the sensitivity, Af, is increased by decreasing
L and 0. The lower limit for o is reached when the wire no longer emits
a pure tonc owing to its own lack of stiffness. Similarly if the length
of thé wire L is too short, end conditions become too important. Natu-
rally the actual relationship between Af and Ao is obtained by calibra-
tion and not by using Eq. (2). The accuracy of the vibrating wire me-

thod depends largely on the accuracy of measuring the vibration frequency

of the wire.

A.3 Description of the Cell

The cell (Type V) is discussed in detail by the Norwegian
Ceotechnical Institute's Technical Report No. 9, 1962 and only a short
description will be given here with reference to Fig. A.2.

The cell is machined from mild stecl and consists essentially
of a housing ng) and é diaphragm (2) which is a 2.5 mm steel plate with
two posts set a distance of 57 mm apart and an outer ring of 10 mm

thickness and a total height of 14 mm. The diaphragm rested on three

R
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steel balls (5) at a mutual angular spacing of 120% on the shoulder of
the housing. The inclusion of the steel ball support made the cell more
sensiﬁive and different degrees of tightening of the cell bolts did noL
affect the readings. At a pressure of 35 psi the diameter/deflection
ratio is about 2000. The diameter/deflection ratio should be Z= 1000
according to’an investigation carried out by the U.S. Waterways Fxpe-
riment Station (1944) for a pressure cell mounted flush with tﬁe surface
of a rigid wall retaining loose sand. The diaphragm is bearing on the
housing by three steel balls (5) and is scaled off by an O-ring. An
electromagnet (16) is mounted on the bottom of the housing and plucks
the wire strétched between the two posts of the diaphragm. The induced
back-enf by the vibrating wire is read out and compared to a reference
vibrating quartz crvstal by an electrical instrument. A change of pres-
sure on the diaphragm gives a corresponding change of tension in the
wire, that is, a change of mnatural frequency.

The cells were mounted flush with the face of the sheet pile by
means of 5 bolts. Tﬁe housing is fitted into a hole cut in the sheet
pile by a torch and bolted tight. The bolts were torqued to a maximum
of 60 ft - 1b to prevent the stripping of the threads. The electrical
cables were brought up to the ground surface insidec a plastic or copper

tubing protected by a steel angle welded to the sheetpile.
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A4 Calibration of the Cells

,.A.é.l Laboratory Calibration

From Eq. (2) it is seen that the changes of stress in the
wire is directly proportional to the square of the corresponding
freauency change. The constant of proportionality for each cell had
to be determined by calibrating the gauge against known pressures.
Since the cells were to be used to measure the pressure of dense fine
sand against sheet piling they should be calibrated against sand nres-
sures. The result of this calibration test is shown in Fig. A.3 together
with calibration curves for the same cell calibrated against known water
and air pressures. Owing to the negligible difference in results the
calibration against water pressure was genérally adopted for simplicity
sake for all thirteen carth pressure cells.

The calibration of the cells against sand pressure was done
in an 8 in. inside diameter and 10 in. high tank with the cell mounted
to the bottom of the.tanka The five bolts were tightened to a uniform
torque of 60 ft - 1b. Calibrations were made with sand iayers compacted
to heights of 2 in., 4 in., and 6 in., respectively, in order to evaluate
the influence of tank wall friction on the cell reading. The inside of
the wall was polished and lined with a polyethylene sheect to minimize
the side fri?tion efféct. A thin rubber membrane was nlaced over the

sand and a known air pressure was apnlied for calibration purposes.
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Five cells of the Waterloo series were calibrated using this method
and a typical test result is shown in Fig. A.4.

The cell reading decreased considerably for the same applied
loading pressure due to the influence of wall friction as the sand
height became greater than one half of the tank diameter. Arching
effect in the soil took place in two forms. Firstly, arching effect
could be expected across the diaphragm due to its deflection and
secondly, arching effect across the whole tank due to the friction of
the side walls. Tor the unloading cvcle the reverse effect was obser-
ved, the actual pressure on the cell was greater than the aoplied
preséure since the friction force was acting now in the opposite
direction.

The calibration of the cells is extremely important since
once driven into the ground there is no way of checking the zero fre-
quency. A shift in zero frequency can only be detected when the cell
is still above ground or after it is recovered and recalibrated. Ele-
ven cells were recovered and recalibrated and most of the cells sﬁowed

a decrease in zero frequency due to factors which will be discussed

later. However, all the recalibration curves coincided with the original

calibration as shown in Fig. A.5, for one cell G-5. This was expected
since the squares of the difference of frequencv was plotted against
pressure in order to give a straight line relationship. Tven an appre-
ciable changé of the zero frequency will hardly affect the squares of
the difference of the frequency to a large extent. Two cells, G-6, and

G-7, were below excavation grade and could not be retrieved.
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Ab.2 Field Calibration

The sheet piles were driven through dense fine sand and it
was feared that because of the severe driving conditions slippage
of the wire in the grips would occur i.e. a decrease of wire tension.
Later this was found to be true. Two earth pressure cells, G-6, and
G-7, were below the bottom of the excavation and were not retrieved
for recalibration after completion of the program. These two pressure
cells were installed at the tips of the respective sheet piles and
were the first ones to go underground when driving started. To check
their zero frequency at the end of driving the following procedure was
used: : :
Fach of the thirteen cells was connected with either a plastic
tube for the Waterloo cells, or a copper tube for the Ceonor cells.
The purpose of the tubing was two-fold, firstly, to protect the elec-
trical lead wires tﬂat ran inside the polyethylene tube, and secondly,
to keep the inside of the cell at atmospheric pressure. .The copper
tube for cells G-6 and G-7 was hooked up to a vacuum pump and/or compre;sor
and the pressure inside the cell was decreased or increased at will; If
the inside cell pressure was equal to the external pressure exerted on
the diaphragm by the soil, then the membrane should be undeflected and
one would have theorc;ically a state of initial stress in the wire or
the zero frequencv of the transducer. |

The pressure inside the cell was varied from -14 psi to +25 psi
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for cell G-6 and to +50 psi for cell G-7. The upper iimit vas reached i
when the transmitter ceased to emit a clear signal. These two tests
are shown in Fig. A.6a and A.6b for cells G-6 and G-7 respectively.

In Fig. A.6a the inside cell pressure was increased at intervals
from -14 psi and corresponding frequency readings were taken. A marked
change of slope occurred at point B, after which the slope flattencd
out and eventually became horizontal. It was assumed that at this
point the outside earth pressure and the inside cell pressure were equal.

A further increase of the inside cell pressure pushed the dianhragm into

the soil and mobilized the passive condition. At an inside cell pres-

sure of 25 psi the transmitter stopped emitting a distinguishahle signal; -
apparently the diaphragm was pushed out too far. The zero frequency de-
creased from 876 cps to 802 cps due to driving of the sheet piles. Cell

G-6 was measuring the active earth pressure whereas cell G-7 was facing

the excavation to record the passive earth pressure.

Fig. A.6b depicts the behaviour of cell G-7 when the inside cell
pressﬁre was increased from -14 to 450 psi, pointsB and C indicate two
points where the slope changes abruptly. The reasons why it was assumecd that
the point of zero frequency was at B rather than C were the following:

After the excavation to grade and bracing of the sheet piles littlg
movement of the wall took place except for the lower pért of the piles
below the last strut level tending.to move into the excavation. Thg

movement was restricted only by the piles own rigidity as well as the
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passive earth pressure of the sand in front of it. Due to bottom heave
and "boiling" this paséivc resistance was decreased quite considerably
and tteilower parts of the piles Drgbably deflected some more towards
the excavation. So in July 1964 wheﬁ the field calibration was performed
there was no tendency for the piles to move (or to be moved) any further
to mobilize ghe full passive resistance éf the "re-deposited"” sand aﬁd
cell G-7 was just measuring the at rest-pressure due to the 5 ft of
overburden plus, of course, the water pressure acting on it. Thus the
total pressure as can be seen from Fig. A.6b was approximately 5 psi. As
the inside cell pressure was increased beyond point B, the diaphragm
deflected further outwards and the passive condition was reached at
point C which is indicated by a éhange in slope of the calibration
curve. When the pressure was decreased the curve passed through point

B again which is another verification that this was the point of zero

frequency. A decrease of zero frequencv by 34 cps was observed due

to driving of the pile.

A.5 Factors Affecting Cell Reading

A.5.1 Temperature

It was known from the experiments done by N.G.T. that changes
in gauge temperature will cause a shift in the zero frequency. To obtain

the magnitude and direction of this shift several cells were tested and
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the zero-frequency measured at different temperatures. Fig. A.7 shows
the result of one cell, G-5, for which the temperaturc was varied from
~-12°F to +900¥, the corresponding maximum frequency change was 47 cycles
per second. The temperature of the cell was measured by a thermometer
and a thermocouple placed inside the housing. The gauge was considered
to have reached equilibrium Gith respect to temperature when both the
cell as well as the surrounding air indicated the same temperature and
only then a frequency reading was taken. For below freezing point tempe-
ratures the cells were placed in a freczer compartment énd for higher
temperatures in a drying oven, respectively.

The frequency squared with regard to temperaturec changes
is given in Fig. A.8, from which the temperature coefficient o was
obtained as 0.7 x 103 sec™? x QF—l; this means a temperaturc change of

109F will result in an error of less than 0.3 psi in the pressure measu-

rement. The air temperature at the site varied from below 0°% in December

1963 to over 100°F in June 1964. The temperatures given in Figure A.9 are
daily maximum, minimum, and mean temperatures of London as recorded by
the Metecorological Branch of the Department of Transport. The temnera-
tures of the excavation were slightly higher in the summer months since
the north wall was exposed to direct sunlight during part of the day.

Although the.cells were shaded from direct sunlight, the air temperatures

on that side of the excavation were high. 1In the initial pile driving stage

when the pressurc cells were above ground surface their temverature was
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taken to be equal to the surrounding air temperature and was assumed to
be identical with the soil temperature when completely buried. Unfor-
tunately only a few soil temperatures wvere measured at the site, it
varied from a low 35°F to a high of 70°F (when the air temperature was
94°F), for sojl located directly behind the sheet piles. It never went
below the freezing point (32°F), since even during the coldest day water
was observed seeping through the interlocking joints. As the excavation
proceeded the back or excavation side of the cells became exposed to

the air. TFor this condition ghe cell temperature was taken as the ave-
rage of the mean air temperatﬁre and the soil temperature, assuming an
uniform temperature gradient across the cell.

This assumption was substantiated by a laboratory test
where a cell was mounted to the ﬁater tank, the back of the cell was
kept at room temperature (72°F5 and the face of the cell (diaphragm) at
a constant water temperature of 40°%, the corresnonding frequency reading
indicated that the cell should bé at 57°F, the actual temferatufc measure-—
ment of the inside of the cell was 59°F.

All field frequency readings were corrected to a basé
temperature of 72°F corresponding to the initial and final calibration
temperature in the 1aborafofy, For both calibratiors the water in the
tank was kept at room temperature to avoid any temperature difference

across the cell walls.
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The applied frequency corrections were obtained using
the following relationship:

Fo,=TF + k (72 = T 3
g ( g) (3)

72

=
1
t

where == corrected cell frequency

72
Fg == measured cell frequency
Tg = actual cell temperature
k = 0.4 (average slope of graph frequency vs. temperature)

TFor an extreme air temperature of -10°F and a soil tempe-
rature of 40°F the cell temperature would be (-100 4 40)°F/2 == 15°F%
for a cell exposed to soil at one side and to air on the other. The
corresponding frequency correction from ﬁq. 3 would amount to 0.4
(72 - 12) = 23 cycles per second which would affect the pressure measure-
ment by less.than 0.4 psi on the average.

The frequency measurements were made with an instrument
Oscar V, built by the Central Institute for Industrial Resecarch, Norway.
The apparatus consisted of a power supply, a Wienbridge oscillator with
adjustable frequency, a cathode tube, two amplifiers, one for the.oscil—
lator signal and one for the quartz crystal signal, and a crystal oscillator.

A1l these components are assembled in a sturdy sheet metal box. The crystal



P

317

oscillator was set to supply a.constant reference frequency of 1000
cycles/sccond indicated on the oscilloscope by an elliptical Liséajous
figure. It was obscrved.that the instrument temperature had a marked
effect on the frequency reading. When the instrument was checked for
its reference frequency at +20°F the deviation was 32 cycles per
second and decreascd to -2 cycles per second at an instrument tempera- &
ture of +83°F. The temperature was measured by a thermometer placed

in the recess beneath the chassis inside the metal box.

In a similar test the pressure cell W-7 was connected
to the oscilloscope and reference readings at various temperatures were
taken with the pressure gauge being kept at room temperature throughout
this procedure. The results of both tests are shown in Tig. A.10. In
both cases the relationship of frequency deviation and instrument tempe-

rature is a straight line. The curve for the readout instrument and the

curve for the instrument with the cell attached to it coincide at a tempe-
rature of 80°F, 1Ideally the two curves should coincide with onélanother
if the instrument were unaffected by temperature changes. The difference
in ordinates between corresﬁonding voints of the two curves is the.cof—‘
Tection which has to be applied as shown by the dashed-dotted curve in
Fig. A.10. Since the working temperature of the instrument was usually
between 50 and 80°F the‘maximum error introduced was in the order of 6 ;
cycles per second. At 800F the correction was zero cycles per §cc§nd_and
there was also no deviation from the reference frequency. It appears therc-

fore that the instrument was sct {or a base temperaturc of 80°7.



|

ONIQY I

318

o) S TAR Y e
02 oL 09 cS o» o€ 03 0! 0
[) i T [; v ) \ . oml
-4
D/ ;
/7 . / * /
oD — NOILOBUYOD
// —_ INIRAYSISN ~—
/ JA ././
o o T— -0l
N ‘11 OL G3HOVLIV
//o Z-2 T30 HLIA INTRAYLISNG — -0 —
AN A ¥¥0SO
~ INIWAYLSNI Lnoavzy —o—
ﬂ I..ON
~ aNZo31 !
Jv r Omm
~

AONZAOZEA NO THNLVHINIL LNIRNYLSNG 20 10343 Ol'V 'Sl

NOILLVIAZA

P At SN I ]
('.'.:CI:‘\

{8/0)



R TSR

319

A.5.2 Distance of Wire to Magnet

The excited wire is vibrating in a magnetic field and
according to laws of electricity the damping force increases as the
distance of the wire to magnet decreases. The change of this distance
was due to two factors. Fifstly, the deflection of the diaphragm neces-
sitated a change in distance and secondly, a change of distance éould be
expected during installation of the cells since the diaphragm was fitted
loosely in the housing held in place by a rubber O-ring. To investigate
the effect of wirc distance from magnet poles,tests were made on two
cells the results of which are shown in Figs. A.}l.a, and A.11.b, respec-
tively. 1In Fig. A.1l.a a N.G.I. test is also shown for comparison. The
frequency of the two cells decreased rapidly as the distance of wire to
poles became less than 1.0 mm. Above 1.1 mm the frequency remained cons-—
tant but the emitted signal became less clear as the distance was increased.
The clearest signal of the induced e.m.f. was recorded on the oscilloscope
when the distance was greater than 0.9 mm but less than 1.1 mm, this was
true for both cells. The Norwegian Geotechnical Institute concluded from
their test that the distance should be somewhat smaller than 1 mm but not
less than 0.6 mm,

A1l of the recovered cells were taken avanrt after reca-
libration and their distance of wire to magnet poles was measured and the

i

condition of the cell checked. The distance varied from 0.4 mm to 1.1 mm.
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Surprisingly the three cells whose distance of wire to magnet was bet-
ween 0.4 mm and 0.5 mm yielded good to excellent amplitude readings when
recalibrated as compared to a very poor amplitude for the cell having a
distance of 1.1 mm. This was attributed to the possible different field
strength of the magnets.

Upon recovery all of the wires and magnets were found to
be covered with slime and rust despite the inside of the cell having
been sprayed with a rust inhibitor "Araldite Resin D" and given a coating
of silicone grease excluding the wire and the magnet poles before final
assembly. The O-rings and grooves were also coated with silicone grease.
The maximum thickness of residue measured on the magnet was 0.15 mm. and
on the piano wire was 0.0.8 mm. In all cells fine sand was found deposited
between the diaphragm and the housing shoplder mixed with some slimy black

substance probably caused by the partial deterioration of the rubber O-ring.

A.5.3 Effect of Kinks in Wire

The wires were slightly stretched before installation to
insure their straightness. Although the wire is subjected to a tensile
stress it has been found that some curvature is generally present, even
if special straightening pro?esses are carried out before the wire is
installed in the gauge. For this reasons the measured.scnsitivities are

3

less than the theoretical values (Lee 1957). After recovery and disassembly
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of the cells three wires had kinks a distance of 1/8 to 3/8 inches from
the lock nuts. The effect of these kinks is to reduce further the
sensiti&ity of the transducers. The calibhration relationship between
pressure and receiver response varied from unit to unit depending on

the extent of the kinks and the initial curvature.

A.5.4 Effect of Pile Driving

The piles used on the project were positioned at the

site and driven down approximately 10 ft by a Delmag D-12 driver, then

a vibratory driver, Model TFoster Vibro, weighing 5% tons and capable of
doing anywhere from 700 to 1,000 vibrations per minute, was used to drive
the piles to their required tip elevation of 714.0 feet. In some instances
the severe resistance to driviﬁg was overcome by jetting, i.e. sinking a
2-inch pipe with a l-inch nozzle down to the tip of the pile and loosening
up the soil ahead of the pile by a'jet of water. Tt should be ﬁointed

out again that the soil through which the piles had to be driven consisted'
of very dense and fine uniform sand. Tield densities of up to 125 pcf

(dry unit weight) were recorded. For the first 10 ft the N values varied

between 10 and 20. Below 20 ft they exceeded 100 blows per foot penetration.

Both test piles were made up of two sections each,  a 12
ft and a 41 fr section which were welded togcther in the field after some

initial driving. For pile No. 14 the short 12 ft section was driven first
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whereas, for pile No. 15 the 41 ft section was driven first. The

bottom section of pile No. 14 was driven initially 3 feet by dropping

the toﬁ_&l ft section on it using 10 blows with 15 ft drop. The long

part of pile No. 15 was driven first after it was dropped into place.

The tip elevations of piles No. 14 and No. 15 were 754.0 and 756.0

feet respecti;ely. Both piles were then drivéﬁ together with the Delmag
D-12 hammer to‘a tip elevation of 746.0 feet. The driving was continued
with vibratory equipment. The vibratory head works on following principle.
Electric motors, powered by a portable generator set or commercial power,
drive eccentrically loaded shafts at high speed. The resultant centrifugal
force developed by the synchronized eccentrics, generator vertical motion
in the main chassis of the Vibro Driver. This motion is transmitted undi-
minished to the sheet piles by the hydrauliés clamping system. Frequency,
amplitude and driving forces are easily adjusted to correspond to soil
conditions. The vibratorv action is transmitted through the pile to the
soil to minimize friction and permit the soil grains to be more readily
displaced by the tip of the pile being dirven. It was also resorted to
jetting to.furthcr facilitate the ease of driving. Except for pile

No. 15, at elevation 713 feet, driving was very hard despite jetting.

_ Table A.1 summarizes the pile driving operation for the
two test piles. Wig, A.12shows graphically the effect of pile driving on

the change of zero frequency for the gauges mounted on pile No. 14 and
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No. 15, respectively. The final zero frequencics were obtained at the
end of construction operations when the cells were recovered and recalif
brated in the laboratory. The Geonor cells showed an average negétive
zero drift of 51 cycles/second and a maximum of 74 cycles per second.

The cells from the Waterloo series had an average change of 53 cycles perx
second and a maximum negative change of 134 cycles per second for cell
W-3. Most of the decrease occurred in the first 10 ft of pile driving

or vhen the Delmag D-12 hammer was in operation. A decrease in frequency
is equivalent to a decrease in wire tension presumably due to a slip of
the wire in the grips of the post.

For the evaluation of earth pressures zero frequencies
from the laboratory recalibration were used after January 28th, 1964, the
date when the pile driving was completed. For readings'before that cor-
responding corrections were aﬁplied assuming a linear decrease betwecen
the last two zero frequencies. The readings of cells G-6 and G-7 were
corrected by 74 aﬁd 34 cycles per éecond, respectively, based uﬁon the

change obtained from the field calibraticn.

A.5.5 Radio Interference

For the first few field frequency readings no clear
signal could be obtained on the oscilloscope due to interference of the
local radio séation. A 50 ft lead cable, with both strands shielded and
grounded, was used between the end of the cell leads and the frequency

readout instrument to eliminate most of the static.
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A.6 Tactors Causing the Breakdown of the Cells

1. The iﬁside of the'cells vere sﬁraycd with a rust inhibitor and as

the wire vibrated in the magnetic field it touched and adhered to the
magnet poles in some instances. A hammer blow on the back of the cell
usually freed’the vire again but this remedy was only possible where

the cells were accessible.' Ths problem can be avoided in future instal-
lations using a different, non-sticky rust inhibitor or not putting it

on the magnet face.

2. Most of the cells were located below the ground water table and were
sealed against infiltration of water by an 0O-ring fitted around the collar
of_the flexible steel diaphragm (refer to Fig. A.2). This method did not
prove adequate for some.cells where the inside of the gauge became flooded
and short circuited the electrical syste&. Attempts to drain one cell,
W—l; by drilling a hole in the back of the cell and blowing out the water
were only partly successful.

3. Severe poqnding with pile driving equipment will‘decrease the zero

frequency but not enough to make the transducer inoperative.

A.7 Conclusion and Recommendations

1. 0f the thirteen cells which were in operation for six months two
cells, W-1, ahd W-3, stopped working. W-1 quit emitting signals one month

after installation on the sheet piles and could not be brought back into
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operation until the completion of the programme when the cell was dis-
mantled and cleaned. The inside was completely rust covered and full

of water. W-3 stopped transmitting several times, every time it was
submerged under water, i.e. by the rising water table, water penetrated
into the cell and short circuited the electrical system. When the water
level fell below the cell's elevation water drained out from the cell

and it went back into operation. It is recommended to improve the water-—
tightness by installing a better seal, such as a double O-ring.

2. The driving of the sheet piles influenced the zero frequency of the
cell the most. An average decrease of about 50 cps was

observed. As an improvement a better gripping arrangement of the wire

at. the post is suggested.

3. Another disadvantage of the cell is{ tﬁat once installed there is

no possibility to get at the inside of the transducers without taking

them off the sheet piles and by doing so the soil in front of the diaphragm
is unavoidably disturbed. A different design which provides for an opening
at the back of the cell will be recommended.

4. The calibration was carried out using fluid (water) pressure and it
was established that under fluid pressure each gauge gave a stable, linear
calibration curve, both in loading and unloading cycles with negligible
hysteresis, thus providing a constant fluid calibration factor.

5. The behaviour of the sand over the gauge in unloading cycle was shoun
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to differ markedly from the behaviour of the loading cycle. This was
attributed to arching of the soil across the calibratibn tank and to a
lesser éxtent to arching across the diaphragm.

6. The temperaturc has a definite effect on the reading of the gauge
but variations in zero frequency could easily be corrected for once the
temperature of the transmitter was known.

7. The ratio of central deflection to the diameter of the gauge diaphragm
is about 2000 for a preséure of 35 psi. According to én investigation
carried out by U.S. Waterways Experiment Station (1944), the diameter
deflection ratio should exceed 1000, for a pressure cell mounted flush
with the surface of a rigid wall facing up to a loose sand mass.

8.. On the whole the ecarth pressure cells have proved themselves to be

satisfactory and dependable for the purpoée intended.
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