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Abstract

This study focuses on the Montgomery Block building, built in 1853 and which survived the
1906 San Francisco earthquake of magnitude 8.3 despite being roughly 15 km from the ruptured
San Andreas fault (Freeman 1932),

After a review of the existing literature on the seismic performance of unreinforced masonry
structures, a summary of the lessons to be learned and an identification of the areas that require
further research is presented. Then, an assessment of the range of predicted seismic capacities
as estimated from traditional and conservative methods to the most liberal ones for the selected
Montgomery building is conducted. Finally, a comparison of these capacities is performed to
iflustrate the impact of structural engineering modelling decisions on the predicted seismic

nerformance of URM buildings.

From this study, it is clear that depending on the structural model selected by the engineer,
considerable differences of nearly an order of magnitude in some cases may exist in the seismic

performance assessments of URM buildings.
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CHAPTER 1

Introduction

1.1. Statement of the problem:

In North America, many old buildings are unreinforced masonry (URM) structures. Thc.;e
buildings, constructed in the absence of mandatory earthquake design requirements, are
thought to be the most vulnerable to earthquakes. Yet, many of them have survived strong
carthquakes. Investigating the seismic performance of such survivors would definitely help in
understanding the behaviour of URM buildings which can translate into savings when seismic
retrofit is considered, or even demonstrate in some cases that a building is already capable to

withstand a broad range of earthquake ground motion intensities.



1.2. Research objectives:

There is apparently no consensus regarding which of the modelling strategies provides the
most realistic appraisal of the true seismic resistance of unreinforced masonry walls in
evaluating the in-plane and out-of-plane behaviors of these structures, In order to avoid
conservative decisions leading to expensive rehabilitation costs, this research work presenis
the existing analytical and modelling procedures and assess the effectiveness of some
modelling procedures on the predicted performance of an URM building predominantly made
of Pier/Spandrel facades with numerous openings and URM shear walls. It is hoped that
tindings from this case study will provide general knowledge more broadly applicable.

1.3. Selection of the building:

This study focuses on the four-story Montgomery Block building. Built in 1853, this

122 ft 3 in x 137 ft 10 in URM building has a relatively rigid first storey. having more URM
shear walls in both perpendicular directions than for the other three storeys of identical floor
plan. The thickness of the walls and piers of the studied structure is equal to .45 m and is
constant for all the elements. The height of the first, second, third and fourth storey are
respectively equal to 3.8 m, 3.5 m, 3.2 m and 2.9 m. All the floors and the low attic ceiling
of the last floor, which has a height of 0.75 m, are made of wood. This building has an
interior court providing natural light, hence surrounded by walls with numerous window
0pening.§. Three of the exterior perforated facades are equally perforated walls: The north
facade is situated on Washington street, the south facade is situated on Merchant street and
the west facade is situated on the Montgomery street. Each perforated facade has 4 ft deep
spandrels for the three first storeys and 5.5 ft deep for the fourth storey, with piers continuous
from the base to the roof. The east wall is made of three rigid walls at the first storey and a
solid wall without any opening for the other storeys. The reconstructed architectural plans are

in appendix A. This office building survived the 1906 San-Francisco earthyuuke of



magnitude 8.3 despite being roughly 15 km from the ruptured San Andreas fault

(Freeman 1932). This structure, which was demolished approximately 25 years ago (o be

replaced by the "Transamerica Pyramid" high-rise, was selected for this research programme

because of:

(1)
(ii)
(iii)
(iv)

The availability of reconstructed structural drawings.
The almost regular structural layout of the building.
The absence of liability problems.

The fact it surprisingly survived what is considered to be a major earthquake.

1.4. Scope of work:

This research programme consists of four main parts:

A review of the existing literature on the seismic performance of URM structures, a
summary of the lessons to be learned and an identification of the areas that require
further research.

A presentation of existing analytical and modelling procedures assessing the seismic
performance of URM buildings, including simplified methods of structural analysis for
use with existing codes and structural standards for the design of URM structures and
the ABK' methodology.

An assessment of the range of predicted seismic capacities as estimated from
traditional and conservative methods to the most liberal ones for the selected
Montgomery building. The lateral deformations and fundamental periods of the
building are also considered as a function of the various resulting capacities.

A comparison of these capacities to illustrate the impact of structural engineering

_muodelling decisions on the predicted seismic performance of URM buildings. This is

accomplished by interpreting the results in the perspective that the Montgomery Block

ABK is a joint-venture of three Southern Californian engineering consultant firms:
Agbabian Associates, S.B. Barnes & Associates, and Kariotis & Associates

3



Building is known to have survived the 1906 San Francisco earthquake.

1.5. Outline of Thesis:

. Chapter 2 presents the behavior concepts and material properties of URM structures, a
review of their seismic performances during some selected earthquakes, and a
summary from a literature survey on linear elastic and hysteretic analytical models of
URM structures and their seismic performance.

. Chapter 3 presents the 2D-analysis results of the perforated fucades, employing the
flexible diaphragm hypothesis, by using 2 approaches: Solid pier/Cracked spandrel
model and Cracked pier/Solid spandrel maodel.

. Chapter 4 presents the results of the 3D-analysis, utilizing the rigid diaphragm
hypothests and the previous 2 approaches.

. Chapter 5 presents the results of the UCBC 91 analy<is based on the ABK approach.

. Chapter 6 interprets and discusses the results of the procedures used to analyze the
Montgomery Block building.

. Chapter 7 presents the conclusions and provides some suggestions for further research

and development.



CHAPTER 2

Behavior Concepts, Material Properties
and State-of-the-Art on the Seismic

Performance of URM Structures

2.1. UCBC concepts:

The Unitorm Code for Building Conservation UCBC 1991 is based on the ABK methodology
developed as an ulumate strength design procedure. Therefore, as the UCBC is to be used in
context with other American working stress design codes, values in the ABK procedure have
been reduced to allowable loads, but the concept should be understood in terms of ultimate

loads and behaviour. Of particular interest is a special procedure, which allows a non-



conventional analysis of URM buildings.

One of the main assumptions of this special procedure, which will be applied to the
Montgomery Block building in chapter 6, is to consider that the URM shear walls are rigid
enough to drive each floor with an un-amplitied ground metion.  Floor diaphragms are
assumed to yield at a driving effective ground acceleration of 0.4 g at their edges.
Simultancously, because of diaphragm flexibility, acceleration of 1.0 g could be reached at
their middles. URM piers have two modes of behavier. A pier can either tuil in shear, with
typiéal "X" crackings, or rock back and forth as a solid block between rigid spandrels. The
conversion from the ABK methodology to the allowable loads format underestimates the

capacity of a wall system to rock.

The dynamic stability or resistance of normal walls to out-of-plane loading is dependent upon:

° The response velocities imparted by the diaphragms to the URM wall panel.

. The ratioc O/W of the overburden weight of the walls above the story under
consideration to the weight of the wall panel in that story.

. The slenderness ratio h/t of the wall panel in the story under consideration.

For diaphragms, the demand-to-capacity ratio (DCR) is the ratio of the 1.0 g force level to the
diaphragm shear yield capacity. The presence of crosswalls in an URM building serves to
couple the deformations of the diaphragms and reduce their deformation demands.

Figure A-1-1 of UCBC 91 (reproduced in Figure 2.1), shows the limitations on diaphragm
spans and DCRs. The outer curve represents the diaphragm displacement limit of 5 inches.
In region 1, crosswalls are needed but not in regions 2 and 3. The analysis of an URM

building by the UCBC 1991 special procedure can be achieved by following the flow chart of
Figure 2.2,



2.2. Inventory of some selected earthquakes:

[n the lust decade, seven important earthquakes occurred in North America. Further to a
review uf published reconnaissance reports, it is noteworthy that the behaviour or the damage
of URM buildings does nat intrinsically depend on the magnitude of the earthquake. Many

other components do have an influence on the degree of damage and life safety.

For those selected earthquakes and another earthquake which took place in Armenia, reported
here due to the heavy damage it imparted to URM buildings, Table 2.1 summarizes their
general characteristics and describes the seismic performance of typical URM buildings.
Qut-of-plane and in-plane failures and other imp(;rta.nt problems are also reported. In that
table, the "dJamage degree" is the writer’s subjective evaluation of the damage’s severity
sustained by the URM buildings. For example, "very high" implies there were many partial
or complete collapses. For each earthquake, factors, such as the severity of out-of-plane or
in-plane failures, anchorage problems and other reported problems, were all influential in

assigning this damage dégree.

2.3. Material characteristics of URM structures:

In this section, URM brick masonry characteristics are presented according to different
sources. Suggested values of an old URM building material characteristics are also

introduced for the analysis of Montgomery block building.
2.3.1. Modulus of elasticity of URM in compression:

The Young's modutus of a brick masonry may be used up to about 75% of the ultimate
strength. Until this limit, the material is treated as linearly elastic one, but, its overall stress-

strain relationship is approximately parabolic. Table 2.2 gives an idea about the different

7



values that can be used, according to many references.

2.3.2. Direct or in-plane allowable tensile stress of URM:

Due to some in-plane loading effects, f, might play an important role in the design of
brickwork. The material characteristics, such as mortar and brick, may have a considerable
influence in determining the allowable tensile stress which is generally the most difficult
component to determine. According to two different sources, Table 2.3 presents the different

values of f.

2.3.3. Flexural tensile stress in URM:

The allowable flexural tensile stress of a brick masonry element can be influenced by the
brick and mortar characteristics. For example, if the brick-mortar adhesion is good, the
bending strength parallel to the bed joint dirccfion will be limited by the flexural tensile
strength of the bricks and the fatlure crack will take the path of least resistance by passing
through the head joints and brick units in an almost vertical line. Typically, this is not the
case and the tensile strength of the units is strong-enough to force the crack to follow the
mortar joints around the units. For tension normal to the bed joints, the cracking, which is
controlled by the bond between the mortar and the units, almost always occurs at the interface

between these two materials. The values of f are given in Table 2.4.

2.3.4. Allowable flexural and axial compressive stresses of URM:

Many factors do have an influence on the axial or flexural strength of an URM brick

building:

. The compressive strength of the units.

. The eccentricity of the load (type of loading).
. Slenderness of the brickwork.



. Mortar bedding und strength.

. Workmaunship.

In structural design, the basic problem is to select an adequate brick-mortar combination that
will be suitable to resist the imposed loads. However, in Tables 2.5 and 2.6, the brick or
mortar guality does not have an influence in determining the allowable compressive stress. In

fact, according to Hendry, Sinha and Davies (1987), the mortar does not have a big intluence.

2.3.5. Allowable shear stress in URM:

A lot of care was given to this variable by ABK (1984), Hendry, Sinha and Davies (1987)
and ACI committee 530 (1988) (Table 2.7). In fact, according to these references, the
allowable shear stress of brick masonry is usually dependent on its concurrently acting
vertical compression.  But, when the compressive stress attains the crushing strength, the

shear stress will fall to zero,
2.3.6. Suggested brick masonry properties for old buildings:

Before 1940, the most used mortars for construction were of types O, K or N and the brick
units were huving a typical strength of 20 to 40 MPa. For old URM buildings, according to
many references, some suggested brick masonry characteristics are summarized in Table 2.8.
For the study of the seismic performance of Montgomery Block building, the following values
were used:

. Young modulus: E,, = 1000 MPa

. Allowable flexural tensile stress: f, = .19 MPa

. Allowable tlexural compressive stress: f, = 2.6 MP:.i

. Allowable sheuar stress: f, = 0.24 MPa

These allowable values are used in the study of Montgomery Block building. When an

element is overstressed, it is eliminated from the model of the studied case for the next



analysis. Therefore, in chapters 3, 4 and 5, the words "crack”. "cracking"”, "failure” and
“rupture” shall be understood in terms of overstress for the working stress analyses. but
conceptually correct when interpreted in their ultimate performance and the context of

chapter 6.

2.4. State-of-the-art on the seismic performance of URM

structures:

2.4.1. Introduction:

The potential vulnerability of old unreinforced masonry (URM) buildings, designed to no or
few seismic-design requirements, is well documented. As this type of construction is
prevalent in the downtown core of most North American cities exposed to a seismic risk, the
districts usually of highest population density, the magnitudc of this hazard can be
appreciated. In regions of Eastern North America (ENA) where seismic-resistant design
requirements have been in effect for a few decades already, some owners are slowly
beginning to recognize this seismic-hazard; witnessing the devastating effect recent North
American earthquakes have had on older URM buildings, in contrast to buildings designed to
modein standards, has undoubtedly been inspirational. This has led, in some instances, to
requests for the evaluation of the seismic-resistance adequacy of existing URM structures, the

first step of any effective seismic hazard mitigation strategy.

While there is evidence that URM buildings can survive major earthquakes, the conditions to
this satistactory performance are not fully understood and modern analytical tools are unable
to discriminate accordingly. Structural engineers retained to investigate the seismic-resistance
of various URM facilities promptly discover the limitations of current masonry design
standards whose simplistic design guidelines are of little, if any, assistance in formulating a

realistic assessment of this resistance. One recent code (and its variations thereof), the 1991
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edition of the Uniform Code for Building Conservation (UCBC) (ICBO 1991), is a notable
exception which specifically ad@resscs the seismic strengthening of URM bearing wall
buildings, and includes a special procedure based on empirical evidence and applicable to
certain types of URM buildings. In California, where endorsed by local ordinances
mandating the mitigation of seismic hazards from URM buildings, it has already been used to
investigate, and retrofit when necessary, thousands of buildings. In absence of such
endorsement, and concurrent legal protection, engineers have generally resorted to either
conservative methods, the UCBC procedure, or other advanced analytical models. Such
engineering decisions are directly related to knowledge of the behavior of URM buildings and

their proper modelling, and a review of current research is useful in this respect.

The objective of this section is to summarize the findings from recent analytical research

activities on the seismic behavior of URM buildings, and from advances in their modelling.

Existing knowledge on reinforced or partially reinforced masonry is not reviewed, nor is
current research on impfoved determination of various material propsrties (compressive,
tensile, shear strengths of grout, mortar, brick and masonry, friction and bond strength,
absorption rates, etc.), and studies of behavior and performance not directly related to seismic
response., Findings exclusive to special types of structures (i.e. single story masonry houses
or adobe houses) are not reported herein. The special problem of URM used as infill to

reinforced concrete or steel frames is also beyond the scope of this study.

2.4.2. Modelling Aspects of URM structures:

It is the prime responsibility of the structural engineer to establish, based on judgement and
experience, a realistic structural model of any given URM building. While many engineers
will reluctantly depart from proven, albeit conservative, traditional approaches suitable for
hand-calculations, others are more inclined to rely on sophisticated, less intuitive, finite

element models. The individual engineer’s confidence in the reliability of respective
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approaches, as well as some non-technical aspects, such as liability and client’s sophistication.
all influence modelling decisions, particularly in the absence of an "umbrella” ordinance
prescribing a specific procedure. Yet, the final judgement on the seismic-adequacy of a given
URM building is very much also dependent on the characteristics of the selected model.

Some of the modelling. approaches proposed in the literature are reviewed following.

2.4.2.1. Qut-of-plane Modelling:

Out-of-plane models, suitable for use in a design office, are few. While the dynamic stability
concepts exposed previously are simple, the formulation of an analytical model extending

beyond purely static stability considerations remain elusive.

Priestley (1985) proposed a hand-calculation method based on energy equivalence for the
prediction of the dynamic out-of-plane wall stability. Assuming in-phase floor accelerations
and a condition of average constant acceleration acting on walls conservatively taken as
spanning in & simply supported fashion between stories, simple relationships of static
equilibrium were developed on the rigid-body wall segment post-cracking, as shown in
Figure 2.3. Essentially, in this method, the location of the gravity forces (overburden, P, and
wall self-weight, W) along the wall, and the reactions forces needed for stability, must be
located and calculated, the width of the bearing surface at mid-span must be determined from
equilibrium conditions, the displacement conditions for instability must be established from
geometry, and finally, the formulation of equilibrium equations allows the expression of the
inertia forces as a function of all other variables. The key-equations resulting from all these

steps are presented directly in Figure 2.3.

The relationship between the wall’s acceleration (i.e. inertia force) and its displacement at
mid-height is described as non-linear elastic; it draws a linear curve until first crackin g of the
wall, reaches a maximum acceleration corresponding to a point of maximum static stubility,
and progressively returns to zero under much larger displacements. As the area under this

curve is associated to the total energy needed to fail the wall, Priestley suggested that a linear
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elastic model, whose ultimate limit would be selected to yield the same energy to failure as
the actual non-linear model, would be a good indicator of dynamic stability. It is thus
assumed that if no single pulse of excitation requires an energy exceeding that required

statically to produce collapse, stability is ensured.

In 2 comprehensive illustrative numerical example of this method as applied to a five-story
URM building, Priestley found that high values of accelerations were needed to produce
failure, provided good quality masonry and positive anchorages of walls to floors and roof
were present. The possible amplifications of the ground acceleration along the height of the
building, as normally done for standard buildings, were considered in that example, contrary
to the UCBC recommended special procedure. Priestley also reduced gravity loads by an
arbitrary allowance to account for vertical accelerations. Hence, assuming that response is
dominantly driven by the first fundamental vibration frequency, Priestley found that the lower
overburden and least thickness present at the top story of tall bearing-wall structures, where
the largest tloor accelerations occur, make the out-of-plane failure of URM walls more
probable at that top level, as frequently observed following earthquakes. This appealing

equivalent-energy method remains to be verified in controlled experiments.

Tuo date, research on Dynamic Stability has concentrated on walls implicitly modeled as
continuous vertical slabs suppoited between floor levels (ABK 1984, Prawel and Lee 1990b)
or at their base only (Bariola et al. 1990). The natural "vertical-anchorage" provided by
continuity with the other perpendicular walls has been conservatively neglected. This
continuity could passibly enhance significantly the out-of-plane resistance of narrow walls.
The effect of various boundary conditions on the ultimate out-of-plane strengih of URM
panels, in a non-seismic context, has ‘i"eceived some attention: a fracture-line model
applicable to orthotropic brickwork panels of low tensile strength, proposed by Sinha (1978,
1980), is noteworthy (it is not to be confused with the well-known yield-line theory for the
analysis of reinforced concrete slabs, although it is conceptually similar). In this upper-bound
approach, lines of maximum moment and zero shear are assumed to be linear; the cracking

moment is assumed reached simultaneously along these lines, with ensuing rigid-body rotation
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of the separated URM panel portions, and failure. The panel’s boundary conditions on all
sides, for any arbitrary geometry, are directly considered by the method. As with all upper-
bound methods, the maximum capacity of the panel is found by finding the path of the
tracture-lines allowing failure under the lowest magnitude of applied loads. While Sinha
tound excellent correlation with experimental results, the URM panels tested were free of
concurrent in-plane axial loads. An adaptation of this method into a dynamic stability

framework could be of interest.
2.4.2.2. In-plane Modelling:
2.4.2.2.1. Hand-calculation Models:

Various strategies exist to reduce an URM building to a structural mode! manageable by

hand-calculations. A number of these are reviewed following.

(i) Solid-pier/Cracked-spandrel Model:

A legitimate, yet conservative, model is to assume that the spandrel beams will crack under a
very low lateral load, leaving the piers alone to resist the lateral loads. -Thi.v. approach is not
uniike that recommended by some researchers for the analysis of reinforced masonry walls
having numerous opening, where the masonry above and below the openings is neglected
(Englekirk and Hart 1984). Although this models the structure at its ultimate state if the
spandrels are shallow or not well connected to the piers, it immediately assumes u structure in
its degraded condition, neglecting the potentially larger capacity of the structure before

cracking.
(if) Wall Models and Solid-spandrel/Cracked-piers Models:

If the spandrels are deep and/or of short span, the piers may fail first, like walls, in flexural

cracking, shear cracking (diagonal tension), or compression crushing. A number of models of
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this behavior are suggested.

Traditionally, design standards recommend a no-tension criteria for the design of URM walls
in flexure, or alternatively, in the absence of significant axial compression, the design is
governed by the allowable tensile stresses, f,. Resistance to shear stresses is checked
independently, against an allowable shear stress enhanced by the presence of axial
compression, if present (Brunean 1992). Thus, elementary equations of mechanics of

materials are used, as ilustrated in Figure 2 4a.

Many researchers (Mayes and Clough 1975, Tumnsek et al. 1978, Zingali 1986, to name a
few) have used a shear failure criteria directly related to the 'diagonal tension capacity by
principal stresses relationships. Directly from Mohr's circle, for an URM panel in pure shear
by diagonal tension, the normal tensile stress capacity of masonry, G, is equal to the
maximum shear stress at fatlure, Ty, x , where Tyux = 1.5 Tyean for a rectangular cross-
section, and Tygan IS the maximum average shear stress. (Figure 2.4a). The ultimate shear
capacity of this same URM panel, stressed in combined shear and axial compression by
earthquake excitation and gravity loading respectively, is amenable to a single expression
derived from the well known classical expression for principal tensile stresses (Gere and

Timoshenko 1984):

2
o_+ -
0,= _x__& + (u) + (sz)z (2.1)

Knowing that the principal tensile stress, o,, cannot exceed the tensile stress capacity of the
masonry, G, for a given magnitude of the applied mean compressive axial stress, o, the peak

value of the shear stress, T,, that can be sustained at the centre point of the URM panel
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(Figure 2.4b) before cracking initiates must satisfy the relationship following:

z
-0 g 2.2
% = 20 * J {20) ¥ (Tn)z =0, = Tauy = LS Typy (22)

o o
T, =0, -2 =15 TMWJ 1—#-— (2.3)
-2 TMEAN

The maximum lateral load, V, that could be applied to this panel would then be:

T, A
1.5

For clarity, it is worth re-emphasizing that T,,« (and correspondingly 1.5Tyg.y) is the

V= (2.4)

tundamental shear stress capacity of masonry in pure shear (i.e. a material property), whereas
T, is the maximum shear stress that can be applied on a given panel already stressed by an
applied gravity load. Obviously, in this procedure, the other limiting conditions of flexural
cracking and compression crushing at the extreme fibres of the piers would again need to be

checked independently.

Some researchers (Sinha and Hendry 1969, Mayes and Clough 1975) huave recommended that
both the usual Coulomb friction shear strength equation (i.e. the one present in North
American é.‘odes) and the above formulation be checked: The first reflects that bond and
friction between the mortar joints could potentially govern at low axial compressions, whereus
for high bond mortar and/or higher axial loads, only the second would be applicable. In
addition, Samarasinghe et al. (1981) cautioned that the Coulomb equation is reliable only for
p'une] geometry having length (L) to height (H) ratios in the range 1.2 < L/H < 2.0, as
verified both experimentally and analytically.

The above formulations implicitly postulate that shear strength is exhausted at the onset of
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first cracking. This need not be the limiting condition under flexural cracking, considering,
even statically, the stabilizing effect of axial loads. Equations have been proposed to assess
the ultimate strength of flexurally cracked piers having reserve shear strength capacity. ABK
(1984) recommended the folowing expression for the dynamic restoring shear capacity, Vg,

of URM piers:

V, = 09 fL}%D- 2.5)
where P is the axial load on the pier, and D and H are the pier width and height respectively,
as shown in Figure 2.4c (the pier’s self-weight is neglected in this equation). The value of
(0.9 is recommended based on experimental results. Priestley (1985) slightly refined this
equation by assuming that the bearing zone resisting overturning is under a uniform

compression of 0.85 {7,

Finally, Epperson and Abrams (1990} suggested that, for walls flexurally cracked at their
base, the compressive strength of masonry at the wall’s toe could be reached before
overturning and diagonal tension (shear) failures. Assuming a linear distribution of stresses
aver the uncracked portion of the wall base, as illustrated in Figure 2.4d, and neglecting
masonry’s tensile strength, the expression derived from statical equilibrium to check for this

maximum compressive stress the wall’s toe is:

2P

3
m 2.6
3b(5 - —-H") N

fm=
2 P

where, P is the sum of the vertical compressive force acting on the wall, b, d and h are the
wall’s thickness, width and hsight respectively, H is the applied horizontal force, and £, the

ultimate compressive capacity of masonry.
2.4.2.2.2, Finite Element Models:

Linear elastic finite element analyses are becoming popular, particularly in Europe, to

establish the state-of-stress in complex URM heritage structures, often built of stone (e.g.
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Pistone et al. 1991). However, only a few of the reported studies are concerned with seismic
resistance (Elsesser et al. 1991, Quir6s Lara and Gutiérrez 1991, Vestroni et al. 1991): must
investigate other loading conditions or general structural distress. These linear elastic
analyses may be worthwhile to provide some guidance as to the governing failure mode,
ultimate elastic capacity, natural frequencies, mode shapes and modal participation factors of
uncracked URM buildings, but they provide a limited insight into the ultimate strength and
seismic behavior of such structures; the method also produces unavoidable tocal stress

concentrations which require a careful interpretation.

Recognizing these limitations, some researchers have investigated the adequacy of special
non-linear and cracking finite elements for studying the ultimate seismic behavior of

structures. Both discrete-crack and smeared-crack formulations have been tried.

In the discrete-crack model, a special interface eiement (also called a "gap” or "gap contact”
element), is introduced to allow separation of adjacent elements when the tensile strength of
the material at this interface is exceeded. The layered structure of masonry suggests

modelling the mortar joints as non-linear gap-elements and the bricks as standurd four-node

elastic isotropic elements.

Chiostrini et al. (1989) adopted this approach to analytically replicate the ultimate behavior of
a masonry panel monotonically tested in shear. Their gap-element consisted of two parallel
plane surfaces capable of separating or sliding to break the bond between adjacent brick
elements; only compressive normal stresses, by contact, and shear stresses, by Coulomb’s
friction, can be transferred across this element. The judicious selection of the friction
coefficient is partly accountable for the reported excellent agreement with experimental results

for which, incidentally, damage was confined to the mortar joints.

Obviously, it is not practical nor desirable to model all bricks and mortar joints to study the
seismic response of entire URM buildings. Thus, in a companion study, Chiostrini and

Vignoli (1989) used macro-masonry elements, in combination with gap-elements, to model
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flexurally dominant cracking modes of piers or spandrels, as well as global ()vcnurqing; these
ultimate collapse mechanisms could be well replicated analytically and their capacities
compared satisfactorily with that predicted by other means. However, the discrete-crack
strutegy presumes prior knowledge of ultimate behavior so that the gap-elements can be
located adequately in the model, i.e. where cracking will occur (Chiostrini and Vignoli 1991,
Barberis et al. 1991). Results are otherwise unreliable. The model is also unable to model

cross-brick cracking.

Alternatively, smeared-crack models were studied. In this model, the non-linear effect
produced by the opening and closing of cracks are integrated in the element formulation
itself. Essentially, when the tensile strength of the material is exceeded, as determined from
the internal state of stresses in a given element, cracking occurs orthogonally to the tension
principal stress, and assumed uniformly distributed (i.e. "smeared") over the whole element.

Clearly meshing refinements in the zones of cracking improve the reliability of the solution.

However, reported finite element investigations of the behavior of URM structures using
smeared-crack models remain few and are mostly concerned with gravity loads. One study
addresses the seismic-response of URM walls (Chiostrini and Vignoli 1991); in this limited
investigation, the predicted ultimate response and dynamic properties of a wall modeled using
plasticity versus smeared-crack elements are compared, and some theoretical developments
are presented regarding the addition of geometrical and material non-linearity capabilities to
the smeared crack element, aiming at the study of slender URM components. More research

is needed to fully assess the potential of this finite element strategy.

The ability to computationally predict the seismic-response of URM structures will obviously
improve in parallel with advancements in the modelling of the masonry material itself through
finite element analyses. For example, research (Ignatakis et al. 1989) in which masonry units
and mortar joints are modeled separately, each with its own tri-dimensional non-linear
material characteristics, has been successtul in replicating experimentally obtained ultimate

loads, displacements, damage pattern and failure mode of URM panels subjected to in-plane
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loading. However, as each brick and adjacent mortar bed are individually meshed by up
eight triangular elements, the approach is obviously more suited to research of fundamental

behavioral characteristics than to the study of complete structures.

Innovative techniques are also being investigated. For example, in one case, a new type of
no-tension fan-shaped finite element has been proposed (Braga and Liberatore 1990} to
improve the computational efficiency over traditional meshing approaches. The element was
specifically developed to analyze the seismic-response of masonry structures, but no results
from this particular research endeavor have been reported at the time of this writing. The
Boundary Element Method, a proposed alternative to the finite element method, is also
currently being considered by some researchers (Brebbia and Niku 1991) for the study of

historical structures, but the strength of the method resides largely in linear elastic analyses,

2.4.3. State-of-the-Art Hysteretic Models for URM Buildings:

A comprehensive hysteretic model capturing the seismic-behavior of masonry while
considering its heterogeneous nature, with its inherent complex interaction of mortar, brick,
layering patterns, and other distinctive features, remains elusive. As practising engineers have
conventionally treated masonry as a linear elastic homogeneous isotropic material whose
properties are obtained from standard static tests, most researchers are also comfortable with
this simplified model. Yet, some attempts at the development of more advanced hysteretic

models to capture the aforementioned experimentally observed non-linear behavior have been

attempted.

Mengi and McNiven (1986) proposed an equivalent linear model that accounts for the non-
linearity effect through variable secant shear modulus and secant damping coefficient. As one
might expect, beyond first cracking, the shear modulus progressively decreases as a function
of the shear strains whereas the damping coefficient increases on account of accrued friction-

slip within the cracks. This is conceptually illustrated in Figure 2.5. Bi-linear relationships
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between the values of these secant shear modulus and secant damping coefficient as a
function of the absolute values of the shear strains and shear strain rates relatively, were
found to be adequate. However, this model should be used with caution. Generally,
computer programs capable of conducting seismic non-linear inelastic analyses of structures
clearly differentiate damping trom hysteresis; the damping coefficients relate to the elastic
damping only. The notion of increased damping to simulate hysteretic behavior should not
misused. In Mengi and McNiven, both G and € are evolving variables, a re-linearisation to
new values being performed as new cracking occurs through-out given time history analyses;
incorrectly adopting constant values for use in an equivalent linear elastic analysis would not

provide a safe or realistic assessment of the non-linear inelastic seismic performance.

Further research is still needed to validate this model. Mengi and McNiven did not use their
model to study the progression of damage trom the uncracked state to the severely damaged
condition, ensuing from a single severe earthquake excitation, nor have they considered
earthquake records other than the El Centro 1940.. Moreover, for the analysis of a complete
structure for which damage is not equally distributed to all URM structural elements, it is not
known if the calculation of the secant damping coefficients of each components and
subsequent assembly into a global structural damping matrix would yield the correct results.
Nonetheless, some researchers (Prawel and Lee 1990a, 1990b) have already reported on the

experimentally obtained values of these secant properties.

A true hysteretic model applicable to URM has been proposed by Benedetti and Benzoni
(i984). Developed to replicate experimentaily obtained shear stress-strain hysteretic curves, it
is constructed from three superimposed bilinear hysteretic shear sub-elements, failing brittly at
a prescribed strain intensity (Figure 2.6). Each sub-element is completely defined by its
elastic shear modulus, G, limit elastic shear stress and strain, T, and 7, respectively, and
ultimate limit shear strain (y,). The resulting shear-panel hysteretic curve is built from the
direct summation of all individual sub-elements’ strength, but sub-elements having exceeded

their limit strain (y, ) are permanently removed from the model, as shown in Figure 2.6.
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An estimate of the overall post-cracking "ductile” behavior is given by the ratio Y,./h. The
value of the maximum shear stress, T_.,, depends on the average applied normal stress, o, and
critical tensile strength, o, by the relationship of Equation (3) presented earlier. The other
parameters shaping this phenomenological hysteretic envelope are calibrated from available
experimental results,. While Benedetti and Benzoni did not provide a physical mechanism to
obtain these other parameters without the need for experimental calibration, they demonstrated
that the parameters «,, ,, {defined on Figure 2.6) and T,,, have the most dominant influence
on the non-linear inelastic behavior. Also, other structural elements must be used jointly to
provide axial load resistance as this hysteretic model only simulates a shear-panel response
mechanism. Finally, as this model has been apparently derived from tests on stone masonry,

its applicability to general URM structures is only inferred.

2.4.4. Seismic Resistance of Stone Masenry Construction:

A large part of the Eastern North American inventory of prestigious heritage buildings is of
unreinforced stone masonry construction, including composite walls with stone wythes keyed
into brick ones. Although differences in behavior are intuitively anticipated, a knowledge-
base of their seismic performance is unfortunately nonexistent. In European and
Middle-Eastern countries, where the collapse of stone masonry buildings during recent
earthquakes produced many casualties, considerable efforts have been spent to develop
expertise on this topic. Whereas the type of stone masonry construction used in those
countries bears no resemblance to its North American counterpart, some of that existing
knowledge could be used carefully. However, while this literature has also been reviewed,

for the sake of brevity, a summary of these findings must be postponed.

2.4.5. Summary:

Information on the cyclic seismic performance of URM is comparatively scarce. With the
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growing awareness that first cracking is not automatically equivalent to failure, many
investigations are anticipated. This is particularly true of the in-plane response of URM
walls, which, under certain conditions, can remain stable much beyond cracking, as
demonstrated analytically. However, this stability is not infinite, and generates damage
through-out its development; thus the problems inherent to the in-plane response of URM
buildings should not be ignored or dismissed lightly. Similarly, only scant information exist
on the dynamic damping properties of these types of construction. Awaiting more definitive
knowledge, conservative values, preferably in the lower range of reported values, could be
chosen for analytical studies. Alternatively, forced-vibration analyses would be one way to

obtain this data for individual structures, as needed.

Dynamic stability is currently only indirectly considered through limits on wall slenderness
which have been established experimentally. Although an alternative hand-calculation method
based on energy-equivalence has been proposed to predict the out-of-plane dynamic stability
of walls, an analytical computational approach to replicate this non-linear rocking behavior
was not found to be available; such a model would obviously allow verification of the current
empirical design criteria and permit non-linear time-history analyses of the inflrence of
vertical ground accelerations on dynamic stability. Similarly, no computational-analytical
model of the in-plane stability and/or ultimate strength of URM walls exists. Some finite
element cracking models, the smeared-crack model in particular, are promising. In the
meantime, linear elustic finite element analyses have found some use in spite of their obvious

limitations.

Although masonry is a brittle material incapable of inelastic straining, there are energy
dissipation mechanisms available in standard URM construction which can lead to the
measurement of an hysteretic behavior and, thus, of effective "ductilities”. The mechanisms
responsible for this hysteresis are not well understood, but sliding friction on (:péned cracks
and rigid-body rocking are known to be contributors. Unfortunately, there is currently no
broadly accepted analytical models capable of replicating this behavior, nor is there agreement

on what & reliable and acceptable value of this "ductility” is for URM elements,
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Finally, the legal protection provided by seismic hazard mitigation ordinances endorsing these
special evaluation procedures has been instrumental in their broad acceptance there.
Elsewhere, no clear consensus emerges at to which of the many modelling schemes presented
herein, to evaluate the in-plane and out-of-plane behaviour of URM walls, provides the most
realistic appraisal of their true seismic resistance. Consequently, in this context and to protect
against possible litigations following an earthquake, structural engineers have inevitably
adopted conservative analytical models in their seismic evaluations of URM stuctures. As
this has often translated into prohibitively expensive rehabilitation costs, and in light of the
considerable savings that may ensue from the use of more realistic approaches, the reported

and on-going research is expected to rapidly gain more acceptance.

2.4.6. Additional Research Needs:

Deficiencies in the current knowledge are numerous. Some of the research activities needed
to improve the understanding of the seismic performance of URM buildings are suggested

following.

The concepts of ductility and hysteretic behavior for URM buildings should be consolidated
as these may have a considerable impact on the assessment of seismic-performance. -
Concurrently, reliable representative values of elastic damping coefficient should be

established for the various types of masonry commonly encountered.

Promising finite element strategies should be aggressively pursued, first to enhance the
fundamental understanding of the seismic performance the complete URM building systems,
but thereafter to see how this technology could be integrated into a production environment,

or lead to a simpler formulation usable by practising engineers.

The impuct of various modelling procedures on the predicted performance of URM buildings

predominantly constructed of pier/spandrel facades with numerous openings, and/or with
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URM shear-walls having a smaller amount of openings, particularly in an ENA perspective,

should be studied.

The seismic response of monumental, institutional or governmental high quality URM
buiidings should also be investigated to establish if their features (thicker walls, robust

construction, etc.) can lead to superior performance, as often intuitively believed.

Finally, the effect of vertical ground accelerations should be reviewed considering the
importance of stabilizing gravity forces for dynamic stability. Similarly, the more complex
bi-directional earthquake effects that can lead to combined out-of-planefin-plane failures have
never been studied. Yet, as the out-of-plane dynamic stability of walls could be impaired by

concurrent in-plane damage, this important failure mode should not be overlocked.
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CHAPTER 3

Two-Dimensional Analysis of
Montgomery Block Building:
West Facade

3.1. Introduction:

The Montgomery Building is first studied by structural analysis of a 2-Dimensional model.
By assuming an infinitely tlexible diaphragm, each lateral-load-resistant structural element
(LLRSE) must resist ground-induced dynamic motions of their tributary floor musses. By
observations of the tributary areas and corresponding LLRSEs present in the building, the
weakest component of the building, and that for whiéh its lateral resistance is Jeast
understood, is the perforated URM facade. Hence, this chapter concentrates on the seismic

performance of the west facade. This particular facade is also chosen on account of ity

26



detrimental {ocation, being the farthest away from the centre of rigidity in the direction
undergoing the worst torsional response. The integrated 3-D structural response will be

considered in the subsequent chapter.

The Structural Analysis Program SAP90 is used for this study. This facade of the building is
modelled by using the beam elements of SAP90 for all piers and spandrels. The spandrels’
axial deformations are assumed negligible. This will result in a reduction of the total number
of degrees of freedom for this system. This is achieved in SAP90 by constraining all piers to
have the same lateral displacement at each floor. The lumped floor masses and distribution of
loads must be defined to be able to calculate the seismic resistance of this building. The

detuils of this caleulation follow.

3.2. Calculation of the Building’s Lumped Floor Masses:

The building mass originates from the wood partition walls, wood floors and masonry
spandrels, piers and walls. Some important assumptions are made for the calculation of the

lumped wood and masonry floor masses (Table 3.1).

3.2.1. The Wood Partition Walls:

For partition walls, little was specified on the structural drawings other than their locations.
Therefore, they are assumed in this study to be of the type maost commonly found in buildings
of that era, i.e. 76 x 102 mm? studs at 305 mm centre-to-centre continuous for the full story
height with 76 x 102 mm?® blockings at 305 mm centre-to-centre and a 13 mm thick plaster

covering on each face. This type of partition weighs 763 N/m? of wall surface area.

After measuring the total length of these partition walls in each floor, the resulting lumped

floor masses "M_.;," can be calculated by:

pwi
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My, =(m,, +m,;,)/2 (3.1
where "m,,;" is the total mass (kg) of the partition walls at the floor # i, and

m,=(763xL,x h) /981 (3.2)
where "L,;" and "h;" are respectively the total length and height (m) of the partition walls at
floor # 1.

3.2.2. The Wood Floors:

As shown on the drawings (Appendix A), the structure has 4 floors and a low ceiling attic.
Thus, the roof can be assumed to be of 2 different parts; the lower part is a grid of

75 x 100 mm? beams and joists 406 mm centre-to-centre in each direction. Each face of the
grid is covered by a 10 mm thick decking. The upper part of the roof is made of

250 x 125 mm® beams 625 mm centre-to-centre in the N-S direction covered by a 25 mm
thick decking,

The resultant masses are 40,338 kg and 91,944 kg for the lower and the upper part of the roof

respectively.

From the drawings, each floor is shown to have beams at 3.75 m centre-to-centre with
a 100 mm thick decking and a 10 mm thick covering on the underside. Unfortunately, the
beam’s section is undefined. To determine the beam’s section, a gravity-load re-design was

accomplished by considering:

. the load per unit area on the floor and load per unit length on the joists.
. the load path along the floor system.

. the beams as simply supported.

° allowable stresses of 9.81 MPa for the wood beams (G-
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This procedure was repeated at each floor.

3.2.3. The Masonry Brick Piers and Walls:

The dimensions of these structural elements were read from the drawings. All walls have a
thickness of 450 mm but different widths. Consequently a load of 7920 N/m? of masonry

wall surface area is assumed.,
The lumped masses "M,,;" due to masonry piers and walls are:
My = ( My + Mygy) /2 | 63
where "m,;" is the total mass (kg) of the pier and walls at floor # i, and
My = (7920 X Ly x ;) /981 ‘ (3.4)

where "L,,;" and "h;" are respectively the total length and height (m)} of the masonry piers and

walls at floor # i.

It is noteworthy that on the reconstructed drawings of the Montgomery building, done in
1958, piers were shown discontinuous at the first story. However, photographs of the
building taken shortly after construction, reveal that all piers on the facade were originally
continuous trom roof to foundation with regular size opening of 3 ft wide throughout.

Renovation work is believed and assumed to have taken place after the 1906 earthquake.

Finaily, in view of the short distance between the lower and upper parts of the low-ceiling
attic, the entire roof mass was lumped at an equivalent height, as shown on Figure 3.1. The
distance between these 2 parts is 0.75 m. Their new centre of mass was defined and the

building’s roof became the sum of the 2 masses at a distance 3.1 m separating its new centre
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of mass to floor # 3.

Resulting calculated lumped masses for the entire building are presented in Table 3.1. It is

noteworthy that the contribution of wood to the total structural floor mass varies from 34% to

23 % from the upper to the lower floor. The larger number of masonry walls and piers on

the first floor, and the low-ceiling attic on the Iast floor explain this variation.

3.3. Distribution of Gravity loadings:

After lumping the wood and masonry masses at each floor, the loads on every pier are

determined :

Wood dead loads: Assuming infinitely tlexible diaphragms, the west facade, situated
on Montgomery street, supports a tributary floor area of 226.2 m® (239" x 1467").
Thus, the wood weight at the floor # i, supported by the facade, is:

P,.=(W,/A;)x2262 (3.5)

where "W,;" and "A;" are respectively the wood load (N) and the area (m?) of the
whole floor # 1. According to Equation (3.6), every pier # j of tloor # i will be
withstanding a load "F,;": where a; is the sectional area of a pier and Za, is the total

sectional area of all piers on the facade,

4
Fudi— pee, XPM

E a,
pr

(3.6)

Masonry dead loads (piers and walls): This masonry dead load on the j* pier at the

floor #1 is:
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FMji = p, X by x Lj (3.7)

where: p,, is 7920 N/m* for 450 mm thick masonry wall or pier (as per section 3.1.2),
"h" is the height between the i and the (i+1)" floor and "L;" is the width of the pier
"i". Self weights for each story pier are applied individually at the lower node of the
element, the cumulative effect being automatically considered by SAP90 analyses.

. Loads from the masonry spandrel beams: These are considered simply supported and
the sum of reactions from adjacent spandrels produces the masonry spandrel’s load on

that pier.

Wood and masonry dead loads are added to find the lumped masses "M;" at each floor # 1.

The contribution of wood, masonry piers and spandrels are summarized in Table 3.2.

3.4. Earthquake load:

Equivalent earthquake static loads are distributed the usual way along the height of the

tucade, according to Equation (3.8):

Fv-Fy| =2
=VF)N

Z Wxh,
-1

(3.8)

where "h" is the height between floor # i and the 1% floor, "W," is the mass of the floor # i
and F, is neglected here. Recall that in this study, "V" is the unknown quantity to be found

from the calculated material resistances.
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3.5. Solid Pier/Cracked-Spandrel Model: .

Here, each pier of the facade was modeled as a succession of 4 beam elements. Each beam
element is representative of a pier segment between two floor diaphragms in SAP90 as shown
in Figure 3.2. There are 20 piers and their widths are presented in Table 3.3. They are
numbered from North to South (corresponding to left to right in Figure 3.2). The spandrels in

this model are deliberately absent as they are assumed cracked.

In the analysis of this model, tour types of failure modes are considered. These are the
precompressed shear "Pr.S.", the pure shear "P.S.", the flexural compression "F.C." and the
flexural tension "F.T.". A multi-step analysis is conducted for each failure type individually.
When the capacity is reached at one level of a pier, the pier was eliminated trom the maodei
for the next analysis. This is logical since all piers were observed to fail at base. The results
for these 4 possible modes are shown-in Figure 3.3. It is observed that the dominant fajlure
mode is flexural tension which is logical since the piers behave as tall cantilevers. The 1*
crack is neither the general failure nor the point at which V__, occurs. In fuct, the muximum
base shear (V=77 KN) was attained at the 4* step when all the 17 identical piers cracked .
This extra strength from the [* to the 4 step is due to:
. the presence of 2 piers stiffer than all the others. These 2 stiff piers (10 & 1) which
attract more force and, thus, crack first.
. the presence of 17 other identical piers which can not only absorb the loss of luteral
strength due to cracking of piers 10 & 11, but even carry more load thereafter until

their eventual simultaneous cracking.

If the flexural tension failure mode is assumed not to govern, the next failure mode becomes
flexural compression and its corresponding capacity (V,,) will be 295 KN. It is noteworthy
that shear failure is by far not a governing failure mode with a capacity equal to 1579 KN
and 2453 KN for P.S. and Pr.S. respectively, as expected. The numerical values for the

results in Figure 3.3 are summarized in Table 3.4 including the evaluation of the period
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throughout response.

3.6. Frame Model without rigid Offsets:

The frame model without rigid offsets is a combination of piers and spandrels. Each beam
element represents either a pier segment when situated between two floor diaphragms or a
spandrel when located between 2 adjacent piers. Numbering is according to Figure 3.4 of
SAP90. Spandrels have a length and width respectively equal to the distance centre-to-centre
between 2 piers and to the thickness of a pier (0.45 m). Their height is equal to 4 ft for the
floors # 1,2 and 3 and 5°6" for the floor # 3.

The multi-step analysis of this model was done by considering the same four failure modes as
before with the exception that only the least capacity in each case is retained for the
following presentation. Like in the previous model, through-out the analysis, tlexural tensile
tailure consistently governs. When the capacity is reached at one element, the element’s
characteristics are changed and its sectional dimensions are replaced by arbitrarily small
values of inertia and compressive and shear areas such that its lateral-load resistance is
effectively eliminated without raaking the structure unstable locally under gravity loads. A
maximum V. of 171.5 KN was attained at I** cracking but the general failure occurred when
all piers of the last floor cracked, after 80 steps. Figure 3.5 illustrates the evolution of V
with the number of damaged elements. The solid line is obtained by calculating the new
capacity of the remaining structure immediately following removal of the element cracked at
the previous step. By connecting all peak values with a curve of constantly decreasing
strength, an assessment of the resulting progressive strength degradation is possible, as
illustrated by the dotted line. The numerical values for the results of Figure 3.5 are
summarized in Table B.1 which also includes the evelution of the peried with the number of
damaged elements. It is noteworthy that the facade’s initial fundamental period was T =0.5 s
and was always increasing throughout the analysis. Indeed, Figure 3.6 illustrates this

evolution with the number of damaged piers.

33



Because of the absence of the rigid offsets, the flexibility of the facade, and thus the lateral
displacements of the floors might be overestimated. So, an attempt to study the facade in the
presence of rigid offsets was done in order to get a more realistic 2-Dimensional model and

investigate the offsets’ influence on the results.

3.7. Frame model with rigid offsets:

The only difference between the previous model and the current one is the inclusion of the
rigid offsets. These offsets are the distances from the joints to the faces of the supports.
Their introduction in the model results in a shorter flexible length of the members since the
actual elements’ lengths are reduced by a quantity equal to the sum of its rigid-ends lengths,
All the member forces are considered and outputted at the outer ends of the rigid oftsets

(faces of supports), as logicaily expected.

The same multi-step analysts described for the previous model was conducted. The maximum
base shear response was also attained here at the 1* crack, with a V,,, value of 297.8 KN.
The general failure was attained at the 84" step of analysis when all the piers of the first floor
failed. The resulting capacities and their corresponding number of damaged elements are
presented in Figure 3.7 and Table B.2 which also includes the facade’s fundamental period.

In this case, the initial period was T = 0.35 5. (Figure 3.6). At the last step of the analysis,
this value became T = 3.12 s which is more than T = 1.94 s, the last period of the previous

model. Figure 3.7 can be interpreted the same way as Figure 3.5.

An investigation on the lateral floor displacement "A" was made for each floor of the facade.
(see Table 3.5). When V_ , was 297.8 KN, the floor displacements were 1.64 mm, 2.53 mm,
3.04 mm and 3.24 mm for the floor # | to the floor # 4 respectively. When the generul
failure occurred, these lateral floor displacements became 23.76 mm, 61.40 mm, 79.68 mm
and $0.02 mm. The increase in A with the number of damaged piers was slow at the

beginning and fast near failure. For example, referring to floor # 4 in Figure 3.8, the increase
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was slow until 30 piers were damaged and became high after the failure of 40 piers. In this

figure, two curves were drawn. The dotted line curve, is the calculated displacement that

corresponds to the instantaneous capacity calculated immediately following cracking of the

previous element. Since lateral displacements can only increase throughout analysis the

displacement envelope curve connecting all peak values by a constantly increasing curve

(solid line) is more realistic and meaningful.

3.8. Comparative observations and discussion:

In this chapter, the structural analysis of the west facade of the Montgomery building by two-

dimensional models was investigated using 3 different approaches. By analyzing and

comparing the results of these approaches, many conclusions can be made:

From the solid pier/fcracked-spandrel model to the frame model without offsets, an
increase of 122% in the capacity is observed. A higher increase of 287 % is observed
trom the solid pier/fcracked spandrel model to the frame with rigid offsets. Thus,the
presence of the rigid offsets in the frame model has a positive impact to obtain a
higher capacity. Consequently, the ratios V. /W are increasing from the 1™ model to
the 3% model; these ratios are 2.1 % , 4.7 % and 8.1 % for the 1¥ model (Piers only),
the 2" model (Frame witheut rigid offsets) and the 3" model (Frame with rigid
offsets) respectively (Table 3.7). The results of Figures 3.5 and 3.7 are superposed in
Figure 3.9. The facade’s instantaneous capacities and curves of capacity envelopes
must be interpreted as described previously.

For all models, the tacade’s fundamental period is always increasing (Figure 3.10) and
proportional to the number of damaged piers. From the [* step vatil almost 55 % of
the total damage, the facade’s period for the 2™ model is approximately 0.15 s higher
than its period for the 3 model. Since almost 75 % of the total damage occurred, the
3" model's period becomes higher than in the 2™ model by 61 %. In addition,
according to the 1™ model, the initial peried is very high (2.21 s) comparing to those

in the other models and when all 17 piers are damaged together, the period jumped
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from 2.55 s to [1.37 s.

According to Figure 3.11, the number of damaged piers with the lateral floor
displacement has an exponential shape. In fact, from step to step, the lateral floor
displacements increase faster than the number of damaged elements. When the
number of damaged elements increases, the structure will become less capable in
impeding the lateral floor displacement. However, in the solid pier/cracked-spandre]
model, the first lateral floor displacement for the floor # 4 is 75 mm, 77 mm at its
maximum capacity and 64 mm when the general failure occurred. This almost
constant value of A shows that the piers-only model can not give a real idea about the
lateral floor displacement evolution.

The shear-displacement curve of the facade from the frame models (rigid offsets case
shown in Figure 3.12), shows a stiffness degrading behaviour. As A increases,
progressively more structural elements get damaged; in turn for this damage to
develop, a certain amount of energy, of quantity unknown at this time, must be
dissipated in spite of the progressive drop in capacity. Therefore, as the resulting area
under the strength-deformation curve of Figure 3.12 could be interpreted as a
dissipated energy, the URM building could be said to have some ductility, at least
under monotonically increasing static loading.

By looking at the evolution of the damage (Figures 3.13 & 3.14) of elements in the
frame models, it was clear that not all of the spandrels wre damaged before the
general failure of the facads. Therefore, to assume that all spandrels will crack first,

as done in the solid pier/cracked-spandrel model is a wrong assumption.

If the maximum allowable flexural tensile stress in URM masonry elements became

sufficiently large to preclude tensile failure as a governing mode, the maximum copacity of

the facade becomes 1012.4 KN and 826.0 KN for the frame model with and without rigid

- offsets respectively instead of 171.5 KN and 297.8 KN. The new guverning failure mode

becomes pure shear failure. However, the strength degrading characteristics as obtained

before would remain, as shown for the 3 first steps of the analysis in Table 3.6. Thus, a
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bigger value of the allowable flexural tensile stress might lead to different capacities in

presence of different failure modes for this building’s facade.
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CHAPTER 4

Three-Dimensional Analysis of

Montgomery Block Building

'4.1. Introduction:

The three-dimensional structural analysis of the Montgomery Block building was performed
using two different models: (i) Solid pier/cracked-spandrel model and; (ii) Frume model with
rigid offsets. A schematic representation of the typical floor plans and distribution of lateral
load resisting elements considered is shown in Figuie 4.1. It will be used thereafter to
illustrate significant results. The original architectural plans are in appendix A. For both
maodels, a rigid floor diaphragm was assumed at each floor. Thus, every LLRSE will resist
ground-induced dynamic motions according to its relative stiffness, but furthermore, as the
failure of weaker elements (such as facades) occurs, their loss of lateral strength can be
picked up by stronger structural elements elsewhere throughout the building (i.e. in a different

vertical plan). Transverse LLRSEs can also contribute in cases where large torsional motion
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develops in this process.

Although special programs such as ETABS specifically designed to handle buildings with
rigid diaphragms could have been used, SAP90 is equally capable of modelling rigid
diaphragms using a master joint option. The concept is identical: all the joints’ displacements
at a given floor are geometrically related to the displacement ¢i the master joint, resuliing in
a significant reduction in the number of degrees of freedom. In addition, any masses or loads
assigned in the lateral directions and around an axis perpendicular to the diaphragm will be

transferred to the master joint which is defined by its plan coordinates at every floor:

J=n
X . Xm
-tk (4.1)
1 M‘-
and
j=n
y,xm
YML:Z; f M 4.2)
J Mi

where X" and YM" are the master joint’s coordinates in the N-S and E-W directions

respectively at tloor # i. "y;", "m;" and "M;" are respectively the distance from the reference,

[Lo=0 1}

the lumped mass of the pier or wall "j" and the total luniped floor mass at floor # 1.

The floor musses and mass moments of inertia of the 3-D models to be lumped at the master
juints, are in Table 4.1. These mass moments of inertia "MM]I," (kg x m?) are calculated by:

n
MMI=Y" mxd; 43)
=1

where "m;" (kg). "d;" (m) and "n" are respectively the lumped mass of pier (or wall) "j", the
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distance between the pier or wall to the master joint and the total number of piers and walis
at each floor "i". The mass moment of inertias of individual elements around the vertical axis
going through their centre of gravity is neglected. In addition, lumped masses are calculated

by:

g,

n
E a
=1

xM

T * (4.4)

where "3", "M;" and “n" are respectively the sectional area (m?) of the pier # j, the total

lumped floor mass and the total number of piers and walls at floor # i.

The 3-D models’ analyses consider:

. The lumped masses from wood partition walls, wood floors and masonry spandrels,
piers and walls as calculated in the previous chapter (Table 3.1)

. The distribution of gravity loads at each floor due to masonry dead loads (piers and
walls) and spandrels’ reactions on picrs and walls according to the procedures specific

to these loads described in the previous chapter.

As the distribution of LLRSESs is rather uniform around the perimeter of the diaphragm (edge
of building and interior court), results using this assumption resemble those which could have
been obtained by a more stringent tributary area bookkeeping. Thus, for a given pier "j", the

gravity load F; at floor # i from the wood dead loads due to partition wood walls and woad

floor is:

a

J %
iji k=n XPWi ( 4.5 J

E a;
=1

where "a", "P,;" and "n" are respectively the sectional area of the pier "j" ( m*), the total
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lumped dead wood load (N) and the total number of piers and walls at floor # 1.

The total lumped floor masses and their corresponding heights, defined in the previous
chapter (Table 3.1 and Figure 3.1) will lead to the earthquake loads defined by
Equation (3.8).

In this chapter, only the building’s response under N-S earthquake excitation is considered.
As the structure is fairly symmetric in the E-W direction, torsional response will be maore
significant for the case studied. Furthermore, this will compare the behaviours of 2D-models

represented by the west facade in the N-S direction with that of the 3D-models.

4.2. Solid Pier/Cracked-Spandrel Model:

Only piers and walls are present in this model. Each one of them is modeled as a succession
of 4 beam elements. In SAP90, each beam element represents a pier or wall segment ‘

between two rigid floor diaphragms. The complete building is modelled by 469 elements.

A multi-step analysis of this model was conducted by considering the four failure modes
evoked in the previous chapter and retaining the least capacity in each case. From step to

- step. the change of elements’ characteristics when cracked is achieved in such a way that the
building’s model integrity is conserved until general failure occurs, i.e. when all piers and
walls at a given floor are cracked. Accordingly, when the capacity is attained at one element,
its sectional dimensions are replaced by arbitrarily small values of inertia and compressive

and shear areas, only over the floor height at which cracking occurred.

For all analyses conducted, flexural tensile failure governed. A maximum capacity of
1020 KN was obtained when 1® cracking occurred. The first element to be damaged was a
very stiff pier (0.45 x 7.00 m? plan area) of the 2™ story at a small distance from the facade

as shown on figure 4.2. The following 3 elements to crack are also stiff piers at the same
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story and distance from the facade as the first cracked pier ( Figure 4.2).

From the analysis results in table 4.2, many observations are possible. During the three first
steps, the building’s period increases by no more than .02 s. At the beginning of the A" step,
afrer damage to the four stiff piers, the structure has become exwremely torsionally flexible in
the N-S direction. At that point, the period increased by almost .70 s to reach 1.64 s

(Figure 4.3) and the capacity dropped down to 401 KN. Still, the next element which failed
was not in the west facade, but, instead, one of the more rigid walls/piers perpendicuiar to the
direction of the applied load. Consequently, in spite of its low resistance, the west facade in
this 3D-rigid floor diaphragm piers-only model is, as expected, too flexible to significantly
contribute to the global lateral-load-resistance. As damage progresses, the capacity keeps
decreasing as shown in Table 4.2 and Figure 4.4. The loss in rigidity is illustrated by the

corresponding increase in period (Table 4.2 and Figure 4.3).

The N-S lateral displacement (X-displacement), the E-W displacement (Y-displacement) and
the torsional rotation of the 3D-building models at the master joints are presented in Table 4.3
for each step of the analysis. Figure 4.5 shows that the inter-stery displacement is almost the
same for the 3 last stories, but very small for the 1* story which includes more rigid piers and
walls than the other stories. This is typical of cantilever behaviour for which a more flexible
segment occurs at the 2™ story. According to Figure 4.6, the calculated instantaneous
displacement curve follows nearly always the actual displacement envelope. It is noteworthy
that the torsional response "6," of this 3D-model increased by almost 36 % for the I** floor
and more than 130 % for all other floors, after damage of the 4 rigid piers at the 2" floor, In

other words, the loss of the 4 rigid piers led to a radically more torsionally flexible structure.

4.3. Frame model with rigid offsets:

The difference between frame and piers-only models is the inclusion of horizontal spandrels

between piers and the consideration of rigid offsets whenever a spandrel is present between
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2 piers. .

At the beginning of the analysis, 12 elements were found already cracked before the
upplicutiun‘(‘:f any lateral loads. Then, multi-step analyses proceeded with the capacity of the
structure progressively increasing as elements located in the west facade ruptured sequentially.
It is noteworthy that 9 of the 10 elements damaged during the 10 first steps under the action
of the lateral loads were from the west facade and an "interim" maximum capacity was
attained at the 6™ step with a value of 1453 KN (Table 4.4). For the 1 " step, failure of the
entire facade was anticipated by removing it from the model; at that point, the maximum
building’s capacity of 1627 KN was attained. Failure occurred at the same rigid pier which
failed in the first step of the previous model. Figuré 4.7 shows the evolution of the capacity
with the number of damaged elements.

The fundamental period of the building increased throughout analysis with an initial value of
(.34 s after the damage of 13 elements and 0.42 s after the damage of the entire facade and
14 elements (Figure 4.8). According to Figure 4.9, the interstory actual displacements of the
master joints are almost the same for all the stories. By comparing Figures 4.7 and 4.10, the
calculated V., and A, are observed to have the same shapes which means that there is a good
propurtionality between the 2 quantities. This is logical as the building has not been pushed

beyond its strength threshold.

Ax seen in Table 4.5, an overall increase of the building’s torsional response occurred. This
is mainly attributable to an increase of the distance between the centre of mass and the centre

of rigidity as damage to the facade occurs.

Based on observations of the evelution of the building’s fundamental period and lateral
displucements, at appears that assuming damage of the whole facade at the 11" step was a
reasonable assumption; increases in both these parameters at the |1™ step were relatively

modest.
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4.4. Observations and discussion:

In this chapter, lateral-load analysis of the Montgomery Block building was conducted using
two 3D-models: Solid Pier/Cracked-Spandrel model (piers-only) and Frame maodel with rigid
offsets, The following observations and interpretations are possible:

. The capacity of the frame model is 60 % higher than the piers-only model. Hence,
the consideration of beams and offsets has a major impact on the predicted capacity of
the building.

. In the piers-only model, cantilever flexural behavior dominates. The presence of
beams which divide these piers into 4 different segments, and oftsets which reduce the
length of these segments,make the structure stiffer and stronger. Their consideration
in the structural model is most beneficial for a more realistic assessment of structural
behaviour. 7

. By the same logic, the c:ibacity ratio V, /W is higher for the frame model than for
the piers-only model as shown in Table 4.6. However, by assuming a very high
allowable flexural tension, to force a pure shear failure mode, V. /W increased by
about 3.7 for both models to reach 12.1 % for the 1™ model (Piers-only) and 19.7 %
for the 2" model (Frame with rigid offsets). However, this ratio drops to 14.9 % for
the 2™ model when the entire facade is assumed damaged. Apparently, this implies
that, in both cases, the thréshold of damage would be reached at failure of the first
structural element if the shear failure mode governed. For the second model, at least,
this would contradict what has been observed when tensile failures are dominant.

. The initial fundamental period of the 2™ model is close to what would be predicted
using simple code equations recommended for moment-resisting space frames. In that
respect, the 1™ model would appear to be too flexible.

. The initial periods of piers-only and frame models when going from 2D to 3D
analyses can be compared. It is found in both cases that this period is lower in the 3D
model of the complete building than in the 2D model of the west facude. The greuatest

reduction of the period occurs for the more complex frame model. This is largely
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attributable to the presence of multiple wide piers throughout the 3D model whose
behaviour is not as significantly affected by the presence of spandrels when compared
to a 2D facade with numerous openings. .

In the 3D piers-only model, it is assumed that all spandrels are already cracked and
ineffective. Although 2D analyses of the facade have demonstrated that the sequence
of element failures in the frame model does not totally support this assumption, the
impact of this inaccuracy is far less significant in a full 3D model of this building
assuming the rigid diaphragm assumption is valid. This is true even though the west
facade is the first lateral load-load resisting system to fail in the frame model. Itis
noteworthy that as tall slender cantilevers as part of a group in the piers-only model,
the facade’s rigidity contributes very little to the lateral-load resistance of this system.
The shear-displacement curve in Figure 4.11 of the piers-only model shows a stiffness
degrading behaviour. Past the threshold of damage, V., decreases with increases in
A,: eventually V_, stabilizes. Therefore, in this model, the building has a non-linear
behaviour with some structural ductility to withstand further excitations. By contrast,
the same curve in Figure 4.12 for the frame model shows a linear behaviour through
the failure of all structural elements in the facade. Therefore, the loss of lateral-load
resistance of the west facade is of little significance to the global stiffness of the
structure. Beyond the last analysis step conducted for the frame model, it is
reasonable to assume that the shear-displacement curve would be no worse, and may

be better than that for the piers-only model for a slightly better "ductile" behaviour.

Although analysis of the 3D frame model was not pursued until global structural failure due

o the complexities involved, the observed 3D structural behaviour and sequence of failure

gives u reasonable confidence that the threshold of damage calculated at the [1™ step is a

relinble maximum. It anything, compatibility of deformation suggests that capacity should be

slightly higher since the residual strength of the facade, when first failure of an interior pier

veeurs, s not actually negligible as assumed in the above calculation.

Finally, free body diagrams of the shear forces at floor # 1 and # 2 are provided in
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Figures 4.13, 4.14 and 4.14. This illustrates weH that, for a structure with rigid diaphragms,
as some structural elements fail and loose their lateral-load resistance. fnrce_s are redistributed

in plan, even engaging orthogonal walls as necessary to withstand increased torsional turces,
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CHAPTER 5

Uniform Code

for Building Conservation
(UCBC 1991): Special Procedure

5.1. Introduction:

In this chapter, the Montgomery Block building was studied using the special procedure of
UCBC [99! that originates from the ABK research. The west facade and interior walls are
the selected LLRSE to be analyzed by this method. These are the same structural elements
previously found to be most vulnerable under N-S earthquake excitation. The west facade

was modelled as a combination of piers spanning between thick rigid spandrels, and the

interior walls as a group of piers only.
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The special procedure of the UCBC 91 is applicable here as flexible wood diaphragms
present in the Montgomery building are in compliance with clause A109(d)4 and all other
limitations of subsection A109(d)! of the UCBC 1991. This leads to 2D-analyses of vertical
planes of walls and LLRSE elements where ground-induced dynamic'ri'nrces are transmitted to
each plane as a function of tributary floor masses. It is noteworthy that the design equations
expressed in ultimate strength in ABK methodology have been converted to working-stress
based equations and allowable values when imported into the UCBC. Taese allowable values
will be used in this chapter. Comparisons on an ultimate basis of all results obtained in this

study will be performed in the following chapter.

5.2. Procedure of the analysis:

The UCBC methedology differentiates between the overburden dead load, i.e. applied at the
top of a wall, and the self weight of the structural element being analyzed. These ure
separated in the analysis as they impact behaviour differently. Obviously, the self-weight of

elements are lumped into the overburden weight acting on elements at lower tloors.

3.2.1. Calculation of the lumped dead loads:

The total lumped dead load tributary to a diaphragm "W," at floor # i is that from the woad
(partition walls and wood floors) and masonry (spandrels, piers and walls), excluding all walis
spunning in the N-S direction. Thus, Wy is the sum of the lumped wood loud "Wgiwe and

the lumped masonry load "W, "

W, = Wiwa + Wi, (5.1)

5.2.1.1. Contribution of the wood:
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The lumped wood load (N) "W, " at each floor # i can be calculated by:

_(Ail2)

Wosd = y x My, x 9.81 (5.2)

a

where "A", "Ag" and "M,,," are respectively the tributary area between 2 adjacent walls, the

total floor area and the total wood mass (kg) for the studied vertical element at floor # i.
5.2.1.2. Contribution of masonry:

The masonry dead load tributary to a diaphragm "W, " at each floor # i can be calculated

by:
Waims = ( Wag + Way ) [ 2 (5.3)
where:
J==
Wi = Ed’.‘. x i x 7920 (5.4)
17
and:
m=p n=q )
L;xh + Z:Ln.:'-l X Ry J (5.5)
Wy =~ o= x 7920
where "Wy, "W N " "L, hy", st and "p" are respectively the total dead load

of spandrels (N). total dead Ioad of piers and walls (N), length of a spandrel (m), height of
the spandrel (470" at floors #1, 2, 3 and 576" at floor # 4) (m), width and height (m) of a pier

or wall "J" above floor # i, number of spandrels and number of piers and walls. According to
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section -+.2.3 of chapter 4, a weight of 7920 N per m” area of masonry was adopted.

5.2.2. Calculation of the self dead load:

The self dead load "W ;" of each wall or pier, its total weight to be used in the analysis
according to the tlow-chart of Figure 2.2 at floor # i, is used to obtain the lateral foads at
each floor and the corresponding total base shear force. The calculated "W " and "W ;" for
the west facade and interior walls are summarized in Table 5.1. The UCBC 91 recommended

allowable capacities and values necessary for the subsequent analysis are given in Table 5.2.

5.2.3. Calculation of the Demand-Capacity Ratio (DCR):

The Demand-Capacity Ratio (DCR) was calculated for the roof as:

083 xZ x Y W,

) v, xD)

DCR = {(5.6)

and for the other walls as:

083 xZx )Y W,

(E):‘G"D‘*Vcb)

DCR =

(5.7}

where Z and v, are respectively the seismic zonal ratio and allowable shear value for a

diuphragm.

The cualculuted DCR ratios for both the west facade and interior walls are presented in
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Table 5.3. Since all DCRs fall within region 3 in Figure A-1-1 of UCBC 1991 (reproduced

in Figure 2.1), no crosswalls are needed and the diaphragm spans are acceptable.

5.2.4. Verification of the dynamic stability:

The slenderness ratios h/t of the URM piers and walls are checked against the allowable
ratios in Table A-1-B of the UCBC 1991 (reproduced in Table 5.4). The maximum
calculated slenderness ratio for masonry is equal to the maximum pier or wall height which is
3.8 m over their common thickness of 0.45 m, This ratio is found to be 8.4. Thus,
out-of-plane dynamic stability exists for the walls and piers of the Montgomery Block

cuilding.
5.2.5. Caiculation of wall shears:

According to UCBC 1991, the wall shear strength at level x of an URM building is given by

tiee- fullowing equation:

r

14
0.25xe(wa+—2—d)
v, x D

Y% v <D

_ 5.8
Fo=Min o1 x (W, + W, x 3 { &8

O.Iwax+vuxD

In this equation, Z is the zonal factor that identifies the Effective Peak Acceleration (EPA)

received by the piers and walls. For San Francisco, situated in seismic zone 4, Z is equal to
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(.4 and Equation (5.8) becomes:

W 3
0.1 x —¢
2
- : v x D (5.9
F,. 0.1me+Mln<0.1XEWdX u )
EEVH x D
v, xD

The calculated bracketed value of Equation 5.9 are summarized in the last three columns of
Table 5.1. The resulting wall shears are in Table 5.4 for both the vertical elements, i.e. west

facade and interior wall.

5.2.6. Analysis of the URM walls for in-plane shear forces:

The analysis of the west facade and interior wall was realized by following the steps of the

algorithm in Figure 2.2. According to the code V_ and V,, are calculated following:

V.=Dxtxyv, TS 1))

and

Ve=(050x P, +025x P, ) x D/H (3.11)

where D, t, H, P, and P, are respectively the in-plane width, thickness and height dimension

of a pier or wall, superimposed dead load at the top of the pier and its weight.

At each floor level, the shear forces (F,,), the shear cracking strength (V,) and the restoring
shear (V) are calculated. The capacity at each level of the entire sheur wall is obtained by
tollowing the flow-chart of Figure 2.2. Then, the capacity of the entire shear wall is equal to

the base shear force times the smallest o, where o is equal to the capacity of the i" storey
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over the total sheur force LF,, at the tloor of that storey.
5.2.6.1. Analysis of the west facade:

The rocking restoring shear strengths (Vg) and cracking shear strengths (V) of all piers in the

west facade have been calcuiated (Table 5.5). It is found that:

. At each pier of a given floor, Vg is always less than V. Thus, individual piers cun
rock safely.

. The shear force XF,, applied to the entire facade at each floor is less than the total
restoring sheur of all piers in the wall; rocking of pier system is safe in the west
facade and according to Figure 2.2, the capacity of a storey is given by 2V,.

. The minimum ratio o is given at floor # 4. So, the west facade’s capacity is reached

at floor # 4 with a value of 1148 KN.
5.2.6.2. Analysis of the interior wall:

The calculated values of Vi and V, for all walls and piers at each floor level are summarized
in Tuble 5.6. They show that at floor # 4, individual piers can rock safely since Vy s
smaller than V_ for all prers. At this level, the storey capacity is equal to the sum of the
piers’ restoring shears (X V). However, at the other floor levels, relative rigidity analysis
was required since V, is smaller than Vi for all piers and walls. The results of this analysis
are given in Table 5.6. The minimum ratio o is obtained at floor # 1 with an entire wall’s

capacity of 2628 KN.

It is noteworthy that according to the UCBC analysis, neither the west facade nor the interior
wall would require seismic rehabilitations. However, this not equivalent to predicting the
total absence of structural damage during a major earthquake since the UCBC special

procedure is only intended as a life safety measure.
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CHAPTER 6

Interpretations of Results

6.1. Introduction:

Ultimately, all previous calculations find their meaning if they can successtully explain or
demonstrate why the Montgomery Block building survived the 1906 San Francisco
earthquake. In this chapter, the results of chapters 3, 4 and 5 will be reviewed as compared
to the Pseudo Spectral acceleration "PSa" response of a Single-Degree-of-Freedom “SDOF"

system with a damping ratio "E" of 10 % or 5 %.
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6.2. Calculation of Elastic PSa:

No strong motion record exists of the 1906 San Francisco earthquake. Hence, quantitative
analysis can only be approximate and speculative, The accuracy of the proposed following
procedure is comparable to that of previous calculations.

A series of steps are necessary to obtain a plausible PSa for this historical earthquake. First,
the moment magnitude "M," of the 1906 San Francisco carthﬁ;ake has been estimated by
others to be 7.9 (Naeim 1989). Second, the San-Andreas fault is known to be 15 km trom

the Montgomery Block building. Therefore, using Joyner and Boore’s attenuation relationship

from western U.S. records, the Peak Ground Acceleration "PGA" can be computed by:

log(PGA) = -1.02+0.249M, -log(R?+7.3?)'% -0.00255 (R? +7.3%)1 (6.1)

where R (km) is the distaﬁce from the causative fault.
This gives an estimated PGA of 0.48 g. According to proportionality rules of ground spectra
proposed by Newmark-Hall, the corresponding Peak Ground velocity "PGV" and Peak
Ground Displacement "PGD" are:
PGV = 48 x (PGA/g) [in/sec] (6.2)
PGD = 36 x (PGA/g) [in] o (6.3)

This gives a PGV of 23.1 in/s and a PGD of 17.3 in.

Finally, the Pseudo Acceleration "PSa", Pseudo Velocity "PSV" and Displacement "S,"
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spectra can be obtained for various damping ratios "E" by multiplying the ground response
spectrum by the Newmark-Hall amplification factors. These amplification factors are

summarized in Table 6.1.

The resulting elastic Newmark-Hall design spectra are drawn.in Figure 6.1. Numerical values

as a function of selected fundamental periods "T" are in Table 6.2.

6.3. Ultimate capacities of Montgomery Block building:

In order to compare seismic demand (i.e. PSa) with structural strength supplied, a rough
conversion of previous calculations is necessary. All matertal properties and structural
strength in the previous chapters were at a working stress level. For masonry, a safety factor
of 3.0 is generally assumed. Therefore, although not perfectly correct, approximate ultimate

strengths can be taken as 3 times the previously calculated sirengths.

Thereafter, to locate these strengths on the response spectra, they must be expressed as lateral
capacities in percentage of gravity (g). For example, in chapter 3, the west fucade piers-only
model strength was calculated to be V/W equals to 0.02, i.e. the facade had an allowable base
shear strength of 2 % its reactive tributary supported weight. This would correspond to an
approximate ultimate strength of 3 times 2 % which equals 6 % of this weight. Hence, if

V =0.06 W =0.06 mg , it can be treated as a SDOF system which would remain elastic up
to a PSa value of 0.06 g, i.e. V = (m x PSa),gyivate- According to this procedure, ultimate

strengths were calculated for the 2D, 3D and ABK models and results presented in

Tables 6.3, 6.4 and 6.5.

6.4. Interpretation of results:

The Montgomery Block building survived the 1906 San-Francisco earthquake which most

36



probably hud a PGA of nearly 0.5 g. This has been reported by Freeman as previously

mentioned (Freeman 1932). An analytical method could predict survival if its ultimate

strength exceeded the estimated seismic elastic demand as expressed by the response spectra.

However, as shown in Figures 6.2 and 6.3, it appears that none of the analysis methods

considered can predict survival except the "ABK" analysis method for 10 % damping. This

might be attributable to one or more of the following points:

Under-estimated value of the maximum allowable flexural tensile stress "f"

(f, = .19 MPa) used for the structural analysis of the models. However, this not
probable as the selected f, value is already a high estimate, but also because a value of
nearly 4 times the allowable stress used in this study would be needed for the
Montgomery Block building to survive this earthquake as shown in Figures 6.2 and
6.3. Shear failure would start to occur and govern seismic response. Indeed, in
Tables 3.8 and 4.6, when f, became.eo, the ultimate capacity ratios 3 x V_ /W became
respectively 67.2 and 59.1 % for frame 2D and 3D models with offsets.

Some models could be completely deficient. For example, the piers-only model
assumes all beams are cracked before the analysis of the building, which is a wrong
assumption as revealed by the damage propagation sequence observed in the frame
maodels.

Observations of no-damage could be wrong, It is true that no spectacular damage
occurred: according to the dynamic stability principles, none of the piers or walls are
likely to have out-of-plane failures because of their low slenderness ratio. However,
tensile cracks could have opened and closed back after rocking,

The mass of the building could be over-estimated. Smaller lateral loads and
vverburdens on structural elements would result from a smaller building mass. Yet,
once all affected parameters are considered, a higher lateral load resistance would be
ubtained.

There could have been, in 1906, additional structural or non-structural elements which
could have added to the lateral load resistance. The incompleteness of structural and
architectural drawings can unfortunately not be improved.

Finally, the interaction between the frequency content of the earthquake and this
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structure could have been more favourable than predicted by a smoothed design
response spectra.  Irregular largely variable peaks and valleys are more typical of
single earthquake response spectra, and this building could have been fortunate to tall
in one such valley. Alternatively, the spectra used for comparison herein could also

be somewhat conservative.

Nonetheless, in spite of all these potential shortcomings, valuable observations have been

possible regarding the adequacy of various analysis models.
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CHAPTER 7

Conclusions

In this thesis, existing findings on the seismic performance, behavior concepts and masonry
properties of URM masonry structures were collected , and an URM building which survived
the 1906 San Francisco earthquake has been investigated by various existing analysis methods
to determine the impact of engineering modelling assumptions on the seismic performance of
unreinforced masonry structures. This impact is found to be major. Some important

conclusions about the building analyses are summarized in the following paragraphs:

Behavior of the perforated fucades:

. The simplistic 2D piers-only model has shown that under some circumstances, a large
number of piers can accept the redistributed loss-of-capacity produced by cracking of a
stitfer member. In this case, the 1™ crack in the analysis does not correspond to the
threshold of damage. The very high fundamental peﬁod of the facade in a 2D

piers-only model further demonstrates that it is not a very realistic model. Thus, it
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seems that-assuming all beams of the facade cracked before its analysis is not correct
and too conservative, .

In the 2D frame model without offsets, the 1™ crack corresponds to the threshold of
damage. The capacity increased by more than 100% compared to the piers-only
model. After the initial damage of many beams, an alternating pattern of beam and
pier damage was observed. The first fundamental period of this model was lower,
The consideration of offsets in the 2D frame model has increased the capacity of the
west facade and lowered its fundamental period. The [* crack corresponds again to
the threshold of damage. Thus, the added modelling complexity seems beneficial,
The analysis of the building by the ABK method has shown that the facade can
sustain a maximum base shear force 285 % greater than that predicted by the 2D
frame model with offsets. This may be attributable to the fact that in the ABK
procedute, the failure occurs in a rocking failure mode after a flexural tensile failure.
However, the ABK method predicts failure at the 4* floor whereas in the 2D frame
model with offsets, the failure occurs at the 1* floor. Differences can be partly
explained by ABK’s particular assumptions regarding the vertical distribution of the
equivalent static seismic force, and the assumption that all piers crack and rock under
rigid continuous spandrels. The last assemption, in particular, seerns unlikely as
revealed by 2D analysis of frames with offsets. The applicability of ABK to a

perforated facade such as in the Montgomery Block building is not clear.

3D behuvior af Mbntgumery Block building:

In the 3D models, a rigid diaphragm was assumed to exist. This gives the building u
totally different behavior. The perforated facade was assumed the weukest element in
flexible diaphragm modelling. Here, instead, torsion allows transter of the
loss-of-capacity from damaged elements to other structural élemenm in the sume plane,
or even perpendicular to the direction of the lateral load.

In the 3D piers-only model, the threshold of damage was reached at 1" cracking. In
the 3D frame model with offsets, the threshold of damage occurred only after many

structural elements cracked, particularly in the west facade. Total capacity was almost
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60 % higher than that in the solid pier/cracked spandrel model. In both cases,
maximum capacity occurred when the same rigid pier failed. In 3D rigid diaphragms
model studies, the perforated facades had almost no influence on the ultimate

behavior, as expected due to relative stiffnesses involved.

In many instances, the lateral load-displacement behavior of the 2D and 3D frame models
with offsets showed what could be considered to be a semi-ductile behavior as expressed by

the capacity to sustain large displacements and damage before complete structural failure.

Additional analytical and experimental research is desirable to resolve some of the
outstanding issues regarding the credibility of some of the aforementioned models. However,
trom this study, it is clear that considerable differences in seismic performance assessments of
URM buildings, of nearly an order of magnitude in some cases, exist depending on the

structural model selected by the engineer.
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Source

Value

Notes

Hendry, Sinha and Davies

Fer brick masonry :

700 £

Supplement Nb. 4, NBCC
1975

1000 £, < 20,000 MPa

CAN3-S304-Mg4

1000 £, < 20,000 MPa

ABK (1984)

689 MPa

According to Drysdale and
Suter, E_ = 1004 {°, for
concrete block masonry,
However, E = 700 1 is

better tor brick masonry

ACI committee 530

1000 £, < 20,000 MPa

It depends on the
compressive strength of the

units and the mortar type

Table 2.2: Modulus of elasticity of URM in compression.

Source Value Notes
This value is for URM brick walls. It depends on
the moisture content of bricks.-Typically, this

. . value is applied for @ moisture content of 8% .

Hendry, Sinha and Davies| 0.4 MPa
i The mortar type has also an influence

Suter 0.1 - 0.2 According to Suter, it’s difficult to find out

(Personul communization) MPa experimentally the exact value

Table 2.3: Maximum allowable tensile stress in URM.,

70




Source

Value

Notes

Hendry, Sinha and Davies

0.8’ MPa — 2MPa

parallel to bed joint

1/3*%(0.8MPa—2MPa)

normal to bed joint

Suppiement Nb. 4, NBCC
1975
(2)

. M or § martar: 0.50 MPa

N mortar: 0.39 MPa

parallel to bed joint

M or S mortar: 0.25 MPa

N mortar: 0.19 MPa

normal to bed joint

CAN3-S304-M84

Same as (2)

same as (2)

ACI committee 530

M or S mortar: 0.50 MPa

N mortar: 0.37 MPa

parallel to bed juint

Portland cement-lime

M or S mortar: 0.25 MPa

N mortar: 0.19 MPa

parallel to bed joint

lime mortar

M or S mortar: 0.25 MPa

N mortar: 0.19 MPa

normal to bed joint

Portland cement-lime

M or S mortar: .12 MPa

N mortar: 0.09 MPa

normal to bed joint

lime mortar

Table 2.4: Maximum allowable tlexural tensile stress in URM.

71




Source Value Notes
Supplemént Nb. 4, NBCC walls 032
1975
2) columns : 0.26 7,
CAN-8304-M84 same as (2)
ACI committee 530 (3,
Table 2.5: Maximum allowable flexural compressive strength in URM.
Source Value Notes

Hendry, Sinha and Davies

It depends on the brick

and mortar strengths

Supplement Nb. 4,
NBCC 1975 (2)

walls 0251,

columns : 0.20 {7,

CAN3-5304-Mg&4

same as (2)

ACI committee 530

0.15

Table 2.6: Maximum allowable axial compressive strength in URM.
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Source Value Notes

For °,, = 20 — 50 MPa :
The test results give : | v, = 0.3 MPa: strong martar (1:1/4:3)
= 0.2 MPa: medium mortar{[:1:6)

u (average) = 0.4 & ¢, <2 MPa

Hendry, Sinha and Davies v, =V, + p*c,

M or S mortar: 0.083 ,/f/, < 0.35 MPa
Supplement Nb. 4, NBCC
1975 (2) N mortar: 0.083 ,/f/, < 0.24 MPa
CAN3-5304-M84 same as (2) same as {2)
This value is for walls and piers
ABK Vi = 34*(3/4*v+P/A) ) '
(see appendix "D" in report Nb. 8)
v, =min( 0.83 MPa,
P : Axial Load (in N)
ACI committee 530 1.5 ‘/j"—m,
A : Shear surface (in mm?)
0.26+0.45P/A }

Table 2.7: Maximum allowable shear stress in URM.
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Designation Value Notes
1t 4 - 10 MPa
- This vzlue will apply up to
E. 400 ~ 1000 MPa PPLy P
about 75% of °,
Direct f, 0.15 MPa
N mortar : 0.39 MPa Parallel to bed joint
Flexural : f
N mortar : 0.19 MPa normal to bed joint
Walls .00 — 1.50 MPa
Axial .
Columns : 0.80 — 1.20 MPa
Walls 1.28 — 1.92 MPa
Flexural :
Columns : 1.04 — 1.56 MPa
Shear :v, Vi =V, + U¥ O, see Table 3.7

Table 2.8: Suggested allowable brick masonry characteristics.
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Lumped Masses

Floor Wond (kg) Masonry (kg) Total
#  [Partition walls Floor Spandrels Piers and Walls (kg)
4 42856 132282 111381 220000 506519
(8% ) ( 26% )} ( 22%) ( 44% ) ( 100% )
3 Y0145 148549 81005 463009 782708
(12% ) (19% ) ( 10%) ( 59% ) ( 100% )
2 99011 155371 81005 508624 844011
( 12% ) ( 18% ) ( 10%) ( 60% } ( 100% )
l 70933 162495 108005 703348 1044781
(7% ) (16% ) ( 10%) (67% ) ( 100% )

Table 3.1: Lumped masses from wood and masonry components for the entire building.




Floor Pier # Floor Mass
# 1 sv& 12519 10 1 20 (ke)
Load due to all Wood components {N)
4 12054 12054 16177 15860 11419 25318
3 18454 18454 24767 242581 (7482 ART61
2 19661 19661 20387 25870 18626 41297
! 18047 18047 24222 23747 17098 37907
Load due to Masonry piers (self weight) (N)
4 0 0 0 0 (} {
3 23698 23698 31805 31181 22450 49776
2 24462 24462 32631 32187 23175 5 1.38 I
I 26755 26755 35908 35204 25347 56197
Load due to Masonry Spandrels (N
4 6070 12140 12140 12140 6070 23513
3 4415 8830 8830 8830 4415 17102
2 4415 8830 8830 8830 4415 17102
1 4415 8830 8830 8830 4415 17102

Table 3.2: Gravity loads™ distribution at each floor for all piers of the facade.
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Pier width (m) Notes
I-9 & 1219 10 11 20 All the piers wre
0.97 1.30 1.27 0.91 045 m thick
Table 3.3: Sectional widths of the piers of the facade.
Precompressed Pure Flexural Flexural
Shear Shear Comprgssion Tensioi
Step [[Pier #[V  (KN)[Pier #[V .. (KN)||Pier #V, . (KN)iPier #[V, _ (KN)| F, Period: T(s)
| 10 1824 10 1154 10 285 L0 75 2.20902
2 11 1695 il 1071 11 259 L 68 233739
1-29 29
& &
3 1 2453 1579 295 ] 75 248147
12—19 12—19
29 29
& &
4 2398 20 84 1 32 , 77 2.55404
1219 12-519
5 20 130) --- --- 20 15 20 4 11.36659

Table 3.4: Lateral load capacities for all modes of failure and fundumental period of the

solid pier/cracked-spandrel model.
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V.. (KN) [ A(Floor#1) (mm) A(Flocr#2) (mm) | A(Floor#3) (mm) | A(Floor#4) (mm)
2978 1.638 2.532 3.037 3241
2174 1.24] 1.924 2.24Y9 2448
192.6 1171 1.825 2153 2.25%
240.2 1.5%1 2.468 2.890 3.061
1129 1602 2.681 2910 3.000
1230 2.207 3.729 3981 1073
1379 2179 3.672 3956 4061
[543 1.573 2.525 2.862 3,000
206.7 4.239 7.173 7.591 7.736
453 3162 5.401 5.691 5794
542 4015 7.027 7497 7.629
1133 2.651 4.620 4953 3034

24 0.290 0.525 0.566 0370
o34 383X 6.66% 7.161 7.335
1800 4279 7.401 7.944 Z.110
1719 4.082 7.2206 7.792 7.954
137.1 (Step 3t 3.290 5.884 6.368 6.500
137.1 (Step 32) 3.290 5854 6.360 6,489
[76.8 2.373 7.611 8262 8509
788 4.249 5.143 6428 6.174
BN 3.007 6.730 7984 8.170
841 2.840 6614 7925 8091
12040 3398 10,700 12957 13.171
734 3197 8375 10,622 10.756
35.0 1.930 5.517 7.837 7.852
Y7.l 5.755 16.767 25.000 25.144
10y 44 7.163 20.854 3().68Y 30.863
713 7.6012 21.259 29982 30.084
340 R4S 21.147 28.399 28.603
NRT 23.764 61.400 79.652 S0.019

Table 3.5: Lateral displacement at each floor for the frame model with rigid offsets.
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Step Frame with offsets Frame without offsets
# Vo (KN) Vi (KN)
f, = 0.19 MPa f,=- [, =oco
1 297.8 826.0 10i2 4
2 2174 742.1
3 192.6 5084
Failure Mode F.T. P.S. P.S.

Table 3.6: Comparison of the facade’s capacities in presence of high and code’s value of

Model Voo (KN) V,o/W (%)
Piers only 77 2.1
Frame without rigid cffsets 171.5 4.7
Frame with rigid offsets 297.8 8.1

Table 3.7: Comparison of the capucities and their ratios with the model.
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Floor # M; (kg) MMI (kgxrn®) Notes
4 506519 181364497 The lumped floor
3 782708 280256896 masses "M" are
2 244011 302207085 calculated in chapter 4.
l 1044781 307543616

Table 4.1: Lumped floor masses and mass moments of inertia at euch tloor.
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Step # # Damag. Piers V.. .(KN) T(s)

| 1 1020 (L913300
2 2 773 0921203
3 4 . 570 0955101
4 5 401 1.639453
5 6 370 }.6US335
6 7 326 1.767036
7 8 368 1.845701
8 9 357 1.906709
Y 10 375 117525
10 11 385 1.9442 14
11 12 3383 [.U5290Y
12 13 421 1.99690Y
13 14 44% 2.0003739
14 15 422 2.074874
15 16 416 2.1 13084
16 17 408 2.151586
17 {8 382 2.204917
18 19 442 2.211458
19 20 386 22249011
20 21 42() 2.251434

Table 4.2; Capuacities, periods and lateral displacements of the 3-D Solid Pier/Cracked-
Spandre!l Model.
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Floor # 1 Floor # 2 Floor # 3 Floor # 4
Step - - = -
4 A | Ay [B,X10°1 Ay Ay |9,x10°) Ay | Ay | 6,x10° Ay Ay [9,x107
(mm) [(mm)| (rad) [ (mm)| (mm) | (rad) | (mm)|(mm)} (rad) || (mm) | (mm) | (rad)

toll 430 [-.021] 1471 | 1.320] 112 [4.886 (1 2.461 |-.303 | 9.578 | 3.574 | -517 [14.402
2 I 339 [_019] 1202 [ 1.220] - 118 [4.711 |2.382(-321] 9.632 || 3.523 | -.546 |14.695
3 [ 267 1-.017] 1.007 | 1.205] -.137 { 4.887 |[2.490|-.371 | 10.494 [ 3.7¢6 | -.632 |16.268
4 | 284 [-0200 1.371 [|2.543| -.355 [11.304} 5.923|-.980 | 26.602 || 9.295 | -1.680 [42.346
5 270 |-.031] 1.321 | 2.476] -.427 |11.093(5.765 |- 1.144] 26.044 || 9.043 | -1.926 |41.366
6 247 |-.033] 1.22% || 2.330| -.495 110.553| 5.425[1.295| 24.672 || 8.502 | -2.145|39.120
7 1 292 [-.044] 1.472 1 2.823] - 709 |12.887[ 6.565 - 1.815 30.062 || 10.286] -2.972147.546
8 [ 291 [-.049| 1.487 [|2.875] -.824 |13.195] 6.679 [-2.08 1} 30.723 j 10.460] -3.379 |48.552
9 | .309 [-.052] 1.580{[3.059] -.878 114.048[ 7.099 }-2.214 32.666 | 11.115}-3.593 |51.563
10 ) 322 [-.056] 1.656 [[3.216] -.962 {14.807(7.454 -2.407| 34.361 || 11.662] -3.892 54.208
11| .322 §-.056] 1.661 [13.232] -.967 [14.887| 7.484 [-2.419] 34.512 | 11.704| -3.910 |54.424
12-) 360 {-.068] 1.868 { 3.650]-1.209116.865]| 8.454 |- 2.998( 39.073 13.224| -4.820 |61.592
13 384 -.072] 1.997 [13.906{-1.294}18.054[ 9.038 | 3.208 41.786 || 14.134| -5.158 |65.843
14 || .35 |-.061] 1.875 | 3.875 -1.356117.948)9.031 |-3.417| 41.888 || 14.145} -5.503 [66.085
15 || .357 |-.061] 1.833 {13.940|-1.389]18.271]| 9.231 [-3.506] 42.848 || 14.468| -5.649 167.642
16 | .346 [-.061] 1.783 |[3.985{-1.415]18.495) 9.380 |-3.576] 43.615 [| 14.721] -5.765 168,911
17 | 349 {-.042( 1.844 4. 168 ] -.816 [19.509 .‘).787 -2.0100 45.764 (| 15.349] -3.199 |72.198
I8 || 406 [-.048]2.146 4853 -.952 [22.728|[11.3951-2.344] 53.305 || 17.861{ -3.729 |84.024
19 | .362 [-.037] 1.932 {4377 -.661 |20.543[110.252}- 1.641] 48.057 || 16.061] -2.619 |75.656
200 1 405 [-.031 [ 2,180 [14.952] -.442 [23.302)[11.57 1|-1.129] 54.306 | 18.110] -1.822 |85.428

Table 4.3: Master joints’ displacements and rotations at each floor of the piers-only model.
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Step # # Damag,. Elts Vol KN) Tis)
I 13 774 0.340147
2 14 926 0.340713
3 15 716 0.341767
4 16 fHio 0.343737
5 17 1138 0.345739
6 18 1453 0.345999
7 19 1084 L3469 14
8 20 1090 | (L.348940
9 21 396 (1.350095
10 22 1000 0.351197
1" 170 1627 0.419839

* Step at which the facade is assumed damaged.

Table 4.4:Cupacities. periods and laterul displacements of the 3-D Frame model with rigid

offsets.




Floor # 1 Floor # 2 Floor #3 Floor # 4

Step 5 5 [ 10 =
Ay | Ay [8,X1070 Ay | Ay |8,X10°0 Ay | Ay [B:x10°) Ay Ay 10,10

# (mm}| (mm) | (rad) || (mm) | (mm) | (rad) | (mm}|{mm) | {rad) | (mm) [ (mm) | (rad)
! 230 | -.008 1 686 | 473 1 -.004 [ 1190 ] 710 [ -.004 | L.637 [ 891 | .001 | 1.935
2 273 | -006 [ 81T || 563 | 004 | 1.409 [t 845 | -.000 | 1.937 | 1.O60 001 | 2.290
3 211 [-004 1 629 || 438 | 004 | 1103 )| .666 | 001 | 15550 .843 | .002 | 1.873
4 327 | =008 | 972§ 684 [ 003 | 1737 | 1.043 | -.002 § 2.463 [ 1.275] -.001 | 2.948
5 339 [ -009 [ 10200, .712 § .002 | 1L.840 || 1LO83 | -.003 | 2.599 | 1.366] -.002 1 3,104
6 A32 [ -012 [ 1299 906 | 001 [2.331 | 1.377[ -.005 1 3.286 || 1.738 | -.005 | 3.930
7 323 | -.008 [ 973 | .680 | 003 | 1.759 || 1.035] -.003 [ 2.491 | 1.307 | -.002 | 2.984
8 325 1 -.008 [ 979 | L6831 003 | 1.767 1.040] -.003 [ 2.502 || 1.314 | -.002 | 2.997
Y 20 1001 366 || .255 1 005 | .676 | 390 | 003 | 972 || 492 1 005 | 1.16Y
[ ff 298 1 -.007 | 899 || 627 1 .003 [ 1.623 | 952 | -.002 [ 2.288 | 1.[95] -.001 | 2.709
LLff 551 ] -.019 1 1LBSO | 1.252) -.005 1 3.842 |1 2.0481 -.019 | 6,126 [[2.731 | -.022 | 8.021]

 Table 4.5; Master juint’s displacements and rotation at each floor

rigid oftsets.
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Step f, = 0.19 MPa f=c
# Vi (KN) V.. /W (%) Vo (KN) V. /W (%)
Solid Pier/Cracked-Spandrel Model
1 1020 3.3 3762 12.1
Frame Model with rigid offsets
l 774 2.5 6130 19.7
2 926 3.0 6129 1.7
i 1627 5.2 4653 4.9
Failure Mode F.T. P.S.

Table 4.6: Comparison of the maximum capacities and capacity ratios.
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|

Floor # W, TW, W, i SW, 0.1W,2 [60.1ZW,p" | v, D
West Facade (KN)

4 474.8 474.8 835.7 835.7 41.8 41.8 1359

3 663.9 1138.8 1221.0 2056.7 61.0 145.2 326.2

i 2 695.4 1834.2 1290.9 33475 64.5 138.5 326.2

l 7427 25769 1526.2 4873.7 76.3 142.6 326.2
interior Wall (KN)

4 320.5 320.5 1997.5 [ 1997.5 Uv.9 i41.0 135.9

3 651.4 972.0 2850.6 4848.1 142.5 3422 326.2

2 692.8 1664.7 2891.8 7739.9 144.6 320.3 326.2

| 678.0 2342.7 3695.4 114353 184.8 3347 326.2

“p = v,D/LLv,D

Table 5.1: Calculated weights by the special procedure of UCBC 91.
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Variable

Designation

Value

Roof shear capacity

3648 N/m

Floor shear capacity

8756 N/m

Shear wall shear capacity

240,004 N/m

Crosswall shear capacity

5837 N/m

In-plane width dimension of pier or wall

For the whole wall: 37.25 m

Diaphragm span west — interior wall

21,00 m

Tributary diaphragm span of Interior wall

16.60 m

Table 5.2: Allowable sheuar capacities and some wall lengths.

Floor # DCR(West Facade) DCR(Interior Wall)
4 1.02 2.44
3 0.47 1.74
2 0.53 £.63
l 0.67 1.70

Table 5.3: DCR ratios for the west facade and intertor wall.
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Seismic Zone | Seismic Zone | Seismic Zone | Seismic Zone
No. 2B No. 3 No. 4 Buildings |[No. 4 All other
Wall types . . o
Buildings Buildings with crosswal's Buildings
Walls of ane-story -
206 16 16™ 13
buildings
First story wall of i
20 18 16 15
multistory buildings
Walls in top story of
P y 14 14 1427 Y
multistory buildings
All uther walls 20 16 16 13

lApplic:s to the special procedure of Section A109 (d) only. See Section A109 (d) for other

restrictions.

2

““This value of height-to-thickness ratio may be used only where mortar shear tests in
accordance with Section A106 establish a tested mortar shear strength, v, of not less than
100 pst or where the tested mortar shear strength, 4, is not less than 60 psi and a visual

examinationof the collar joint indicates not less than 50 % mortar coverage.

3W here a visual examination of the collar joint indicates not less than 56 % mortar coverage
and the tested wortar shear strength, U, when established in accordance with Section A106
is greater than 30 psi but less than 60 psi. tha allowable height-to-thickness ratio may be
determined by linear interpolation between the larger and smaller ratios in direct proportion

to the tested muortar shear strength, v,

Table 5.4: Allowable slenderness ratios.
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Floor Va (Pier # ) (N) Woest Facade (KN)
# 1-9&12>19 10 11 20 YF.. | ¥V | YV, o
4 9675 15798 | 15276 8860 89 204 | 2182 2.29
3 49403 71879 | 69220 | 37239 | 217 | {OI8 | 2182 4,69
2 56028 98025 | 94381 | 50600 | 351 1195 | 2182 3.40
l 76974 135333 | 130264 | 69445 | 501 l6dd | 2182 3.28
Ya (N) 105909 142142 | 139355 | 100335 Facade’s Capacity = 1148 KN

* For piers” numbering, refer to Figure 4.2,

Table 5.5: Calculated wall shear capacities of the west facade.
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Floor Vg ( Pier # )} (N) Interior Wall (KN)
# 1 2 3&4 SF,, SVg SV, o
4 | 744255 742359 513217 132 2513 2865 19.04
3 1816530 1 1811903 | 1252625 340 Relative rigidity 8.43
‘ ‘ analysis .
2 3217457 | 3209259 | 2218661 553 5.18
V,(N) | 758089 | 769237 | 668902
Vi ( Piers of Floor # 1) (N)
5 6 7 $&9 SF,, AN SV, o
15,846,143 707449 3700969 | 494678 806 Relative Rigidity 3.26
Analysis -
1.530,113 | 323303 234116 | 270348 Wall’s Capacity = 2628 KN

* For piers’ numbering, refer to Figure 5.1.

Table 5.6: Calculated wall shear capacities of the interior wall.
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Amplification Factors

E=10 % E=5% =2
For PGA 1.5 2.6 4.3
For PGV 1.3 1.9 2.%
For PGD 1.1 1.4 .8

Table 6.1: Newmark-Hall amplification factors for design response spectra.
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T (s) Psa (g) (£=10%) Psa (g) (£=5%) Psa (g) (£=2%)
0.033 0.48 0.48 0.48
0.038 0.50 0.54 0.55
0.040 0.51 0.55 0.57
0.044 0.55 0.57 0.62
0.050 0.56 0.61 0.70
0,055 0.56 0.65 0.75
0.06 0.57 0.70 (.80
0.08 0.60 0.80 1.02
0.10 0.64 0.95 1.25
0.12 0.65 0.99 1.40
0.15 0.69 [.15 1.75
0.17 — 0.65 s — 0.55 s — 0.50 s
0.72 1.25 2.07
0.7 0.70 1.00 1.41
0.8 0.61 0.85 1.25
L0 0.49 0.71 1.05
1.2 0.40 0.58 0.85
1.5 0.33 0.48 0.68
2.0 0.24 0.34 0.52
2.4 0.22 0.30 (.44

Table 6.2: PSa values for euch damping rutio at each structure’s fundamental period.
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"Piers only” "Frame without offsets" "Frame with offsets"

T (s) (VIW)X3 (g) T (s) (VIW)x3 (g) T (s) (VIWX3 ()
2.209 0.061 0.500 (.140 0.35 0.243
2.337 0.055 0.526 0.136 .37 0.201
2.481 0.061 0.782 0.105 0.59 0.112
2.554 0.063 0.810 0.110 0.67 0.168
11.367 0.003 1.119 ¢.101 0.70 0,150
1.14 0.105 .72 0.133
.19 0.089 0.73 0.147
.24 0.074 .75 ().144
1.33 0.063 110 (0.098
1.34 0.065 1.63 {LUTY
1.40 0.066 L7 0.089
1.52—1.59 0.048 2.04 0.063
1.90 0.036 2.63 £.035
3.12 0.072

Table 6.3: Ultimuate Cupacity ratios versus structure’s fundamental period for each 2D model. -
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Table 6.4: Ultimate Capacity ratios versus structure’s fundamental period for each 3D-model.

"Piers only" "Frame with rigid offsets"
T (s) (V/W)x3 {(g) T (s) (VIW)x3 (g)
0.91 0.09% 0.340 0.074
0.92 0.074 0.341 0.089
0.96 0.055 0.342 0.069
1.64 0.039 0.344 0.107
1.70 0.036 0.346 0.109
L85 0.035 0.346 0.140
1.92 0.036 0.347 0.104
1.94 0.037 0.349 0.105
2.0 0.041 0.350 0.038
2.00 0.043 0.351 0.096
2.07 0.041 0.420 0.157
2.15 0.039
221 0.043
2,25 0.040

West Facade

Interior Wall

T (s)

(VIW)xX3 (g}

T (s)

(VIW)x3 (g)

0.347

0.707

0416

0.689

Table 6.5: Ultimate Capacity ratios versus structure’s fundamental period for ABK models.
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Facade’s Lateral Load Capacity
2D—-Analysis: Solid Pier/Cracked—-Spandrel Model

3000
2500
‘._
Z 2000 |
)
]
£ 1500 | ° ®
>-‘ -
1000 | @ Precompressed Shear Failure
o Pure Shear Failure
L 4 Flexural Compressive Failure
<o Flexural Tensile Failure
500 I
—M—&
D < % Q i 1 i i A ] L L L ] I ] 1 Q— -

Y
0 2 4 6 8 10 12 14 16 14 20

Number of Damaged Piers

Figure 3.3: Fucude’s lateral load capacity (solid pier/cracked-spandrel model).
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Facade's Lateral Load Capacity

2D—-Analysis: Frame Model without Rigid Joint Offsets
(Flexural Tensile Failure is always dominant)

280 |

240+ e Actual Capacity
| Calculated Capacity

200

160

Vmax (KN)

I General Failure
120 p )

80

40 t

0 A | I | L i h] i A i’ L 1 L i . L ! ] i }

0 10 20 30 40 50 60 70 80 90 100

Number of Damaged elements
g

Figure 3.5: Fucade’s lateral load capacity (Frame model without offsets).
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Facade's Fundamental Period
2D—Analysis: Frame Model

L With Rigid Joint Offsets 1
- - - - Without Rigid Joint Offsets ]

Fundamental Period: T (s)

| i ! i | ol | L L 2 1 i i L ) \ 1 I J

0 10 20 30 40 50 60 70 80 90 100

COOOOR - m NNNNNL W
d T

Number of Damaged Elements

Figure 3.6: Facade’s fundameatal period (Frame models).
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Facade’s Lateral Load Capacily
2D-Analysis: Frame Model with Rigid Joint Offsets
(Flexural Tensile Failure is always dominant)

280

Actual Capacity

240 H
N e Calculated Capacity

200

160 |

Vmax (KN)

General Failure

.............. AN

80

40

0 L ] L il L I L I} L ] I L] L H i L L L L )
0 10 20 30 40 50 60 70 8o a0 100

Number of Damaged elements

Figure 3.7: Facade’s lateral load capacity ( Frame madel with offsets ).
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Lateral Floor Displacement: A (mm)

70

60

30

40

30

20

10

1

Facade’s Lateral Displacement
2D—Analysis: Frame Model with Rigid Joint Offsets
(Floor # 4)

Calculated Displacement
—— Actual Displacement Envelope

100

Number of Damaged Elements

Figure 3.8: Facade’s lateral displacement (Floor # 4 of frame model with offsets).
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Facade’s Lateral Load Capacity

2D—-Analysis: Frame Model
(Flexural Tensile Failure is always dominant)

280

240

With Rigid Joint Offsets
- —— - Without Rigid Joint Offsets
----- Actual Capacity

200 j

i60 hi 1N

Vmax (KN)

General Failure

120 S NVAAY N T Nl

80 e

40

O L \ i ! . L 1 [l L L L L e 1 ! L i

o 10 20 30 40 50 60 70 830 90 100

Number of Damaged elements

Figure 3.9: Facade’s lateral load capacity (Frame models).
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Facade’'s Fundamental Period

2D—Analysis

-| — Frame M. w/ Rigid Joint Offsets
[ | — Frame M, w/ouf Rigid Joint Offsets
<++ M. including Piers only

Fundamental Period: T (s)

] L 1 L 1 L ! L ! 1 { L 1 1 ! 1 1 L )

0 10 E_D 30 40 50 60 70 aa 90 100

CODOO R = rmea = NN NNWWLW

ONARDTONADRDCNRD OO NS
T T

Number of Damaged Elements

Figure 3.10: Facade’s tundamental period (All models).
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70

60

50

40

30

20

10

Lateral Floor Displacement: A {mm)

Facade’s Lateral Displacement
2D-Analysis: Frame Model with Rigid Joint Offsets

Floor # 4
Floor # 3
Floor # 2
Floor # 1

8040

i I |

0 10 20 30 40 90 60 70 a0 90 100

Number of Damaged Elements

Figure 3.11: Facade’s lateral displacement (All 4 floors of the frame model with offsets).
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Facade’s Capacity—Lateral Displacement
2D—Analysis: Frame Model with Rigid Joint Offsets

(Floor # 4)
280 )

240
200

160

Vmax (KN)

120
80

40

0 L i 3 i 2 ! : 1 L | L 1 1 |
0 10 20 30 40 20 60 70

Lateral Floor Displacement: A (mm)

Figure 3.12: Shear-Displacement behaviour of the floor #4 (Frame model with rigid offsets).
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Figure 4.2: 3D-Analysis: Evolution of piers’ damage in the piers-only model at the 2™ floor.
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Building’s Fundamental Period

3D-Analysis: Solid Pier/Cracked—Spandrel Model
24r
2.2 | | e
2.0
1.8
1.6
1.4.
1.2
1.0 ¢
0.8
0.6
0.4
0.2 b |
ool

T

Fundamenlal Period: T (s)

0 2 4 6 -8 10 12 14 16 18 20 22

Number of Damaged Piers

Figure 4.3: 3D-Analysis: Building’s fundamental period for piers-only model.
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Building’s Lateral Load Capacity
3D-Analysis: Solid Pier /Cracked—Spandrel Model

(Flexural Tensile Failure is always dominant)

1200
1000
----- Actual Capacity
800 | —— Calculated Capacity

Vmax (KN)

600

400

200

0 2 | L L I L L l, " ) 1 L ! ] e, ! 5 1 L L F—

0 2 4 6 8 10 12 14 16 18 20 22 24

Number of Damaged Piers

Figure 4.4: 3D-Analysis: Building’s lateral load capacity for piers-only model.
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Master joint’s X—Displacement: Ay (mm)

Building’s Lateral Displacement
3D-Analysis: Solid Pier /Cracked-Spandrel Model
(Actual Displacement Envelope)

18

14

0090

Floor # 4
Floor # 3
Floor # 2
Floor # 1

10

o B e =

—e

2 —90—0—0-8— n I

4 6 8

Number of Damaged Piers

Figure 4.5: 3D-Analysis: Building’s lateral displacement for piers-only model.
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Building’s Lateral Displacement
3D-Analysis: Solid Pier/Cracked—Spandrel Model

2o (Floor # 4)
2 18 I

E Tl —— Actual Displacement Envelope
» . - Calculated Displacement

< 16

3 L

§ 14F

£ L
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Figure 4.6: 3D-Analysis: Building’s 4™ floor lateral displacement for piers-only modcl.
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Vmax (KN)

Figure 4.7: 3D-Analysis: Building’s lateral load capacity for frame model with rigid offsets,
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3D-Analysis: Frame Model with Rigid offsets

(Flexural Tensile Failure is always dominant)
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Fundamental Period: T (s)

Figure 4.8: 3D-Analysis: Building’s fundamental period for frame model with rigid offsets.
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Master joint’s X—DisplacemenlL: Ax (mm)

0.2
0.0
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Building's Lateral Displacement

3D—Analysis: Frame Model with Rigid Offsets
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Figure 4.9: 3D-Analysis: Building’s lateral displacements for frame model with rigid offsets.
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Building’s Lateral Displacement
3D-Analysis: Frame Model with Rigid Offsets

i (Floor # 4)

E 2.8}
E SRR Actual Displacement Envelope
3 o4t | Calculated Displacement
o
: !
g 2.0 170
& ] damaged
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Figure 4.10: Building’s 4" floor lateral displacement for frame model with rigid offsets.
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Building’s Capacity—Lateral Displacement
3D—Analysis: Solid Pier /Cracked-Spandrel Model

1200 «. (Floor #4)
1100 F
1000 |
900 |
800 |
700 |
600 |
500 |
400 |
300 |
200 |
100 |

0 L 1 L 1 L L 1 1 L 1 L 1 L ] L L i ] L J
0 2 4 6 8 10 12 14 16 18 20

Vmax (KN)

Actual Master joint’s X~Displacement: Ay (mm)

Figure 4.11: 3D-Analysis: 4™ floor shear-displacement behaviour of piers-only model.
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Building’s Capacity—Lateral Displacement
dD—-Analysis: Frame Model with Rigid Offsets
1800 - (Floor #4)

1600 |
1400 |
1200 | A
1000 |
800 |
600 |

400

Actual Capacily: Vmax (KN)

200 |

L R l 1 ! Il 1

0 L 1 A Ll i 1 1
0.0 0.4 0.8 1.2 1.6 2.0 2.4 2.8

Actual Master joint’s X—Displacement: Ax {mm)

Figure 4.12: 3D-Analysis: 4™ floor shear-displacement behaviour of frame maodel with rigid

oftsets.
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Figure 6.2: Pseudo Spectral accelerations and ultimate capacity ratios of the 2D models.
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Figure 6.3: Pseudo Spectral accelerations and ultimate capacity ratios of the 3D models.
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Step # # of Damaged [Damaged Elements| YV, (KN) [Fundamental Period:
Elements T(s)
1 l 89 1715 (.49991
2 2 90 136.02 0.50609
3 3 91 129.5 0.51686
4 4 88 166.6 0.52648
3 5 92 161.1 0.53508
6 6 87 156.4 0.54418
7 7 93 150.7 0.55377
8 8 94 146.3 (.56155
9 9 86 140.4 0.57161
10 10 9% 134.7 (0.58304
1 11 98 128.7 0.59502
12 12 97 122.% 0.60804
13 13 85 116.7 (0.62220
14 14 96 111 0.63757
15 15 84 105.0 0.65501
16 16 83 99.3 (.67329
17 17 82 93.6 (.69329
L8 18 95 94.9 0.71577
19 19 81 ¥7.% (174865
20 20 108 128.3 ).78184

Table B.1: Lateral load capacities and corresponding periods of the frame model without

rigid offsets (F.T. is always dominant).
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Step # # of Damaged |Damaged Elements| V. (KN) [Fundamental Period:
Elements T(s)
21 21 109 106.5 0.78852
22 22 110 99.4 0.80002
23 23 107 135.1 0.81007
24 24 111 130.3 0.81848
- 25 25 106 126.2 0.82752
26 26 112 121.0 0.83725
27 27 105 116.0 0.84782
28 28 113 110.7 0.85931
29 29 114 105.3 0.87190
30 30 115 99.6 0.88569
31 31 118 93.9 0.89755
32 32 104 89.2 0.91309
33 33 117 84.3 (.93144
34 34 103 78.7 0.95207
35 35 102 73.73 0.97520
36 36 101 68.7 1.00114
37 37 116 70.2 1.03068
38 38 100 62.9 1.07352
39 39 127 123.9 111881
40 40 128 106.7 1.12371

Table B.1: ( continued )
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Step # # of Damaged |Damaged Elements| V, (KN) [Fundamental Period:
Elements T(s)
41 41 129 97.8 113212
42 42 11 128.7 1.13935
43 44 120,121 128.7 1.15219
44 46 139,140 128.7 1.15749
45 47 71 120.6 1.15979
46 43 75 1158 117174
47 49 137 105.0 1.18359
48 50 126 109.1 118822
49 51 125 106.3 £ 19683
55 5 55 1023 120625
51 53 130 95.2 1.22095
52 54 131 82.5 1.23159
53 55 124 90.3 £.24180
54 56 59 9.0 1.25547
55 57 63 86.2 1.27261
36 58 123 83.6 1.29114
57 39 134 78.8 1.30804
58 60 135 66.9 1.31582
59 61 76 71.5 1.33304
60 62 56 71.3 1.33703

Table B.1: ( continued )
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Step # # of Damaged. |Damaged Elements| V__(KN) |Fundamental Period:
Elements T(s)
61 63 122 80.2 1.34283
62 64 72 71.1 1.37020
63 - 65 64 69.1 1.37830
64 66 60 66.8 - 1.38722
65 67 119 8L.3 1.40052
66 68 40 79.9 1.42550
67 69 80 53.0 1.49279
68 70 52 58.7 1.50628
69 71 48 59.2 1.52464
70 72 44 56.8 1.54403
71 73 36 59.2 1.59377
72 74 32 55.4 1.61952
73 75 28 51.6 1.64796
74 76 24 44.1 1.70980
75 77 20 42.6 1.74855
76 78 16 38.8 1.78865
77 79 68 38.3 1.83458
78 80 4 44.3 1.89720
79 81 8 41.2 1.93885
80 82 2 41.2 1.93885

Table B.1: ( continued )
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Step # # of Damaged |Damaged Elements| V_, (KN) [Fundamental Period:
Elements T(s)
1 1 89 297.8 0.34684
2 2 90 217.4 0.35309
3 3 91 192.6 {1.36385
4 4 88 246.2 0.37369
5 5 92 235.7 0.38172
6 6 87 226.7 0.390133
7 7 93 215.8 {1.39952
8 8 86 206.3 0.40946
9 9 94 195.2 0.42018
10 10 95 184.3 0.43190
11 11 85 173.0 ().44468
12 12 96 161.7 0.45884
13 13 84 150.3 (1.47445
14 14 83 140.0 {1.49201
15 5 97 128.8 0.51176
16 16 82 124.1 0.53441
17 17 98 112.9 0.56081
18 18 99 137.9 (0.59177
19 19 81 123.6 (1.6269% |
20 20 38 206.7 0.67263

Table B.2: Lateral load :capucities and corresponding periods of the frame model with rigid

offsets (F.T. is always dominant).
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Step # # of Damaged [Damaged Elements| V, (KN) Fundamental Period:
Elements T(s)
21 21 109 148.4 0.68826
22 22 110 140.9 0.69201
23 23 37 184.2 0.70189
24 24 108 113.3 0.72101
25 25 128 12.4 0.72379
26 26 107 164.4 0.72450
27 27 127 157.0 0.73155
28 28 11l 180.0 0.73244
29 29 106 | 171.9 0.74018
30 30 146 137.1 0.74855
31 32 40,44 137.1 0.74961
32 34 147,148 137.1 0.75023
33 35 112 176.8 0.75048
34 36 113 164.0 0.75966
35 37 114 - 152.7 0.77002
36 38 115 142.9 0.78164
37 39 105 134.0 0.79457
38 40 104 123.2 0.80940
39 41 103 112.9 0.82660
40) 42 116 102.9 0.84649

Table B.2: { continued )

154




Step # # of Damaged |Damaged Elements| V . (KN) |Fundamental Period:
Elements T(s)
41 43 102 93.7 0.86958
42 44 117 88.9 0.89741
43 45 101 78.8 0.93055
44 46 118 95.1 0.97283
45 47 100 84.1 1.02390
46 43 129 120.0 1.09569
47 49 1 119.0 1.10500
48 50 7 114.4 111723
49 51 71 110.4 1.12966
50 52 75 105.7 1.14335
31 53 15 101.3 - 1.15732
52 54 19 95.7 1.17274
53 35 23 90.6 [.18923
54 56 67 85.5 1.20689
5 1 57 63 79.8 1.22618
56 58 5 744 124719
37 59 27 69.2 1.27021
58 60 55 63.8 1.29556
59 61 31 60.0 1.32420
60 62 51 54.4 1.35574

Table B.2: ( continued )
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Step # # of Damaged |Damaged Elements —(KN) [Fundamental Period:
Elemenis T(s)
61 63 3 52.3 1.39270
62 64 79 47.6 1.43334
63 65 47 419 147583
64 66 35 35.0 1.53928
65 67 31 57.1 1.63019
66 68 | 100.4 1.70426
67 69 73 107.1 1.73621
68 70 45 104.0 1.77032
69 71 33 9% 1.80693
70 72 61 95.2 1.84625
71 73 ] 90.0 1.88853
72 T4 9 87.2 1.53430
73 75 69 81.7 1.98408
74 76 53 77.0 2.03849
75 77 25 71.5 2.09831
76 78 13 68.7 2.16453
77 79 65 63.0 2.23842
78 80 49 58.2 2.32166
79 81 29 52.2 2.41658
80 82 77 47.6 2.52636
81 83 21 430 2.63278
82 84 57 37.0 2.78398
83 85 43 34.1 2.97204
84 86 5 881 311613

Table B.2; ( continued )
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