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& ABSTRACT

Failures of geotechnical structures located on soft

,//égnsitive clays have been analyzed using shear strength

values determined from the expression, °u=OJZU;'- The case
studies include an embankment at Bangpli, Thailand, two
silos, one at New Liskeard and the other at Vankleek'Hill,
in Ontario, and an excavation aF Welland, also in Ontario.

It is shown that this empirical relationhip between the-

"mobilized shear strength and the p;ecohsolidaéion pressure

is representative of the soil at all locations and-that it
is, applicable under both loading and unloading conditions.

The shear, strength wvalue. obtained by using this

expression seems to be more reliable than the value obtained

from a vane test which requires a correction factor and

arbitrary crust strength assumptions. Furthermore, the only

data required for this approach are the preconsolidation
]

pressure values vhich are routinely determined in

geotechnical investigations involving soft sensitive clays.

]
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RESUME ) -~

-

La stabilité de structures‘ géotechniques dans des dépdts
~d'argiles molles sensibles a été analyséé en utilisant les
valeurs ae résistance au cisaillement - déterminée par
l'expression cuﬂLZZU;. L'étude porte sur un remblai a
Bangpli en fhaiiande, sur deux silos, un situé a New
Liskeard et l'autre a Vaqkleek Hill, en Ontario et sur une
excavation a ﬁelland, également situés en Ontario,” Il est
démontré que cette relation empirigue entre la résistance au
‘cisaillement non drainé et la pression  de préconsolidation
est valide pour tous les dépdts d'argile &tudiés et qu'elle
est applicable.dans des conditions de chargement et de
déchargement. A ‘

La valeur de la résistance~su cisaillement obtenue en
utilisant cette expres *Qq semble &tre plus fiable que celle
obtenue au scissométre et qui nécessite 1l'utilisation d'un
coefficient correcteur et une é&valuation arbitraire de la
résistance de la crofite argileuse. De plus, les seules
données requises pour l'application de cette méthode sont
les valeurs de pression de préconsolidation, qui sont
d'ailleurs déterminées de fagon systématique lors de toute

reconnaissance géofechnique dans les dépdts argileux,

- iii -
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Chapter 1
- INTRODUCTION

1.1 STATEMENT OF THE PROBLEM:

The stability of emﬁankments on soft soil deposits is é
common problem in geotechnical engineering, because soft
clays, especially those having high sensitivity, have low
shear strength and their behaviour‘ is complex due to such 4
,fac;ors as anisotropy, excéss pore pressure and rate of
loading. These factors arise f:g7 different conditions,
such as the depgsitional environment, the stress history,
and the variety of geological and geomorphological processes
that have acted on the natural materials, '

A good part of the earth is 'coverea with these
problematic soft soils. They are found in the lowlands of
the St. Lawrence River and .in the Ottawa river valley in
Eastern Canada,. along the coast of Norway, Sved;n, and
Finland, in the deltas of the.Nile, Missisgippi and Yané—fie
rivers, and in largé parts of South-east Asia. These areas
are usually highly populated and, therefore, economical
design methods are necessary to ensure the intég;ity of the °

structures and the safety of the inhabitants.



'1.2 OBJECTIVE OF THE:STUDY

A method vas recently proposed to determine thé mobilized
shear strength values under embankments in soft clays {(Trak
et al. 1980). . In this method, the strength values are
determined by using the.expression-cu-aizgé derived‘by4nbsri
{1975).  The objective of this study is to examine the
applicability of this method to the stability analyses of
three types ofrgeotechnical structures: -1) embankments, 2)
silos, and 3) excavations.

When thel stability analysis of an embankment:- is
undertaken, three different aspects are usually tékeh into
consideration} (1) The numerical mcdels employed to analyze
the forces causing ang resisting shear failure; {2) the
methéds empioyed to determine the mobilized shear strength
parameters of the -scil in the embankment and of the subsoil;
and (3) the practical application of both numerical models
and shear strength ﬁarameters to predict local and general
failures of embankments.

Although the first aspect, i.e. the numerical models of
stability analysis, will be briefly discussed in

chapter III, this thesis is mainly concerned with aspects

(2) and (3) of the stability analysis of embankments, silos

.and excavations.

The evaluation of mobilized shear strength values of
soils and the application of these values in numerical

models to predict the performance of the structure under a



N 3
particular loading condition has been a major area of
. research in géotechnical engineering. The shear strength
values used in a stability analysis can be deterﬁined
either by _laboratory or field tests. The most ;éommonlf
employed field test tb évaluate t;e shear strength is the
- .ip-situ vane test. However, thelshear strength measured by
'the vane . test may overestimate the mobilized shear
resistance of most clay soils of medium . to high plasticity
(Bjerrum 1972). Bjerrum showed from case studies of
unexpected embankment failures that this overestimation was
related to the " plasticity index (Ip) and proposed that an
.empirical "correction factor™ (u = fﬂﬁ)) should.be applied
to the measured field vane Qalue to obtain a more reliable
mobilized shear strength of the soil (Fig. 1.1). The
6bservéd overestimation of shear stréngth based on vane
measurements has begn confirmed by Pilot (1572) aﬁd Dascal
et al, (1972) who proposed correction faciors similar to .
However, a number of researchers have critized the use of
"cbrreéted; vane shear strength values because these are
based totally on an empirical adjustment which neglects
simulation of the actual stress paths and of soil behaviour
(Ladd and' Foott 1974; Trak 1974; and Morgenstern et al.
1977). Other methods, such as SHANSEP (Ladd and Foott
1974), and ADP methods (Aas 1976(a) and.(b)), try to avoid
this problem by the use of triakial and direct shear tests

to simulate field loading conditions. -Recently, Trak et al.

.
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(1980)  %uccessfully used a normalized soil parameter,
culu;-o.zz, derived by Mesri (19'{'5) who .showed that this
mobilized shear strength value undér emhankménts was in fhct
_independent of ip. Mesri's meghqd combines the laboratory
testiné.(oedometer test) and - an empirical approaéh'because
the cu-o,zzg;’ expression was obtained by én interprétation of
Bjerrum's (1972, 1973) data on actual embankment failures.
In 1973; Bjerrum showed that tﬁe vane strengtﬂ correction
based on the plasticity index was also valid for shallow
foundation and unsupported cut failures (rPig. 1.2 and 1.3).

This suggests that Mesri's expression, - cu-o.zzu may stso

o
be employed to determine the mobi)lized shear strength for
unsupported cuts and shallow foundations. values of
mobilized shear strength similar to the ones obtained by
Mesri's expression were recently used by Aas (1981) in the
analysis of landslides in quick, norm&liy consclidated clay
in Norway. Trak (1981) suggested that these results may
indicate that the cu-o.zza; method could be used in
estimating mobilized shear strength values for conditions
other than embankment logding. Therefoqe,'if was. decided to
examine in this thesis the range of applicability of Mesri's
expression by analyzing data on the following common types
of failure of geotgchnical structures:l |
1. embankment failures,

2. silo failures,

3. cut and excavation failures.

L



1.3 THESIS.OVERVIEW

In Chapter 2, methods-vhich vere developed during the
1970's to estimate the shear strength of soils for
embankment stability analysis are rgvievéd. ' Six.methods
are_examinéd. Two of‘these are simple empirical methods and
four are semi;eﬁpirica;'methods or laboratory methods.

.éhapter 3 preéenté a detailed description of Qnalytical
ﬁethods ysed to evaluate the stability of embankmenii,
-silos,-vertical cutslgnd excavations. ,

Chapter 4 preseqts four case histories of failures with
different typesizghﬁloading;' and includes a description of -
‘the geological and geofechnical charécteristics of the soils
involved, the slope gedmetries and the stabilitf analyses.

Chapter 5 éummarizes the findings of this study, draws

.togeﬁher the main conclusions, and gives suggestions for

further research.
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Chapter Il

LITERATURE REVIEW

2.1' GENERAL

Total stress analysis employing c,, the "undrained shear
strength”, has been adopted by most engineers as a pfactical
design method to determine the stability of embankments and
foundations. Although research continues on totil stress
analysis, the approach reﬁains_probl?matical. "The following
is a literature review of devélopments on ‘this subject

within the last decade.

- 2.2 CONTRIBUTION BY BJERRUM (1972, 1973)
2.2.1 Description
The reliability of stability‘calculations based on in-

situ vane shear strength values (¢ measured in soft

u(vane) )
cohesive soils has been a matter of concern since the
development of the field vane apparaéus by Cadling in 1948.
In the past, the shear strenth values measured by.the field
vane were believed fo be representative of the' true sh;ar
strenggi of soils., However, withih the last tuo-decades,
unexpected embankment failures have occurred on structures

designed with relatively high factors of safety. Bjerrum

(1972) back-calculated a number of these embankment failures
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and discovered that the vane strength ;alueg_used in thé
designs either underestimated or overestimated the mobilized
shear strength lof the soils.’ By plotting the calculated
factors of safety with respect to corresponding plasticity
indices (Fig. 1.1(a)}}, he was ablg to establish, despite a
certain scatter, a linear relationship between these two
variableé. He then proposed a correction coefficienf (u} to
be applied to the measured vane strength values as a
functioﬁ of- the plasticity index of the soil. As pointed
out by Holtz and Wennerstrand (1972), this idea was not
new:; in fact, correction_ factors such as this were
determined from backcalculated slope failures and wused in
Sweden for stability calculation.

Bjerrum (1972) interpreted the wunderestimation and the
overestimation of the value ?f undrained shear strength
measured by'the in situ vane test as being due to the effect
of time, anisotropy, and to the mechanism of progressive
failure. )

Bjerrum (1972) obtained the correction factor (u) from a
linear regression anaiysis of the factors of safety as a
function of the plasticity index. (Fig. 1.1(a)). The
analysis indicated that . the difference between the field
vane values and the actual mobilized shear strength.
increases as.the plasticity indices of the clays increase.

The correction factor,u, for the field vane shear strength

was calculated by reciprocating the factors of safety along

(r‘
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the regression line. This correction curve, shown in
Fig. 1.1(b),.. can be expressed approximately by u-LJ/(LH$)
(Helenelund 1977). oo ‘
Bjerrum;s correction” factor can thus- be used directly to

modify ‘the measured field vane strength to give the

following mobilized shear strength of the soil: -

Colmobilized) cu(‘vane.) xu

2.2.2 Bjerrum's modified method

In 1973, Bjerrum proposed a modified version of the
previously mentioned vane strength correction -procedure,
based on two main factors that were thought.to influence the
measured shear strength. These factors, the effept of time
(rate) and the effect of anisdtropy,' are considered
separately in this new method. |

Bjerrum argues that the discrepancy between the vane
shear strength and the mobilized shear strength is caused

principally by the reduction of shear strength with time as

" _ a consequence of the rate of loading. In addition to this

factor, .Bjérrum also pointed out that the discrepancy may,
in part, be caused by the effects of anisotropy on clay
soils.resultiﬁg from their deposition and stress history.
Therefore the previously mentioned equation may be written

in the following form:
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c c XU XU
u(mobilized) = “u(vane) T a

wvhere ¥ _ and v, are the reduction factors for the time

‘(rate) effect and the effect of anisotropy, respectively

ig. 2.1).

The facgﬂf 15‘varies along the §lip surface depending on
the inclination of the slip surface. It will also depend on
the plasticity of the scil: the value will be larger the
le;s plastic the clay. Bjerrum (1973) suggested the use of
three different tests to simulate the varying shearing
conditions along a slip surface (Fig. 2.2). The three tests
are triaxial compression, triaxial extension, and direct
shear tests, and all samples used in these tesfs should be
- reconsolidated under the same stresses as those existing in

situ. From such tests, Bjerrum produced the cu/q;) ratios
for different sites (Table 2.1) and suggested the use of
thesg ratios to determine the By value. |

The u_ value used in the modified equation can be
selected from Fig. 2.1 according to the type of stébilit}
problem involved and according to the plasticity index of
the soil involved. ) ,

The follo 'ﬁE/;E“‘E‘fE?ief review of Bjerrum's (1973)
discussion///,{

s

on these two factors that may effect the measured
shear/sfgength of clay soils.
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2.2.3 Time effect

It is observed that for many materials including soft
clays, the slower the material 1is loaded, the lower the
resistance becomes. The first to study this phenomenon was
Alexandre Collin, a French engineer who, in 1846, observed a
relationship between the material's strength, the applied
load, and the loading duration. From ﬁis observations,
Collin suggestﬁd that the shear strength of the material can
be separated into twp components, the instant and the
permanent cohesion. The instant cohesion, as defined by
Collin, is the cohesion that disappears after 30 seconds of
loading and  the permanent cohesion is equal to the shear
stress that a sample can -sustain wiﬁpout any visible'strain
{Trak 1980).

Using a series of field vane tests carried out on
Scandinavian soft clays at strain rates varying from 0.1°
per sec to 1.§° per sec, Cadling and Odenstad - (1950) have
experimentally shown that by increasing the strain rate, the
evaluated undrained shear strength can be increased by 20%.
‘The same phenomenon has been confirmed by Parry (1971}, who
found that the increase in undrained triaxial strength
values obtained aé 0.05% per min and 1% pef min strain rates
is equal to 8% or higher. Many authors have confirmed that
the strength mobilized at failure is higher when the time to

achieve failure is shorter (Aas 1965).
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Bjerrum (1973} considered that this behaviour is
associated with the cohesive coﬁponent of the  strength
parameters and that the time  effect can be explained in

terms of the existence of a critical strain. For different

/

loading time, different strains mayU£§ reached for the same
loading intensity because of the process df creep or
secondary compression. )

Based on all these observations, Bjerrﬁm il973) tried to
iﬁcorporate the time effect by introducing the factor, u_.
to correct the .shear strength values measured by field vane
apbaratus.

2.2.4 Effect of anisotropy

In general, ahisotropy can be divided into two main
categories, inherent strength’ and,. stress-induced
anisotropies. The inhefent strength anisotfopy of clay is
closely related to 1its structure which is dependent on the
depositional environment of the soil as well as the change
in stresses subsequent to deposition. The clays deposited
in salt water develop an open card-house structure with the
partiEigs randomly oriented. In a fresh.water environment,
the structure of the deposit is somewhat dispersed and a
certain degree of parallelism is developed between the clay
particles. 1In the former case, the shear strength of the
clay is more or less isotropic, while in the latter it will

exhibit an anisotropic behaviour. It is also known that
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- when clay is subjected to consolidation, its particles align
perpendicular’ to the direction of the imposed 1load. This
" .tranforms the initially isotropic structure into an
anisotropic one.

The stress-induced anisotropy is that which is created by
the .rotation of the principal stress axes and by the
variations in the intermediate principal étress during the
loading of soils by structures such as:embankments.

In 1973, Bjerrum noted that a vane test can produce only
horizontalrshear along a vertical surface and‘largued that
this 1is probably why the shear strength measured by the
field vane does not represent the mobilized shear strength
at each point along a sliding surface. As mentioned in a
previous section, in.order to overcome this discrepancy,
Bjerrum (1973; proposed a way to include the anisétropy.in
stability analyses " by assuming three different shearing
conditions.

2.3 CONTRIBUTION BY PILOT (1972)

At about the same time as Bjerrum (1972) introduced his
method to estimate the stability of embankments, Pilot
(1972) introduced a similar one based on sSome unexpected
embankment failures which occurred in France (Fig. 2.3). He
suggested that the discrepancy betwveen the calculated "and
the theoretical factors of safety of the embankments at
failure might be due to one or more ofn the folibuing

reasons:
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unsuitability of circular slip surface analysis,
poor egtimation of field and laboratory undrained
shear strength vélues, | -
effect of progressive failure,

and effect of excess pore pressure.

After studying the charactéristics' of five embankment

failures in France, most of which vere located in highly

plastic clays, Pilot concluded:

-~

1,

In homogeneous soils, the failure surfaces are found
mostly to be rotational and cylindricai in shape.
The shape of these slip surfaces are affected though
§§'the presence of a thick, 'degsiccated clay crust
with high shear strength values. These may then lgad
to an alteration of the shape of a sliding surface
from.circular to non-circular.

The . existence of tension cracks in the .embankment
£ill has a considerable influence on the stability
computations. This consideration 'is especially
significant in designs which' have low safety factors
(F=1.2 to 1.5).

The formation of tension cracks is caused by the
lateral displacement resulting from an increase in
horizontal stress dqring the loading oﬁ the subsoil.
The degree of lateral displacement depends on the
lateral deformability of the foundation éubsoil,

which decreases as the overconsolidation ratio of the
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soil increases. In other words, an increase in ‘the
restraint of the soil égainst lateral movement will
limit the formation of -tension cracks. Therefore,
thel presence of a thick overconsolidated stratum
close to the ground sUrfacg_would indicate that the
£ill resistance should be included in the stability
calculation.
In the case studies, large discrepancies in the
factor of safety,’ up to 0.5, were found between thé
calculated factors of safety and the factor of safety
at failure (F=1.0)}. There is a tendency for these
disc}epancies to increase as a function of the
plasticity index.

From the calculated factors of safety 1in Pilot's
(1972) case studies and some case studies which were

analyzed by Mieussens and Pilot (1971), the followin

g
. empirical relationship between the factor of safetngﬁ\\

and the liguid limit (w } was established (Fig. 2.3):

6w, .
--ﬁﬁa-+0.7
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1f the above equation were written in terms of the
plasticity index (Ip) instead of w (Pig. 2.4), it

would apbear in the following form:

71 '

—1
F = 37500 + 0-92

It can be seen from these relationships that there is
a tendency for the overestimation of the ‘safety
factor to become significaht as the plasticity index
or the liquid Timit of the clay increéses.

According to Pilot (1972), the discrepancy between
the shear strength measured from field vane and the
mobilized shear strength under the failed embankment,
~\may be attributed to one or more of the féllowing
factors: |
a) anisotropy oﬁimechanical.prOperties, _

b) progressive failure of foundation under embankment
loading,
c) inadequate representativeness of the field vane
test. ”
Since special tests vere not carried out in the five
case studies (Pilot 1972), the first two factors were
not examined. The importance of the third factof can
'be appreciated if one compares the time required to
bring an embankment to failure with the time needed

i

to _reach failure in a standard vane test at a
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rotation rate of about 3/10 of a degree per second.
This represents. rate that is 5,000 to 10,000 times
less than Jthe time réquired ta reach failure in a
very rapid embankment construction, and it is 100,000
times less than the time reguired under normal
construction conditions. 1In an attempt to correlate
the time effect on shear strength and the stability
of embankments, Pilot (1972) plotted the factors of
safety against the time required for the embankment
to fail, but no correlation was found, possibly
because of the scarcity of thé.data.

-

2.4 CONTRIBUTION BY LA ROCI;IELLE ET AL. (1974)

In 1974, La Rochelle et al. argued that progressive
failure may be the most limportant factor affecting the shear
strength of the clay./ They proposed a method.which would
incorporate this effect as well as the effecfvbf ;ime and
anisotropy under embénkment loading by employing shear
strength values measured at large strains in the triaxial
apparatus. This approach, called the undrained residual
strength method, was used successfullf in the analysis of
the St. Alban embankment, Quebec. This method was later
renamed by Trak et al. '(1980) as the Undrained Strength At
Large Strains (USALS) analysis. To determine the undrained
shear strength at iarge strains, unconsolidated.undrained

triaxial tests are conducted. . In the St. Alban embankment
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analysis, the tests 'werei carried ouf at. two different
confining greésures:' one'was.equai to half of the original
effective overburden, and the other was eguivalent to half
of the effective overburdén after the embankment was
constructed. These two confining pressures were used té see
wvhether they ' had some linfluence on ‘the measurements.
Houever,; no significant difference was detected in the téét
results. |
The residual stréngth can be reached, according to the
_ experience of La Rochelle et al. (1974), at an axial strain
of about 15 per cent, in triaxial tests on Champliin clay
éamples.
| In the analysis of the stability of an embankment, the
evaluation of the shear strength of the dessiccated crust
has always been a problem. According to La Rochelle et al.
{1974), two different crust strength assumptions can be
emﬁloyed-vhen USALS ‘analysis is used. It may be assumed
that (1) the USALS of the crust is a constant egual to the
minimum -valug measured in the layer, ‘or (2) the shear
strength is extrapolatediupward through the crust using the
USALS values at the base of the crust (Fig.2.5). Although
in the St Alban embankment, La Rochelle et al. (1974) showed
that the stability analysis based on the second assumption
_apparently gave more reasonable values .of the factor of
safety'than those using the first assumption, this kind of
crust strength selection still induces some uncertainty in a

stability analysis.

-
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2.5 CONTRIBUTION BY LADD AND FOOTT (1974)

2.5.1 Description

In 1974, the SHANSEP method was developed by f;dd and
Foott (1974). SHANSEP is an abbreviation for Soil History
And Normalized Soil Engineering Properties. The term Soil
History refers to the in-situ pressures -to which a soil has
been subjected in the past. The Normalized Soil Engineering
Properties (NSP) refers to cases in which the stress-strain
relation can be normalized by effective pressures to give a
single Félationship such as the one described in FPig. 2.6.

The shear strength behaviour of soils is often best
illustrated in terms of normalized soil parameters. The
most common ones are the cu/qL

) L] :
c /o o'/o s
o’ u/p, and p/vo ratios,

where Cy 'U;O' and c; are the qndraiﬁed shear-strength: the
initial effective overburden pressure and the
preconsoclidation pressure, respectively. In slightly
overconsolidated and overconsolidated clays, the strength is
~usually normalized with respect to the preconsolidation
pressurel Based on such normalized soil parameters, the
SHANSEP method, according to Ladd and Foott (1974}, can be
used to account for a number of effects which influence the
mobilized shear strength of soils.

According to Ladd and Foott .(1974), the differences
between the undrained shear strength values measured in the

laboratory and the mobilized‘qshear strength determined by

”\field methods can be attributed to the following factors:
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1. sample disturbance,

2. strength anisotropy,

3. straiq rate effects.

Sampfé disturbance is one of the principal cause'bf loss
in shear strength of samples in sensitive clays. During the
sampling process, the structure of the clay 1is disturbed
with consequent loés of shear strength. " The degree of

disturbance in the sample 1is largely a functien of the

sampling technique employed. Disturbance is clearly due to

the mechanical distortion of the soil during i%frusion of
the sampler and the in-situ stress relief in the sample
after it has been removed from tgé ground.’ This me;han@cal
distortion can be easily minimized, but not totally
eliminated, by wusing better sampling technigues and good‘
eguipment such as the large diameter sampler developed by
researchers at Laval University (La Rochelle et al. 1981).
According to Ladd and Foogt {1974), the relief of in-situ
étresses, wvhich in turn creates negative pore pressures . in
the sample; may lead to up to a 20 to 50 per cent reduction
in undkained shear strength. Ladd and Foott (1?74) claimed
that this problem can be eliminated if the SHANSﬁP~method is
used to determine the shear strength of the soil, beﬁause
the reconsolidation process in the SHANSEP method would

eliminate the effect of such disturbances. More on this -

_subject will,6 be detailed in the discussion section at the

end of this chapter.

S
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The principal steps - in the design procedure to evalu&te
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-Design procedure

the NSP for the soil as a function of OCR are as follows

{(Ladd

1.

and Foott 1974): '
Examine and subdivide the soil profile into component
deposits on the basis of boring logs, field vane

data, visual classifications, etc..

& .
Obtain good quality samples and investigate the

stress history of the soil profile using total unit
weight, pore pressure, and preconsolidation pressure
measurements.

Check whether the NSP concept is applicable to this

type -of soil. First, the samples' have to be:

consolidated to approximately 1.5, 2.5, and 4 times
the in-situ c;; and, then, the cu/c; values of the
soil have to be measured, vhere ol is the effective
consolidation pressure applied 1in the laboratory.
If the clay.exhibits normalized behaviour, it will
yield a éonstant value of «c fo}, at least at the two
higher stresses. ) _ ‘ _
Decide which shear strength tests best simulate the
in-sitﬁ stfess copdition, and determine the-range of
OCR values for whiéh daié are required.

4

To obtained NSP versus OCR, first reconsolidate the

then reduce the stresses to give the OCR vaiues of

s;;iiif back ﬁgftheir virgin compression lines and

p -

[
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2+0.5, 4*1.0, and 6*2.0. The selected te§t§ are then
cgrried out to obtain the NSP values.

6. Apply these NSP values to the soil profile obtained
in steps 1 and 2 to give the distribution of
undrained shear strength throughout the foundation
subsoil. |

To obtain culoé valugs, various laboratory tests such as
plane strain active (Pgi), triaxial compression (TC), diréct
simple shear (DSS), plane strain passive (PSP), and triaxial
extension (TE) tests may be employed. All these tests,
according to Ladd and Foott (1974}, sh392d~be performed
under K -consolidated undrained ( CKU ) conditions with pore
pressure measurements. Strain rates of 0.5 to 1.0 per cent
axial strain per hour and 5.0 per cent shear strain per hour
are recommended for the-triaxial and DSS tests.

The best value of shear strength to represent the average
strength élong both circular and non-circular slip surfaces
may be obtained from the direct simple shear tests.
According to the wqu of researchers at the Massachusetts
Insitute of Technology, thelobtained values have been close
to or slightly lower than the average shear strength values
obtained from plane strain compression and extension tests

(Ladd and Foott 1974).
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2.6 CONTRIBUTION BY AAS (1976{a) AND (b))

- The ADP method was introduced by Aas (1976(a) and (b)) to
gyaluate the undrained shear strength of soft Norwegian
clays. ADP is an abbreviation for active, direct shear, and
passive analysis. This method is based on Bjerrum's (1973)
' proposal that the sheéar strength .alonq a potential slip
surface beneath an embankment can be represented by three

types of laboratory shear strength tests: the compression,

the extension, and the direct shear tests (Fig. 2.2). The
ADP method attempts to simulate the failure in anisotropic
cohesive soils under embankment loading conditions.

The ADP analysis employs the anisotfopically.;onsolidated
undrained triaxial (CAU) tests in extension and compression,
and the - direct shear test. The extension and the
. compression tests on samples taken from a particular deéth
give the active shear strength (cua) and the passive shear
étréngth (cup) d£~the soil, respectively, and thus represent
the a;tive and passive failu;e states of a so0il element.
Accérding to studies by Aas (1976(a) and {b)), the undrained
-shear strength measured in triaxial extension is generally
66 per cent smaller than the shear strength measured in .,
ﬁriaxial compression. (Aas 1976(a) énd (b})). The shear .
strength (cud) measured by the direct simple shear test is
approximately equal to the mean of the triaxial compression

and triaxial extension test measurements.
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The sgear strength values résulting from the three tests

on samplés taken at different depths are plotted against the
depth of the subsoil (2) (Fig. 2.7(b)}. The following

correlations were obtained (Aas 1976(b)):

= +
€ua = %a (Z + a)

cd = % (Z + a)

= Z + a)
cup Gp ( )

The' coefficients a, 8y and apare the slopes of the linear
pertion of the shear strength profiles in PFPig. 2.7(b), and
'a’ is the Z-axis intercept.  In practice, 'a' is usually
taken as zero; typical values of the other coefficients are
shown in Table 2.2,

Aas (1976(b}) also compared the empirical relationship

F=2.7c + 0.38, derived by him from a number of

u(vane)/céo

case Trecords, with the relationship between the shear

strength ratios cu(vane)lcu(ADP) and /cr"m (Fig. 2.8).

€u(vane)
It was found that the shear strength at actual failure is
better represented by ©u(ADP)’ calculated by averaging the
results from the triaxial compression, the triaxial
extension and the direct shear tests (Helenelund 1977),

and ¢

This also means that the shear strengths Ciat Cud up

are assumed to each represent one third of the slip surface

(Fig. 2.7(a})). Since the shear strength obtained from a

&
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direct shear test . is approx%mately egqual to the mean value
of the active and passive triaxial tests, the shear strength’
profile of the subsoil can be obtained simply by averaging
the compression and the extension CAU triaxial shear
strengths at the corresponding depth. From this shear
strength profile, values for a foundation design can be

selected.

2.7 RECENT CONTRIBUTIONS

By modifying Bjerrum's (1972) diagrams showing the
relationship between the plasticity index and the normalized
. 7

t 1 L] 4 4
cu(mme)/cp and cp/uvo ratios {Fig. 2.9(a)
and (b)), Mesri (1975) noted that cu/a; is a single curve

soil parameters,

for both aged and young cohesive soils {(Fig. 2.9(c)). When
Bjerrum's correction factor (u} is applied to the'cﬁrye, the
function ucu/c; is a constant. Hence, the mobilized shear
strength seems to be independent of the plasticity index
(Ip) of the soil and‘can_be expressed as a constant fraction
of o;, i.e. cu-(L220; (Fig. 2.9(d)). However, Mesri (1975)
did go further with his investigation of this
interesting finding.

This expression was later used by Trak et al. (1989) in
the stability analyses of embankments.on soft clays. The
method was found to be applicable to the soft, sensitive.
clays of Eastern Canada and the Bangkok clay in Thailand.

When presenting  the results of <the USALS analysis of
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sensitive clay in Quebec, Trak et al. ' (1980) confirmed\?hab
the average value of cu(USALS)Ia;a aé;‘eed wii":h the average
value found by Mesri (1975). A plot of this ratio is shown
in Fig. 2.10. |

A similar ratio was also fpund using Ladd and Foott's

* (1975) SHANSEP results. The ratio of at OCR

“u (K _TD5S)
values of one and tvwo were approximately egual to 0.22
(Fig. 2.11, Trak et ;l; 1980). \

On the cther hand, the cJ4L2205 expression was found to
be not applicable to some cohesive soils, such as very
young and nearly normally consolidated organic clays. The

Ia .
low_factors of safety found in back-calculations of failures

p
ratios (Trak et al. 1980). These ratios were caused either

in these soils can be attributed to unrealistic cu/a

by an overestimationléf the field vane strengths, or an

underestimat}on of the preconsclidation pressures asL

measured by the oedometer tests. However, the low factors

of safety may also simply indicate that. the methed is not
4

applicable to these young organic clayé (Larsson 1980).

2.8 GENERAL DISCUSSION

2.8.1 . Bjerrum's method

- Since Bjerrum's method of vane strength correction was
introduced in 1972, a number of case studies have confirmed
that the shear strength values measured by the vane in soft

clays are generally overestimated (Pilot 1972; Bozozuk 1972;
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Lédd and Foott 1974: and Helenelund 1977). Bjerrum (1973)
had pointed out that the effects of time (rate of loaéing)
land anisotropy have a strong influence on shear streﬁgth.
Dascal et al, (1972) demonstrated in.a case study of the
Matagami test fill that progressive failure also affects the
shear strength of -£he soil, especially in sensitive scils
such as the clays of Eastern Canada.

Numerous other attempts have been made to improve
Bjerrum's original method by introducing other correction
factors such as corrections for the effect . of progressive
failure and for anisotropy effects (géerrum 1973, Helenelund
1977). -Some researchers have also applied the method by
correcting the vane strength of individual layers of the
same deposit according to their corresponding Ip (Dascal et
al. 1972; Lacésse and Ladd 1973). Such attempts are beyond
the original scope of Bjerrum’'s method and undoubtedly will

give rise to more variability in the stability calculations.

2.8.2 Pilét‘s method

In Pilot's (1972) approach, the two relationships given
in section 2.3 can be used to estimate the factor of safety
of an embankment in soft soil. However, | one can also
tranform the two eqguations ‘into a form which makes use of a
correction factor as in Bjerrum's method. This can be done
simply by taking the reciprocal of the two eqﬁations
obtained by Pilot which expressed the safety factor as a

function of the liquid limit, w,, and plasticity index, Ip.
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When the above correction factor is 'plottedr;n a graph of
versus Ip, the curve obtained.is very similar to the one
which Bjerrum (1972) had derived (Fig. 2.,12)., This is not
suprising because most of the case histories studied by
Pilot appear also in Bjerrum's list.

In general, the above vane strength correction () should
préferably be obtained  from the equation expressed as a
function of w, because the determination of vy requires only
one test and is both faster and subjected to less
.variability than the values obtained for I  (Tavenas and

P
Leroueil 1980).

2.8.3 | USALS analysis

Lé Rochelle et al. (1974) have shown the applicability of
‘the USALS methéd in thq analyses of embankments in soft
sensitive clay deposits of Eastern Canada.l ft vas suggested
. by La Rochelle et al. (1874) that the undrained strength at
large strains (USALS) could incorporate  sample disturbance,
progressi&e failure, time and anisotropy effects, whiéh are
.the main factors causing the discrepancy between the test

results and the true mobilized shear strength. The USALS
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analysis has been shown by Trak et al. (1980) to.yield
reliable stability calculations for the Champlain clays and
other fluvioglacial and lacustrine clays of Canada.

The USALS method is, however, subject to experimental
difficulties. According to Trak et al. (1980) and Tavenas
and Leroﬁeil (1980), these diffifulties are related to the
corrections of the cross-sectional variation of the sample,
and the membrane effects in the triaxial testing at large

strains,

2.8.4 SHANSEP method

The SHANSEP and ADP methods have apparently been derived
from similar lines of thinking. Both methods emphasize the
effect of anisotropy in the determination of the shear
strength of soft clays. Neither of the methods relies on
in-situ vane strength values which are markedly influenced
by the anisotropic strength characteristics of scils. Shear
strength in these methods is determined by the direct shear,
triaxial compression and extension tests on anisotropicﬁlly
consolidated clay samples, tp simulate strength variations
on the failure surface. |

The SHANSEP method is claimed by Ladd and Foott (1974) to
account for the effect of sample disturbance and the effect
of the rate of loading because of the derivation of the
normalized soil parameters by reconsolidation of the clay to

overconsolidation ratios greater than one. The method has
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been criticized by Mesri (1975) on the grounds that the
reconsolidation of the samples to values éreatef' than the -
in-situ preconsolidation pressure prior‘ to shearing wiil
further remold the clay rather than restructure it to
overcome sample disturbance as claimed by Ladd and Foott
(1974). |

Ladd and qutt {(1974) indicated that the laboratory
testing required in the SHANSEP method could result in the
collapse of highly structured ‘'quick' clays and naturally
cemented deposits but would be applicable to other clays.

N
However, Mesri (1975) pointed cut that almost all tr.
natural clays have developed structures, S0 the
applicability of SHANSEP method is extremely limited.
)
2.8.5 ADP method ‘

The basis of the ADP method is to simulate the actual
failure modes by means of three different ' types of
laboratory triaxial tests, the compression and the extension -
tests, and the direct shear test (Fig. 2.2). According to
Aas (1976(a) and (b))}, this simulation can take into
account the effect of the discrepancy between the actual
and the measured shear strength valueé. However, because
of the effect of the rotation of principal stresses due to
embankmen} loading, the state of sﬁresses other than the

ones at the center line of the structure is not known. This

shows that the states of stress in all aforementioned tests,

A
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especially in the direct shear test where the direction of
principal stresses are unknown, cannot truly represent the

conditions in the field.

2.9 CONCLUSION _

In this chapter, two categories of shear strength
estimation methods were discussed. The first type 1is the
empirical methods which involve the determination of
undrained shear strength by means of simple in §itu tests,
such as the field vane,tést, without any knowlédge of<the
state of the in-situ effective stress. Analyses of this
type incluae Bjerrum's_(1972) and Pilot's (1972) methods.
Analyses of the second type ‘are the laboratory methods
including the USALS method (La Rochelle et al. 1974), the
SHANSEP method (Ladd and Foott 1974), the ADP method (Aas
1976(a) and (b)), and the cdﬂﬂ220; method (Mesri 1975 and
Trak et al. 1980). This second type can involve complicated
laboratory tests, such' as CAU, plane strain active, and'
‘plane strain passive teé;s.

As mention;a in sectién 2.2.4, becausé the shear stfength
" is stress path dependent, the values measured by two
different tests are rarely the same. In turn, this means
that the stress path which the soil under embankment
loading follows toward failure may not have the same

pattern as the ones in the tests. As a conseguence of this

discrepancy for most of the previously mentioned metheds,
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empirical correlations have to be made to obtain a good
representation of the mobilized shear strength underneath an
embankment. The main reason for using empirical methodé in
determining shear strengths for stability analysis is
because of the difficulty in ‘predicting the excess  pore
pressure and the state of stress during rotaticon of
principal stress axes in the subsoil.

In 1973, Bjerrum showed in two F.S. vst plots that the
results of excavation and bearing capacity £failures can be
well represented by the same regression 1line _as in
embankment failures (Fig. 1.2 and Fig. 1.3). Therefore he
suggested that his vane strength correction approach can
also be used in loading and unloading conditions. Becausé
the CuﬂLZZU; expression was derived by making wuse of
Bjerrum's correction factor (Fig. 2.9(d)), it appeared that
ﬁhis expression could also be used to estimate the mobilized
shear strength under embankment loading conditions and, by
extension, <could also be applied to bearing capacity and
excavation probléms {Trak 1981). The application of such an
approach to embankments on Canadian sensitive clays, has
successfully been confirmed by Trak et al. (1980). In the
following chapters, the applicability of this expression to
evaluate the mobilized shear strength of soft sensitive
clays under excavation ‘and bearing capacity loading
conditions © will be examined. There is also an
investigation on an embankment failure in Bangkok clay using

the same expression.



-

35
In the next chapter, a description of the methods of
analysis wused to investigate the case histories will be

presented.
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TABLE 2.2 -
TYPICAL VALUES OF a s G4, AND a_ (MORGENSTERN ZT AL. (1977))
\\\
PLASTICITY ACTIVE | DIRECT PASSIVE
INDEX, Ip(,.) . °’a ad | cp
1 - 20 . ©0.30 - 0.40 0.15 ~ 0.25 - 0.08 - 0.15
40 - 0:35 - 0.50 0.25 - 0.35 0.15 --0.25
40 - Yoo 0.65 = { 0.40 = 0.40 =
. L~ N ‘
‘ -
Y,
i
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Chapter 111

METHODS OF ANALEEIS
3

3.1 GENERAL

‘The stability of embankmentg,’ vertical cuts and shallow
foundations are commonly analyzed ' by 1limit equilibrium
methods with #g=0° as an aséumption. One advantage of these
methods over other stability methods is the simplicity of
the design calculétions. The methods were used to analyze
the case studies presented in Chapt?r IV, as described in

this chapter.

3.2  (¢=0° ANALYSIS .

In 1916, the slip of thé Stigberg Quay in the harbour of
Gothenburg, Sweden, initiated .a significant development in
the study of slope stabilify problems. Following this
slide, a series of studies were started, and'they culminated
in the development of the Swedish slip circle method.
According to the concepts of the time, clay uas‘treated as a
purely frictional material in slope stability problems
.(Petterson 1955). Hellan, - a Norweéian civil éngineer with
the Trondheim Harbour Authority, éhggestea in 1917 that, 1in
evaluating the shear strength, the clay should be treated as

a purely cohesive material,. Fellenius later combined the,

_50_
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cifcular-slip surface assumption suggested by Petterspﬁ and
the Hellan pure cohesion'concgpt to develop a comprehensive
;ethéd, known today as the Swedish circle method. Later,
Olsson applied the ¢g=0° analyéis to predict the stability
of  existing and future railway embankments in Sweden
‘(Bﬁerrum.and Flodin 1960). Since .then, the 3=0° analysis
has been -+in steady use in Scandinavia and elsewvhere,
whenever ;tabiiity problems concerning soft clay deposits
have occprredﬁz N
According to the concept of "undrained shear strength"”,
or ¢=0° analysis, a soil shea;ed.in undrained conéitiqns, 1s
assumed to have an angle of internal friction egual to zero.
The shear strength under this condition is the same,
regardles;bzf‘the level of stress used for tgsting. This
shear strength may be determined from léboratory te;ts such
as the unconfined compression, the consolidated undrained
triaxial and ‘phe-direct simple shear tests; 'or by fgcid

tests, .such .as the vane, static penetrometer and

pressuremeter tests.

3.3 ANALYSES OF SLOPE STABILITY BASED ON THE LIMIT
EQUILIBRIUM METHOD \\

3.3.1 .Description -
Various methods of analysis have been suggested for
investigating the stability of embankments and cuts. Limit
equilibrium methods are the ones most commonly used by

geotechnical engineers in these types of stability analysis.
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The theoriegs on vhich most of these methods-are based are
similar in principle tb the wedge fheories of earth pressure-'
;ﬂere a potential sutrface of ruptﬁre‘is assumed;' The
mqtérial abqﬁe this siipJ;urface is coﬁsidgred as a whole
mass, in a State of equilibrium. The'driving and resisting
forces along an assumed slip surface are estimated, enabling
the formulation of equations concerning force and/or moment.
equilibrium of the potential sliding mass for the
ﬁomputation cf the factor of safety which will be discussed
later. .

In limit equilibrium analysis, the calculation process is
customarily repeated a number of times to 1o§ate ;hé most
unfavorable slip surface, also called critical slip surface,
for which the factor of safety has its minimum value. The
‘shape of the glip surface can be influenced by geologiéal
features; therefore, the 'number of trials may be reduced
vhen there is a well-defined digﬁontinuity forming a
" potential weakn#ss plane. . )
In the last few-, decades, more than a dozen slope

stability methods have been developed. They differ in the

assumptions used to render the problem determinate (Fredlund

and Krahn 1977). The most commoh methods are Fellenius',
.Bishop!s simplified, Janbu's simplified, and  .Janbu's
rigordﬁs methods. Others, such - as Spencer's and

Morgenstern-Price'mefhods, are rarely used, although théy

are the only ones that satisfy both the force and the moment
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equilibrium equations simultaneocusly. The latter two
methods require co;siderable coﬂpgter time, making them more
costly. For example, a slope stability problém analyzed by
the Moféenste;n-?rice method reguires six times - more
compute;-timé than when analyzed by the Bishop's simplified
method (Fredlund and Krahn 1977). l

The following presentation is a review of one of 'the most
commonly used stability methods, Bishop's simplified method.
' Tbis method is used extensively in the stability ahalyses of

our study.

v

3.3.2 Bishop's method

Bishop (1955) formulated a method using the concept of.'

slices. This is similar to Fellenius' method which will be
discussed later. ' Bishop took into account ‘the forces
between slices in the equations of equilibrium. He

demonstrated that by combining a moment equilibrium analysis
on the whole sliding mass and an iteration process, one was
able to obtain a factor of safety for a slope. Also, he
showed that a simplified method can be derived from his
orjginal rigorous method and that it dives fairly accurate
results. '

Bishop's simplified method of analysis 1is based on the
limit moment equilibrium of a chosen circular failure

surface of which the sliding portion of the slope is divided

into slices. The basic assumptions of the method are:

L}
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1. "The soil behaves as a Mohr-Coulomb material

(t=c'+0'tan¢’), N
2. the factor of safety is the same for all slices, and
3. the sum of the vertical shear forces on each-side of

. the slices is negligible: (x_+% 0).

n+l
The equation for the factor of safety under the condition

Xd”%+1'O(F1g' 3.1) is:

I(c'b + (W - ub) tansd')/Da
Wsina

*
vhere m = cosa {1+ t__;___ln_g_}_:_l;_g_n_L)

e

For the ¢=0° condition and ¢ =,

//\_Icﬁb/cosu\
Fa—m™—m™m— . "

~— . ~ Wsina
) Ic 2
- u
Wsina o~

3.4  BEARING CAPACITY

3.4.1 Descrigﬁion

In many cases, such as shallow foundations, the load
supported by -the soil is that of a footing. Slip failures
similar to those of‘embankments can occur wifhin .the so0il
mass even if the ground surface is horizontal. 1f the
loading of the footiaakis sufficiently large, the foundation
may fail .by sinking into the ground with the soil heaving

around the footing (Parcher and Means 1968).
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Three different ;;iluré modes have been identified in
bearing capacity problems. They are: the general shear
failure, local shear failure, and punching shear failure.
General shear failure 1is characterized by ar continous
rupture ¢f the surface throughout the foundation- subsoil
(Fig. 3.2(a)) as in‘slope,étability failure. Such failures
may be sudden and lead to total structural collapse. 1f a
foundation failure does not lead to the _sudden collapse of
the structure, then it is called a local shear failure
(Fig. 3.2(b)). This type of’ éailure is Eaused by _thg
generation of a locai shear zone underneath the footing, and
it creates a relatively large améunt of settiemént prior to
the development of plastic eguilibrium. When the‘structﬁral
load 1is very intense or the so0il is relatively loosé,
another form ofr failure, the punéhing shear failure, may
occur. Punching shear failure means the footing plunges
deep into the s0il (Fig. 3.2(c)); the resistancké is providéd
by 'the shear force developed in _tﬁe .s0il around the
perimete} of .the footing and by the bearing resistance
underneath the footing which increases as the footing
penetration increases’ (Lambe and Whitman 1973).
A number of attempts have been made to predict the
structural load at which a foundation failure occurs. Many
theories and abproaches have been developed, .some of which
have shown agreemént with the results of experiments - and

full ‘scale tests.- In general, ' the methdfs of analysis to

TN
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prgdict the ultimate bearing cabacity'of a foundation can be
classifieéglnto the follow1ng four groups:

1. Methods based on active and passzve earth preSSUres
occurring under the footing, : .
2. -slip_; surface methods .of the so-called limit
eguilibrium methods, _ _
3. analyses based on plastic failure of the sﬁbsoil, and
4. direct measurement by loading tests. |
-In the case histories investigated: by the original
authors, only the secondlaqd third types of analyses were
usad. Therefore, to enable a comparison of the results,
only these tﬁs types of angiysgs were considered in this
study. |

-

3.4.2 Slip surface method

The limit equilibrium methods can be adapted, with slight
modifications,° to the' estimation of the bearing capacity of
footings. 3 . |

The 'bestcknown method is the circular arc method, known
. as Fellenius' method. This method was originally proposed
by Fellenius  in 1927 ‘for a strip load applied at ground
level, and was subsequently modified for footings founded
below ground surface. '-Failure of the foatin is assumed to
%7£E place by the heav1ng up of a mass of "scil on on; side
only. '
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The following is -an illustration of the slip circle
method used to predfct the bearing capacity of footings.
The fBundation shown in Fig. 3.3 ig assumed to have Eailed.
by rdtating about a point O, slightly above the ground
level. The rotation failure is  induced by a wuniform

pressure (q) and it fofms a failure arc with an ' angle of

3

8 ., The foundation is located at a depth ,2, below ground

surface in a soil having a unit weight of «v.

The driving'moment about point O is:

2gb {(rsind - b)

The resisting moments about peint O are:

1} The moment due to cohesion along the failure arc:

é

r26c
u

2) The moment due to cohesion along the dlip surface

-,

above the foundation level:

Zc rsiné
u

3) The moment due to the s¢il above the foundation

level :

2Zby (rsind8 - b)

At equilibrium,

2gb (rsinf - b) = rzecu + Zcursine + 2Zby (rsing - b)
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Then the bearing capacity of the footing is:

c, (2r23 + Zraind) + 2Zby (rsind - b)
%~ 2b (rsing —-b)

»

In bearing capacity analysis _using limit equilibrium
methods, the three dimensional . nature 6f-the real problem is
rarely considered. These methods: usually employ the
assumpfion of cyclindriéal failure surface instead of a
nearly spherically shaped one, . The degree »of//eror
introduced by thig two dimensional slip surface assumption

~is not significance according to Smith (1978), unless the
foundation is very deep this will have little effect on the
value of the ultimate bearing capacity calculated.

A similar slip surface analysis, but with slices, is also
included in this study. The method selected to analyze the
rotdtional failure of footing foundations is  Bishop's.

‘method which has beern described in section 3.3.2.

3:4.3 Methods based on plastic failure theory

In this type of failure, the so0il is assumed to be a
mass 6f material having a failure pattern as indicated in
Fig. 3.4. The soil wedge ABC which femains' intact may be
imagined to be pushed down, producing lateral thrusts which
overcome the passive resistance of the soil mésses AFG and

L3
BDF lying to each side of the footing. A state of plastic
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- equilibrium thus exists above the surface GFCDE, the rest of

the so0il remaining in. a state of elastic equilibrium.

Prandtl in 1921 developed an expression for the ultimate
bearing capacity of soils under a strip footing located on’
ground level. The derivation of this expression was based
on the theory ‘of plasFicity. The curved part of the slip
surface was formed from a logarithmic spiral. Under the
"@g=0® condition, the curvature qf' the spiral slip surface
becomes circular (Taylor 1948).

In 1943, Terzaghi investigated the préblem using soméwhat
similar-assﬁmptions for the mechanism of failure. Allowing
for the developﬁeﬁt of friction between the base of the
footing and the adjoining éoil, he derived the following
expression to estimate the ultimate bearing capacity under a

‘shallow strip footing.
q. = c'N_+ yDN_ + 0.SyBN
Ty e T g T TRy

where q, = uItimaté bearing capacity,

c' = cohesion of the soil,

B = width of the footing,

vy = unit weight of the soil,

D = depth to the base of the footing,

N ,N ,N = bearing capacity factors.

The beéring capacity factors in this expressibn depend on
the angle of internal friction of the soil. In ¢=0°

analysis, the factors become N.=5.7, Nq=1.0, NY-O and c=c_. -
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" The expression will then appear in the following aform:
9y ='5.7cu + Dy. ' .

Meyerhof (1951) further extended Terzaghi“s method to
déep and circular foundations: the main diffé;ences lie only
in the evaluation of the bearing capacity factors. Theée
_ factors depend on depth, -shape and roughness of the footing,.
as well as the angle of internal friction .of the soil:

In the case of a circular foundation in a cohesive soil
under undrainéd conditions, the ultimate bearing capacity
(qu) of the soil, according the Meyerhof (1951}, can be
defined as follows:

qu = cuNc + Ksyn

where K_ is the coefficient of eart; pressure Dbetween the
soil and the sides of the foundation.

In a review of bearing capacity theory, Skempton (1951)
suggested that the ultimaté bearing capacity of a circular
foundation on saturated clay under undrained condition is

best expressed by the equation:

q, = cuNC + yD
Skemptbn's ¥, factor is a function of the shape of the
footing and the depth/breadth ratic. According.to Skempton
(1951), the convenient approximation of kc-g is often used

when $=0° and the footing is located at a depth exceeding

two and a half times the width.
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Earlier, in 1942, Skempton had proposed a similar

expressibn that takes into account the adhesion between the

sides of a foundation and the adjoining soil. The

expressién’is basically the same as the previous one but it

has an additionél term for the adhesion effect. )The
ultimate bearing capacity is therefore given by:

= cuNc + yD + caL/A

"

In the ¢ ,L/A term, L/A is the outside perimeter/base area
ratio of the foungafion and ¢, is the adhesion between the
soil and the foundation. The remaining terms are the same

&

as in Skempton's (1951) expression.

3.5 STABILITY OF VERTICAL CUTS

The stability of an unsupported vertical cut in‘totally
saturated cohesive material is often analyzed by the
critical height method. The critical height (H_ ) is the
height at which an unsupported vertical cut will collapse
due to the weight of the soil mass, i

In common préctice, the stability of an unsupported
vertical cut is evaluated by means of the limit equilibrium
method. To simplify the calculations, the surface of the
failed cut shown in Fig. 3.5 is assumed to be a plane
inclined ét an"angle 8 to the "horizontal. The Mohr-
Coulomb failure criterion is also assumed to be applicable.

In limit equilibrium analysis, the soil above the slip

surface is considered as a free body. The normal stress (o)
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and the shéar stress (S). are the two unknowng‘ along the
failure plane. The critical height of a veftical cut can be
expressed as (Chen and Scawthorn -1970):

hir =-$%Ltan6%-h%q

The same expression of gﬁe.critical height can als& be

obtained by means of Rankine’'s theory (Terzagh? and Peck

1967). ' —_— ; oo
When a circularifaﬂgure surface is assumed, a sliéht

reduction of the critical'height would occur. The critical

heiéht corresponding to this additional assumption 1is

(Fellenius 1927):

. 3.85¢"
cT Y

H tan(% + %)

N
A

This critical height 1is about 5 per cent less than the one
obtained according to the plane slip surface assumption.

The above-mentioned expressions used to determine the
’ -~

critical height in vertical cuts are only valid under short:
term conditions in saturated cohesive soils. When the ¢g=0°
concept is appiied, the critical height becomes:

Ca Acu
H - —— -

cr
and for Fellenius' version,
3.95cu
H -

eT Y

A vertical cut of height equal to its H_ . will remain
- stable unless changes in the soil condition occur, such as
the accumulation of surface water in open tension cracks,

application of surcharge load, redistribution of water and

/,'
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swelling in the soil which subsequently decrqaée the shear

strength, etc. (Chowdhury 1978).

3.6 FACTOR OF SAFETY

In stability analyses, there are many ways in which a

factor of safety can be defined. ' Since a number"df

different stability methods are involved in this stuéy, it

is necessary to explore the different definitions of factor
oftsafety, used 4in each mgthod; |

The factor of safety‘qan be defihgd iﬁ terms of various
variables, including height and steepness of slope, pore
water pressure, surcharge loading, etc.. The most -common
basis for defining the factor of safety is to express it as
the ratio of the available unit shear stress (S) to the
unit shear strength (1) regquired to mobilize the soil .

(Bishop and Bjerrum 1960),

F=§

For a second definition of a factor of safety, in the.
case of an assumed cylindrical Lsufface of slidiné, the

equation is: .
RESTSTING MOMENT

F = DRIVING  MOMENT

This expression was tfanfo;med by Fellenius (1927), from a.’
shear strength expression used by Geotechnical Commission of

the Swedish State Railways (Statens Jarnvagar 1922). He
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‘applied this .expression to thé _stability analysis of clay
slopes (Fig. 3.6).

'In almost all stability methods based on limit
equilibrium theories, the factor of safety is assumed ta be
a constaﬁt Qalue along the slip surface although it has been
recognized that the stfess distribution aleong a slip surface
is always non-uniform. Prﬁvidedlthat- the normai and the
shear stresses are known, a local factor of safety can be
.defined at each point along the surface as -the ratio of
shear strenéih to shear stress. Such factors guite often
"show a great desllof variation over the length of the slip
surface. | |

-
in the case of a simple slope, bounded by two horizontal

planes and an incline

or vertical plane, Taylor (1948)
defined the factor of "safety as a ratio between the critical

height (8__) and the act beight (H) of the slope, "

)
Ahother definition of the factor of safety is wused in
shallow foundatidn_analyses.‘ . This factor"of_ééfety is
determined as the ratio of the maximum allowable”‘bearing

capacity of the soil (q;)  "to the applijed pressuré (@) on

the foundation,

.-

e
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In this way, the factor of safety is expressed as a ratio of
: ' A

loads instead of being based on shear strength values or the

height of the slope.

3.7 DISCUSSION

This chapter presents a number cf commonly used_méthods
for the prediction of‘ the stability of different
geotechnicallstructufes. The methods can be divided into
two main categories, those based on the theory of limit
eguilibrium and those based on the pilastic failure theory.
The limit eguilibrium methods used in this analysisrare the
Bishop's method, the circular arc method, and the critical
height method, ., whereas the plastic fail&re methods used are
"the different bearing capacity eéuations. -

All" the limit equilibrium methods have two things in
¢common. . They treat the soil ébové the slip surface as . a
free undeforming body and make assumptions that tréngfbrm
the problem igto one which 1is statigally determinate.
However, the methods are problematic bécausé‘the stress-
strain relétionshiﬁ\ of soils is not taken into account in
the analyses. ,

ﬁhe performance of a slobe is ofteh controlled by its
allowable deformation. . Methods such as the Finite Element
Method have been developed fo‘ tgke this into account.
Héweve; in strain-softening soils, the stress-strain
relationship still cannot be included in simple and

practical-manner in the FEM analysis (Trak 1980).

P
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* Another uncertainty 1involved in a stability analysis is

the three-dimensional nature of the 'prdblem. In usual

procedures, the sliding mass is;QSSumed to be defined by the

geometry of the slope and by an assumed slip surface. The
. ' s
influence-of the resisting forces acting on the lateral

boundaries of the mass is ignored. ' For cohesive soils,
aécordingffo Baligh and Azzouz (1975), -the’' end effect can
lead to a 20 to 30% increase in factors of safety. This

influence depends on the actual dimensions of the slide.
When the width of the sliding mass is greater than 1its

length, the error involved 1n analyzing the problem in two

dimensions is small, and the problem can be treated as being.

in a plane-strain condition.

Both for embankments and excavations, the occurrence and
location of tension cracks can hardly Pe predicted. In
excavations, cracks wusually result from shrinkage or from
sensile stresses associated with a tendencj toward a down-

slope movement, In the case of embankments, there is also

"the effect of differential settlement. Cracking nearly

always occurs in these geotechnical structures, and the
effect of cracking on étability is véry important because

" . -
slip surfaces often start at the bottom of existing cracks.

_depth of possible cracks, any assumptions regirdfﬁg cracking

in the analysis should be conservative (Tschebotarioff

©1973).

?
?

'Since there is no reliable way of predicting the extent and
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.

~The, actual shape of the rupture surface which will
develop is neﬁe} known unless tailurehac;pally occurs. In a
stability anaﬁysis, the usual assumptions made regardiné the
shape'of slip surfaces are mainly based on the observation
of the failures which hgve previously occurred in a
particular region of concerh.

In the computation of the factor of safety in stability
analysis, oné may say .that the methods used are at best
empirical approaches because the deformation aspect of the
soils 1is noi included in the analysis. The factor of safety
cannot be known exa&tiy except when the slope has failed,
i.e. when . it. is known. to be unity. Therefore the
calibration of case histories by back-calculation is
‘necessaryf to determine the reliability of methods for
specific soils and ggotéchnical problems.

As a result, of the limitations of the computational
meg?éds discussed this far, sophisticated methods such as
FEM have been introduced. Though they may give a better
understanding of the behaviour of a soif, at their present

stage of development, the results obtained from such methods

are not mdre reliable than those obtained with simple

approximations. Therefore, from a practical point of view,
there seems to be no additional advantage in employing such

complex methods at this time,

I

Ny

~
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FIG. 3.1 BISHOP'§ METHOD
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(after BISHOP "1955)
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~MODES OF BEARING CAPACI'I'.E;Y ,EAfLURE
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(after SOWERS 1979) /
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FIG. 3.5 CRITICAL HEIGHT METEOD DERIVED FROM LIKIT
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(after CHEN and SCAWTHORN 1970)
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‘Chapter IV

CASE 'HISTORIES

4.1 GENEﬁAL ,

The applicabil'itg of Trak et al.'s (1980) mobilized shear
strength evaluation * technique, discussed in'fdetail in
section 2.7, - is investigated in this chaptér for different
fypes of loading and uﬁloading conditions. Four recentl}—
published case records are discussed: one embankment
failure, two silo failures and - one excavation failure.' For.
each case, a brief description of the geotechnical
propert;gs of the clay dgposit ié Provided, as detérmined by »
the ériginal authors. This is followed by a summary of the
. results §f the stability analyses performed \Ey the same
authors, and a comparison between these results " and the -
ones obtained in 'thi; study. All the anélyses Jvere
performed ‘in terms of total stresses using the relevant

numerical methods described in chapter III.

_74_
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4.2 EMBANKMENT FAILURE " . .
rd i :

The «ﬁf0-2kg method was shown by Trak et al. (1980) to
give satisfactory results in analyzing the stabiiity of
embankments on soft sensitive clay deposits in Eastern~
Canada. The method was also used for embankment failure on’
soft clay deposits in other parts ‘6§ the world, put; uith'
the exception of'an.embanﬂmehgﬁ on Bangkok clay in Thailand,
the results were not as Ssatisfactory. It was therefore.
decided to verify the conclusionsjof:Trak et al.'s {1980)
study by analyzing another embankmeni} failure on‘é -séff
Bangkok c¢lay deposit. 'The case study chosen for this
purpose. is a test embankment reported by Brand et al.

(1976).

-

4.2.1 Embankment on Bangkok Clay

v

An~e§ten§ivelfese§rch program was conducted by Brand et
‘al. (1976) at a. 400 m x 400 m “test site ét Bangpli,
southeast of the city of Banékok in Thailandg. The research -
program consisted of 5 large number of Dutch cone andlfield
vane tests. carried out beneath a full scale embankﬁent of
20 m.width,.loadea to failure. ' The tests were run in order
- to derive a correlétion between the Dufch cone and the field

vane test data..

> -
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4.2.1.1 Geological and geotechnical de&cription

Bangpli is located near the coastline of the Gulf . of

" Thailand, about 25 Km southeast of Bangkok. Bangpli,, like
. - v .

the city of 'Bapgkbk, is underlain by a‘so%t clay deposit of
marine-origin, known as Bangkok clay. This clay extends
over the largé Chao éhrayaﬁPlain and varies in thi¢kness
from 10 to 29 m. A typical profile of the subsoil at
Bangpli is shown in Fig. 4.1l. The subsoil in this region
can be divided into the following layers (Moh et al. 1969):
1. -weaﬁhered zone pf dark Qray clay which forms "an
apparently hard crust to a depth of ébout 4 m;
2. soft, highly compressible, dark. gray clay beneath the
veathered zone and .extending to a depth of about
15 m:-
3. stiff, often fissured, Iight gray and brown clay to a
" depth of about 20 m;’
4. sand and gravel beds with some sandy clay, which
occur alternatively to a depth of at leaét 300 m.

The upper two layers were récognizedlﬁy Moh et al. (1969)
as Bangkok clay which was deposited on the margins of a
shélloQ proggading Tertiary sea. In the ;arly stages of
deposi?ion, sedimentation of the clay took place over the
al&@viﬁl; iayefs of sand and gravel which were deposited
befége: the prograding _moﬁements. The sea ‘level fose a

P

second time, and a new .clay layér was deposited. Finally

the water withdrew completely; the siurface of the most

-
' 4
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recently deposited soft clay was eXposed‘to'weathering, and,
thus, the_desiécéfed clay crust was formed..

As reported by Brand et al. (1976}, the rénge of gnatural
moisture content of Bangkok_clay ié between 50 to 150 pé#
cent depending on the depth and the distance from the
coastline. The 1liquidity index of the clay is generélly
close to 1.0, Léadhing of pore fﬁuid has left -the ¢lay with
a sensitivity varying from 4 to 12.

As shown in the geotechnical profile in Fig. 4.&, “the
water content and Atterbefg 1imits -of the clay ' at Baﬁgpli?\Q“‘ﬁ_
indicate a «clay stratum with different characteristics -
" between 10 m and 15 m depth. The plasficitYQanén_water
content of this stratum aré different frpm those of
ov;rlying strata because this clay was deposited during a

4

different geological era.

4.2.1.2 Undrained shear strength .

Vane tests on Bangkok clay at Bangpli were c%friedlbut
using a 13 cm x 6.5 cm vane rotated at a rate of 6 degrees .
per minute (Brand et al. 1976). The undrained shear
strength values measured by this vane borer at vertical
intervals of approximately 1 m are shown in Fig. 4.1. -High
shear %trength values were recorded in the extensivelf§
desicqatgé&clay ,qrust. It was found that the undrained

shear strength of‘thé;clay decreases with increasing depth,

reaching a minimum of 9.8 kN/m* at a depth. of 5 m. Below
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.this level, the shear strenéth increases linéarly' vith
'depth. The avérage shear strength of/ég; strata was found
to be 24.8 kN/m‘_(Bgand et al. 1976).
'4.2.}.3> Prgconsolédation pressure r

The veafhered zone of -‘the clay at Bangpli is easily
identified because of its +high overconsolidation ratio
(OCR). The highest value of OCR in this régipn, as recorded
by Brand - et ail} (1956). was egual to 3.3. Below the
weathered crusg _;nd.dogn to a depth of 15 m, the clay is
éiiéhtlﬁ overconsolidated tFig.. 4.1).

A;l the“pfecodéolidation bféssﬁre values in Fig. 4.1 were
established from oedometer tests, with a load increment
ratio ( ig/o) of lLO ;nd a load duration of 24 hours, on
'quisturbed' soil speéimens measuring 64 mm in diameter.
The specimens uefe obtained from continbus‘samplinﬁ using a
250 mm diameter piston sampler and thin wall sampling tubes
at 1.0 m intervals. - '

4.2.1.4 Fill C e
| The test embankment at Bangpli was a compacted sand fill
3.3 m high, and 9.2 m.wide at the top, with a berm 1.2 m
high and 10 m wide. The sides of the embankment were sloéed
at a 2:1 ratio (Fig. 4.2). .
In the stability analysis of embankments, one of the

important problems is to simulate the fill condition at
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failure. The assumed mobilized shear strength values of the

£ill material are ‘néﬁafly based on the appearance of'

vertical tension cracks in the embankment. Brand et al.
, (1976):. observed no such cracks in this case and assumed

c'=0 and ¢=37° for the mobilized shear resistance.

4.2.1.5 Stability analysis

Analyses by Brand-et al. (1976)

The analyses which Brand et al. (1976) performed vere

based mainly on the Dutch cone measurements. Besides the
shear strength obtained- from Dutch cone tests, an average
— ‘

field vane strength ‘profile was also Used 1in the sgabili;y
analfses. All the stability analyses were performed ﬁ§ing

the Swedish method of slices, alsc.called the Felleniuss

method. . This method gave a calculated minimum factor of

safefy of 1.2 for the failed embankment based on field vane
results and the authors indicated that the mobilized shear
strength associated with the embankment failure was egual to

83 per cent of the field vane strength.:
: ) .
Analyses based on field vane strength values

Because high vane strength values vere observed in gpe

desiccatedl:anbkok clay crust at Bangpli, three assumptions

of the crust strength which differ fron.the average'shear
strength assumption used by of Brand et al. (1976) have been
made and compéred in the analyses, The assumptions were:

(1) The full strength assumption with an increase of shear

-
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strength up.to 23.5 EN/m' near the surface; {2):the mid-

depth strength assumption withy a constant strength of

17.6;kN/m= between 0 and 2, m;’ d (3) the minipﬁm strenétﬁ

assﬁmptioﬁB of 12.3 kN/m? throughout the entire weathered

stratum (Fig.“4.2). _— ¢

= . . Since the shape of the actual failure surface vas nearly
circu;at (Brand et al. 1976), the g=0° stabiliiy analysis
i ' was performed using Bishop's simplified method. All the

analyses in this case, as well as in other Ccase studiesf
vere carried out wusing a comﬁuter'prog;am (Lam and ‘Tqu
19921. From ‘the result§ p;ésented in .Table §.1, it cap'be'
seen that the computed factors of safety, inéluding the
observéd‘and the critical'circles (Fig. 4.3 and 4.4), vary
from 0.97 to 1.24 depending on the combination of

: . x _ .
assumprgﬁi\‘ It-is also interesting to note that the trend

~of 'the factors of safety computed on the basis of different

fill strength :assumptiéns, from 4the fully mobilizea £i1l
§trehgth (df££f37° and c';O), io. the presence of fissﬁfes.
are almost identical éor ;ny giQen crust strength assumption
(Table ¢.1). | -

The results shown in f;blé 4.1 demonstrjte that the éﬁear

strength of the subsoil is _ﬁrobably both underestimated and

_overestimated, when respectively, minimum and maximum crust

shear strength assumptions are employed +in the stability
analyses. The most reliable . stability prediction based on

backrcalculatioh»of this cLse study was obtained from the



unity (Table 4.1). .

. I
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analysis which utilized the mid-depth - strength asSumpt{SB.'

These calculations gave factors of éﬁfety, very close to
-~ : - ) _

3
[

Stability analyses usihgtu'o-nt‘!; .
— ¢ L

The éﬁﬁbﬁliiyrﬂof.the Bangpli emﬁankment :was also back
calculated using the same geometty of embankment and fill
strength assumptions, but the shear strength of the subsoil

was taken &s .*equal to cu4122°; (Fig. 4.2). - The

-

‘ preconsolidation pressure (U;) values used here are the ones

given by Brand et al. (1976). " In comparing the

profile te the vane strength profile, it is -of intergst Eq
nofe,that the values obtained at each corresgopding deéth éy
using the Cuﬂlzzﬁ; method-are generally 27 per cent smxﬁier‘
than the uncorrected vane strengths. ;This- percentqgf i§
very clbse to the amount of reduction .-{30%) used in
Bjerfum's correction ap_proac!}“. ‘

The results of the analyses using the C04122°; expression
and the poiitions~of-the critical slip circles are shown.in
Table 4.1 and Fig. 4.5, respectively. All the factor of

safety balculatgd are close to unity even in the « case of

different fill strength assumptions. iléq, it ‘can be seen

from Table 4.1 that the stabiliiy ané@yses\.using the
cu-OJmo; profile yield " values similar to the ones obtained
by using t@e corrected vane strength prgfile with a mid-
depth crust -strength assumption. Both methods used for back

calculating the stability of the Bangpli embankment after

-

-
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failure gave a factor of safety close to unity. It can be

concluded that the cuﬂl226;3‘method provides satisfactory

résults. in -deéermining' the mobjlized shear strength of
‘ AR ; i

Bangkok clays‘under embankment loading. This method is also
more convenient to usé'thannrnjérrum's method because no

arbitrary selection of the crust strength profile is

:'equifnq:e\.\db

.

\

¥

4..3 BI?.ARING CAPACITY FAILURE%
In 1973, Bjerrum. had shown that the vane streéngth

correction factor (u) developed for embankments could also

‘be applicable, “to shallov ~foundations. /Zhsggﬁoré. the

expression cédxzzc; could alsoc apply to.fbearing capacity
problems as ‘suggested by Trak (1981).

In the fo{louing sections, two silo foundation failures
are exaﬁined. ‘One "is in 51 varved clay deposit .at New

Liskeard, Ontario; and the " other “in the slightly

overconggiidatéd marine. clay deposit at Vankleek Hill, also

in-«Ontario.
. Cx

4.3.1 New Liskeard (silo)

A silo located approximately four miles north of 'Ne
Liskeard in NorthernVOntario: Canada, failed in July, 1961,
The structure was founded on a soft clay deposit. o ?
failure of this silo was studied by-Eden and Bozozuk (1962)

and Bozozuk (1977},



'g‘ , .;63

4.3.1.1 Geological and;geoteghnical descfiptions”' -'fj
ﬂ New Liskeard ‘is on the edge of the vast pre-glacial Lake
Barlow-Ojibway clay plain in northeastern Ontario, which was
deposited during th? Pleistocene perio@. Tﬁis region is
also known as “thQZPittle Clay Belt. Thé?subsoil éonsiéts
mainly of varved silty clays vith_altefﬁating clay (dark)
lﬁyers. " and clayefzrsilt (light) layers. Such EBastern
Canadian varved clay deposits '.9rg usually normallj
consolidated, or slightly overconsolidated (Soderman and

Quigley 1965; Lo and Stermac 1965; and Stermac et al. 1967).
‘As reported by Eden ﬁnd, Bozozuk (1962), twvo boreholes

"

were made about 4 m from the failed silo ocutside the failure

zone.. In one of the boreholes, thin' walled samples were
taken from depths of 1 to 10 m at about 1 m intervals. Vane

tests were made from the 1.2 m level to a depth of 14 m in

the other- borehole; these tests were carried out using a

10 mm x 55 mm Geonor vane, Additional vane tests - vere

conducted at an undisturbed .area approximately 30 m from the

foundation. . N
The soil profile (Pig. 4.6) shows _that the subsoil
consists of slightly overconsolidated VS;::;lclays up to a

depth of more than 14 m, with a 1.5 m weathered clay crust.

Between the depths of 1.5 m and 6.7 m, the soil was found to-

-

be very sensitive.
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4.3.1.2 Structure ‘
The silo was built of precast concrete %taves, ?nd had a
sheet aluminum dome roof. The -height was 15 m and the

inside diameter 6 m. The silo was constructed on a concrete

base ring, with 6.7.m outer and 5.5 m inner Qiameters. The .

ring was 1.5 m high and founded at a dgptﬁ of 1.2 ﬂé Pour .

clay' tiles which passed through the concrete ring were
installed to drain off the excess ;ilage juices at ground
level. The foundation ring was roughly cast, and provided a
good adhesion between the soiljand the concrete.

According to Eden and Bozozuk .(1952), the weight of the
structure vas estimated to be approximately 55 metric tons,
The foundation ring and the  soil retained in. the 'ring
ueighed'éppfﬁijmately 52 and 55 metric tons, respectively.

The silo was located abou£‘9 m from the corner of a barn,
Before the failure, about 30 cm of topsoil had been remo@ed
from one side of the silo in‘ order to pave the barnyard.
The pavﬁng was to extend from the bdrn to within 0.9 m 6!

]

the silo, -
4.3.1.3 Pailure “

Thg failure occurred on July 24, 1961,. one day after the
silo was 'filled to capacity. The loading had sfarted on
July 15;. On the day of the silo failure, a slight tilt was
' observed and it became more pronounced toward early

-afternoon. Pinally the silo failed and the structure broke

e emmmam !
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:into sections on falling away from the .area of the 30 cm
topsoil excavation (Fig. 4.8; Eden and Bozozuk 1962).

Prior to faiiure, it was noted . that the drain tiles 4didf"

"not functxon and that the silage juices had seeped under the

foundation ring, ~bubbling up to the surface near the

A
foundation.

-4.3.1.4 /Undrained@ shear strength profﬁles

As mengioned in section 4.3.1.1, eane tests uere.made
{Eden and' Bozozuk 1962)  in one of the two boreholes at the
site. The shear strength values ©btained are shown in the
soil profile of Fig. 4.6. The first 1.5 m of the subsoil
consists of a weathered c¢lay crust with heasured shear
strength values of up to 24.5 kPa. Below 1.5 m, to about
6.7 m, the clay is very soft and seneitive with vane
strength values gradually increasing eith depth.j. A minimum
strength of about 12 kPa is found at a depth of 1.5 m.

A eecond.shear strength profile is derived from the
preconsolidation pressure profile by using the expreesion
caro.ZZo;. The pfecdhsolidation ﬁressure brofile
i?ig. 4.6) indicates that the soil is slightly
overconsolidated with OCR values ranging from 1.1 to 1.9.
An unueual featere of this profile is the drastic increase
in o; values betveen-i and 5 m. The.ehear strength profile
computed using these °p values has more or less the same
shape as the one meaaured using the field vane, but smaller

in magnitude (Fig. 4.7). . >
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4.3.1.5 Stability analysis -
Analyses by Eden and Bozozuk (1962) hnd Bozozuk (1977)

Bearing capacity analyses were performed. by Eden ‘and
Bozozuk (1962) wusing Skempton's (1942 and 1951) . and
Meyerhof's (ESSI)‘bearing capacity equations, and éellenius'

« method. The load of_thé silo at failure was. estimated to be
449 metric tons (grass silage: 314 téns, and structures and
foundation: 135 tons; Bozozuk-lS?Z). The shear strength
value used in the analyéés was the-ariﬁhmetic mean of all
'the measured shear strength values between the bottom of the
footing and a depth below the fo;ting equal to two thirds of
its diameter. The. average estimated shear strength is
15.6 kPa. The factors of safety calculated using the above
methods are ° shown in  Table 4.2: the lowest value
correspondinq ﬁo the 'Peating capacity .equations is 0.97,
however a slightly lo;er factor of safety of 0.94 gaé

obtained by using the Fellenius' method.

Stability analyses based on vane strength

A ne@ stability analysis was performeﬂ in this study,
based on ‘the vane étrength profileh (Pig.. 4.7) and using
Bishop's simplified:ﬁethod. The results are also shown in
Table 4.2. 1t should be noted that the shear strengtﬁ
values were reduced, vhen applicable, by applying a
correction factor of .85 (Ip-3§t) as suggested by Bjerrum
(1972). The stability analysis results indicate that the

use of Bjerrum's vane strength correction factor was

A

»
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necessary to bring the factor qf-safety_clgsér “to.unity in

'the Back-calculapidn; \ o L -

‘Limit:equilibrium anal&sgs_using the Bishop's simplified

methpd gave factors of safétf'of 1.31 and‘l;ZB; _ with the

maximum >and the minimum crust .strength assumptions,

respectively. . In order to - make comparisons ‘between

.different 1limit equilibrium méthods,' _analysés using  the

Fellenius' methddr‘vere'also'-conduéﬁe& .(Fig. 4.8).  The

factors of safety /obtained by Epis method  were mucthIOSgr

to unity than Bishop's simplified method, -haﬁing magnitudes

of 1.07 and 1.03, respectively, for the same crust strength
assumptions.

For analyses using bearing capacity equaiions, Skemptbn’s

(1951) equation gave factors of safety of 0.97 ‘and 0.94,

with maximum and minimum crust s;rengfh assumptions.  When

Skempton's (1942) equation was used, where soil adhesian . is -

included, it gave factors of 0.99 and -0.95, with the same

assumptions. _qsing Meyerhof's formula, the factdrs of

safety were found to be 1.08 and 1.05 for maximum and

minimum crust strengths, respectively. The closest value to .

unity vas obtained by combining Skempton’'s (1951) equation

and the maximum crust strength assumptioﬁc

All the factors of safety computed by using Bjerrum's :

(1972) correction approach (Table 4.2), except the qhes

determined by the limit equilibrium methods, are vefy clase

to‘lpnity. This may indicate that it is probably not

AN
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suitable to use the limit equilibrium method with Bjerrum's

correction factor for analyzing bearing capacity failure.

$tabili¥:y analyses using cu-o.zzu;'

Similar limit équilibrium an@ bearing capacity analyses,
using the shear strength |, pfofile. determined from the
ﬂ;o.zzc;' 'expression, .;ere also performed in Fhis study.
The results of these analyses, shown in Table 4.2, indicate
that the calculated factors-bf safety have values.close to
unity, with the exception of Felle;ius'_ﬁethod.‘ Comparing
‘these results . with_the resultg of . the analyses using the
vane strength profile, the factars of sajety'defermined by
Bishop’'s method gave values close’. to the u;;o;rected ones
with ﬁaximum and minimum crust strength .éssumptions.
However, when bearing capacity equations‘uege used, they
gave values which were clogér _io qhé cofreétedr‘fac;ors of
safety than to the uncorrected ones. . This phénomenon is
attributed to the differen; assumptions Eg;v;eh ;he_limit
equilibrium. and the bearing capacity analysés’;and7_the
different ways of defining the factor oglsafety.._ But,
irrespective of the type of mgthdﬁ. ﬁg;d;’ satisfactory -
results were obtained using the‘é&4£22§;fmethod vithout fhg
need for making any arbitrary"crustw..s;;ength assumptidns,

wexcept for Fellenius' method. y | ,fﬁipf;_ o
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4.3.2 Vankleek Hill (silo)

A second silo, located _at Vankleek Hill suddenly
overturned on September 30, 1970. Like the silo described
above, it was also founded on a soft clay deposit. But
instead 9f being founded on a varved clay, this silo was
founded on a Champlain Sea 'cléy deposit in the St. Lawrence
19vlands; 7
4.3.2.1 Geological and geotechnical description
The site of Vankleek Hill is located on the marine clay
depos}t vhich overlies the major part of the Ottawa-
§5/ Lawrence lowlands and is known as the Champlain ‘Sep
clay. Aithdughb, Champlain clays have ‘not been
preconsolidateé geologicallgg' they have developed a quasi-
. preconsolidation due to: the effects. of aging and pos#ibly,

thixotropic hardening. JThé geological origin, formation and
. extent of ~Champlain clays have been studied in detail by
“Crawford (1965) and Soderman and Quigiey (1965).

Contingobs :"undisturbed® 50 mm diametef pisﬁbh‘ samples

vere taken‘by Bozozuk (1972), using a NGI 'soil sampler about

~18 a away from the silo. The sampling extended to a dgpth
of 10 m. In situ shear gtfength values were measurea by
means of a 55 mm x 110 mm Geonor vane to a depth of 19.6 m,
which was the depth of refusal.

The soil profile shown in Fig. 4.10 indicates an orgaﬁ?é

topsoil, about 0.3 m thick, overlying a 3 m desic¢cated red
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brown silty clay. The layer between the depths of 3.4 m and;
10.3 m consists of soft grey silty clay, exceﬁt for a ﬁhin
silt layer at a 4.5 m‘dépth. The grey silty clay contains
some black mottling commonly 'found in the Champlain clay
deposits of that-region. The Atterberg tests indicated that
the average plasti;ity index of the layer is 36 per cent.
Except for the silt layﬁr at thé 4.5'm level, B85 to 90 per
cent of the soil parfiq{es f;ll' within the clay size
fraction. Sand is completely absent from the s;il profile.
The average initial-void fétip is approximately 1.5 for the
desiccated crust and about 2.5 for the soft clay":%ying
below. - — |

Bozozuk (1972) conducted a number of consélidation tests
on specimens of 2.5 cm diameter with a loading ratio (ac/c)

of 1/2. ~ It was determined that the soil is slightly

overconsolidated. A detailed preconsolidation pressure

profile is shown in Fig. 4.10.

4.3.2.2 Structure _ )

The silo was constructed in May, E;S#b; : The structure
was 21 m high and consisted of a .6 m . inside diameter
reinforced concrete tube with walls 16.5 cm thick. A 10 cm
thick concrete ioading chﬁte, cast monolithically with the
main walls on the outside, extended for the full height of

. the silo. The structure was constructed on a concrete ring

%cundation having a 7.2 m outer, and a’i;g)m inner' diameter.
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No floor was provided.  The ring was placed direétly in an;
excavated trencp, 1.2 m in depth.

The average-Unit weight of the concrete was determined by
Bozozuk (1972) to be equal to 22.1 RN/m*. Based on this
‘result, the weight of the structure was estimated to be
166 metric tons, and th? ring foundation, 49 metric tons.

The silo was located at the corner of izcconcreté apron,
21 m wide, 30 m 1long and 10 cm thick, placed on_20 cm of
fill. _The apron was approximate;y 8 m avay from the main

barn.

4.3.2.3 Failure

On September 30, 1970, the silo suddenly overturned;
ﬁuring the summer before the failure, the silo had béen
filled with abbd} 15 m of hay silage. The silo was later
reloaded with corn silage. It was estimated by Bozozuk
{1972) that the weight of sfilage at the time of .failure was
about 464 metric tons, because a considerable guantity of
silage juice ﬁggm the corn had escaped through the drainage
ports at theQ'baSE of the silo, causing a reduction of the
original weight.

When thé silo céllapsed, it tipped in the direction of
the loading chute onto the paved apron. On the opposite
side of the silo, the éoilmheaved beyond the apron.

The pogition of the ring foundation following the bearing

capacity faiflure is shown in Fig. 4.11. The final position
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of the foundation had an inclination :of 50 degrees from the
horizontal; whi;h is identical to that measured in the New
Liskeard failure. One énd of the silo heaved approximately
1.8 m, while tKe oppééite_ehd sank 4 m (Bozozuk 1972). The
guantity of the soii heaved could not be measured because it
had been removed prior to investigation. From the position
of the failed silo, Bozozuk (1972) lconstructed the circular

failure surface shown in Fig. 4.11.

4.3.2.4 Undrained shear strength profiles

‘ As mentioned previousiy, after the silo failed, vane
tests were conducted by Bozozﬁk (1972) at the site. The
fesults of the tests. are shown .«n the soil profile
(Fig. 4.10).l The shear strength vélues vary from a high of
about 98 kN/m! in the desiccated crust at a depth.of 1.5 m,
to a minimum of 9.8 kKN/m*® in the soft grey silty clay at
3.7 m _ depth. From that point, the strength increases
gradually with increasiég depth to about 78.5 kN/m? at 18 m.

. .According to Bozozuk (1972), the clay .is extremely
-sensitiQe; with a range of sensitivity from 6 to 22 for the
desiccated crust and from 20 to over 100 for the rest of the
deposit. .

'.The shéar strength profile obtained from the expression
ﬁ;o.zmg, is shown in Fig. 4.12. The preconsolidation
pressures were derived from ' oedometer test results (Bozozuk
1972). This profile has a similar shape to the }ield vane

strength profile, but the shear strength values are smaller.
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In the desiccated crust, these values ranged from 30 to
40 per cent of the in situ vane shear strength values. In
the‘si;ty clay below 4 m depth, ' the differénce between the
CuﬂLZZU; and the in situ vane strength values remains
approximately constant, the former being 76 per cent of the
latter (Fig. 4.12). The minimum strength of the.ch'O-ZZU;
profile wvas found between 3.4 m and 4.3 m depth, and is
‘ approximately equal to 11 kN/m?. | ‘
~In addition to thése profiles, another shear strength
profile was also constructed by Bozozuk (1972) using the
results from anisotropically consolidated undrained triaxial
tests. The average shear strength value was found to be 63

per cent of the in situ vane strength.

v

4.3.2.5 Stability analyses

Analyses carried out by Bozozuk (1972)

" The silo failure was analyzed by Bozozuk (1972), wusing
three different profiles of undrained shear strength:
(1) the in situ shear strength measured b;wv;he field vane,
(2) the.field vane strength corrected for the inclination of
the failure _surface by means of laboratory vane tests at
various inclinations, and (3) the triaxial (CAU) strength.
The average shear strength values of these profiles are

27.1, 23.9, and 17.1 kPa, respectively.
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The same bearing capacity formulae as the ones used in
the Neul Liskea;d analyses were used to analyze this silo.
.fallure. According to Bozozuk (1977), the total weight of
the structure incluaing the weight of the -silage was
estimated ;t 672 metric tons. The factors of safety
computed by Bozozuk {1972), using different'formulae, are
shown in Tgble 4.3. High factors of safety, ranging from
1.10 to 1,24, were found when usiné the.average in situ vane

strength in the analyses.

-

Vane strength analysis

. Similar analyses were performed in this study. But
instead of employing the aberage shear strength of ;he
subsoil, the shear strength value was taken as the weighted
average along the slip surface as determined by Bozozuk
(1972). Also in these analyses, three different crust
streﬁéth assﬁmptions vere conéidered. Theae-assumptions
were: (1) the maximum crust strenggﬁ, (2) the minimum crust
strength, and (3) fhe m?d-depfh crust strength, as described
in section 4.2.1.5. The results are shown in Table 4.4.

In addition to the bearing capacity formulae of Skempton
(1942 and 1951), and Meyerhof (1951), the failure of the
"silo was analyde by employing two .li;;t equilibrium
methods; the ordinary and Bishop's simplified mefhods. The -
results of these analyses are also shown in Tabie‘4.g.

The factors of safety determined using the Skempton

(1951) bearing capacity éﬁuation were smaller in magnitude

-
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than the values calculated by means of the other two bearing
capacity equations. For the minimum, the mid-depth, and the
maximum crust strength assumﬁtions, the Skempton equation
gave factors of safety Of 0.80, 1.12,  and 1.52,
respectively. These values, except the éne based on the
assumption of a minimum crust .strength, indicate an
overestimation of the factor of safety if the vane shear
strength is IUSed in the calculations._ However, when the.
Bjerrum's correction factor of .86 ,(Ip=36%) is applied in
these analyses, the last two factors of safety are réducgd
to 0.96 and 1.31, respectively. o, )

The factors of safgty 'against bearing capacity failure
were alsé eétimated using Meyerhof's equation, but factors
much greater'than unity were obtai;ed. “

One can observe that the best results are obtained from
the bearing capacity analyses when the corrected ~mid-depth
crust shear strengtﬂ assumption is combined with Skempton's
egﬁations.

The _ results obtained us;ng limit equilibrium methods
(Fig. 4.13) generally gave higher values ;hen the maximum
and mid-depth crust ° stréngth . assumptions were._ used
(Table 4.4). Even when the Bjerrum's correction f;ctor was-
applied, éhe factor of safety associated with the maximum

crust strength assumption was reduced by only a small

magnitude.
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Stability Bpalyses using cu'0-220l') ) e

A stability analysis of general fai;ure of the Vankleek
Hill silo was also condﬁcted as above, but this time based
"on  shear: strength values estiméfed by the expression
ﬂ;©.220; . For a comparisdn with the results‘of ana1y§es
carried out by Bozozuk (1972), two methods of estimating
the shear strength of the subsoil were used. First, the
shear strength was expressed as an average.  shear strength
of the subsoil. Secondly, a weighted évgrage of the shear
strength along the actual slip surface of the silo was
galculated: The results of these analyses are shown
together with the ones of previous analyses, in Tables 4.3
and 4.4. All estimates of the factor of safety, excépt the
ones calculated by means of Skempton's (1942) and,Meyerhof;s
(1951) formulae which use the average shear strehgth of the
subsoil and the one calculated using Meyerhof's formula with
the average shear strength along the slip surface, have
values close to unity. These anélyses show that the
eipression cddngc; is quite adeguate to obtain the
mobilized shear strength of the so0il under 'a shallow

foundétionﬂloadiné.
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4.4 VERTICAL CUT PAILURE

, ¢ -
Having shown some results suggesting the applicability of

his vane strength correction method to bearing capacity
failures (Fig.l1.2), Bjerrum-(1973) also proposed that the
same approach could be applied to excavation problems
(Fig.1.3). _;,Sil:lce. the.cu-0.220l') method was derived from the
same principles as in Bjerrum's method, it should also be
applicable to cuts and unsupported excavations (Trak 1981).
The following 1is a case study of the failure of an
A unsupported vertical cut in soft clay, analyzed by this
approach, ' "

4.4.1 Welland Canal

A 13.4 km long cut for- the realignment of the southern
half of the old Welland canal necessitated the excavation of
about 3.2 x 10’ cubic meters of earth. To ensure the safety
of the excavation, a‘field test to study the behaviour of
deep vertical cuts in soft clay deposits was conducted by
Kwan (1971). Duriﬁg the test program, in situ she;r
strength was recorded and the pore pressure behaviour and

- creep characteristics were studied.

4.4.1.1 Epologféal and geotechnical description

Welland 1is located 1in Ontafio, about 17 km west of
'Niagéra Falls. The canal is 106.7 m wide with a uatef-depth
of 9.1 m. It joins Lake Erie to Lake Ontario. The whole

region lies on.an area called the Haldimand Clay Plain,

i



o

. 7 98

A typical subsoil profile of Welland is shown in

Fig. 4.14. The overburden is about 27.4-m thick, and is
composed of lacustrine clays, clay tills and a non—plastic
till, Two different kinds of lacustrine clay, ‘stfa;ified
and non-stratified clays, can be found. A detailed
description qf the subsoil of this region can be found in
Kwan (1971):

1. a weathered and desiccated lacustrine silty clay
layer with stratified clay bands extends to a depth
of about 6 m. Closed fissures exist throughout the
uholé layer; - k

2. a reddish-brown clayey silt layer about 7.5 m in
thickness containing sand and subangular gravels
extends to a depth of 12.5 m;

3. a layer of stratified clay withwv =49%, w =62% is
found down tc a depth of 15 m; |

4., a reddish-brown, occasionally layered lacustrine
silty clay with gravel is found between 15 and about
18'm;‘ . 5

5. a 2 m thick stratified claﬁiq}ayef similar to the one

| mentioned in point 3 is found at 18 m;

6. finally, the last two strata are of about 3 m in
thickness and are composed of silt and clay in the
top stratum, and a sandy silt layer in the lower one.

All these materials were probably deposited -during. the

Pleistocene age.
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As it can be seen from the soil‘profile in Fig. 4.14, the
amount of clay content in the soil increases with depth
until, at 16 m, the homogenous lacustrine silty clay layer
is reached. - '
- ~
4.4.1.2 Undrained shear strength and preconsolidation
pressure
- A number of vane tests were carried out by Kwan (1971).
The results of these tests are shown in Fig. 4.14, and
indicate that thé deposit is characterized by an almost
constant shear strength value of about 48 kPa, except for
the top é m ihere higher values were measured.

As shown in Fig. 4;14, the preconsolidatioﬁ pressure
profile 'indicat;s that the Welland clay above 10 m is
slightly overconsolidated with an OCR of 1.8. For the clay -
below the 10 m level, the preconsolidation presﬁure

incréases'grgdually with depth,

4.4.1.3 Excavation

The excavation was carried out in the late winter of
.1967. It involved the removal of the top 5.2 m of
desiccated layer, followed by instrumenting and excavating
‘the trench. The final stage, vhen the trench was cut to an
average depth of 9.1 m with a length of 15.2 m, took about 4
days. To ensure no 'end effects’', two vertical trenches

were cut along the side of the instrumented trench

(Fig. 4.15).
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During the entire excavation period, precipitation was
low and daily temperatures averaged -8°C, rarely dropping

below -18°C (Rwan 1971).

4.4.1.4 Pailure

The failu;e of the trench occurred on the 22nd of
February,‘ four days.after the end of.excaQation. The day
before the failure océurred, a.sump was excavated on top of
the vertical block in an attempt to break the frozen,
surface. Water-‘was pumped into the sump. It was found that
all the water seeped to the side trenches éhrough a hair
line crack which had developed across the sump. This first
tension érack was located af a distaﬁce of 6.4 m from the
vertical face of the trench. A post-failure measuremeﬁt
indicated that this crack had a depth of 3.7 m.

ﬁiputes before the collapse qf"the trench, cracking
noises of increasing volume wére - heard. It was reported
that the trench seemed to fail like a "free-falling body".
The final rupture surface was\lécated at a distance of about
4.5 m behind the vertical fafe instead of continuing from
the first tension crack. | The break line on the top of the
verfﬁcal block was semi-elliptic‘iq shape, vherea; the first
tension crack ran‘ parallel to the cresfj of the vertical
slope (Fig. 4.15).

According .to.the post-failure measurements taken by Kwan

f(1971), the width of the fissure was 1.5 m, and its depth‘



101
was eStimated to be 6.1 m.- A .thin layer of organic

substances and roots was found in the fissure.

-

4.4.1.5 Stability analyses =~

Stability analyses by Kwan - (1971)

Kwan (1971) carried out various back-calculations to
analyze the stability of the verticél cut failure in Welland
clay. ' Stability methods such as critical hgight (H = 4c /Y )
and conventional slip circle methods (Fig. 4.16) were U;Sﬂ
in the back-églculatiops. The shear'étrggg;h'values uQed in
these calculations vere obtained from triaxial quick tests,
and the results of these.;calcuidtions are . shown in

Table 4.5.

Stability analyses based on vane strength

Stability analyses were conducted in this study using the
critical height equations and the simplified Bishops method.
The results of these computatidns_ are shown in Table 4.5.
The shear strength profile of the subsoil as determined by
vane testing (Kwan 1971) was ' used in Bishop's simplified
method. According to Bjerrum's (1972) cprreétion approaéh,
no correction on the vane shear strength yalues is required
becéuse the plasticity index of the clay at Welland is 20%
(Fig. 1.1). This method yielded a factor of safety ofkﬁ;Gl
showing that this limit equilibrium method does noﬁ se;m to
give an appropriate estimate of - the failure of the Welland

vertical cut.
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 The critical height equation {H = 4ﬁJY) was aiéo ﬁsed to
‘évaluate the'étability of the cut. . An average vane strength
"of 47.9 kPa and a weighted average of the unit weight of the

soil, within the range of the 9.6 m cut, were employed ih'

the analysis. Consequently, a critical depth‘of'lo m was

* obtailed and this yielded a satisfactory safety <factor of
1.04. On the other hand, a safety factor of 0.99 was
obtained when the Fellenius modified-‘version of this

-

equation (H = 3.85¢ /v ) was used.

Stability énalyses based on CE'UJZU;

The stability of the Welland vertical cut was also
analyzed using the critical height method vith fhe vane
shear strength profile creplaced by the profile ‘evaluated.
from the expression cu41220;. Thishuprofile is shown in
Fig. 4.17. The preconsolidation pressures used here were
'based on the values given by Kwan (1971)f |

The cJ4L22o; profile exhibits a different shape than the
vane  strength profile (Fig. 4.17). The shear strength.
decreases from 57 kPa at the top of the cut to 24 kPa, 3.7 m
below; then ;pé strength increases drastically with further
depth. The average CJ4L220;-value obtained thréughput the
9.7 m cut is 47.4 kPa. |

The factor of safety evaluated by means of the critical
height eguation was 1.0l1; meanwhile the modified critical
heighf gquatién yielded'a value ofl0.98. The same profile

~was also used in conjunction with Bishop's simplified method
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(Ftrg. 4.16). The factor of safety obtaiyed from this method
was 0.64. . |

4.5 D{SCUSSION _

In this chapter, several case’ "histories dealing with
failures. under’ different loading. and unloading conditions
have been preégnted; The following is a brief discussion of
each of the-case histories.

-

4.5.1 Bangpli embankment

'As mentioned in section 4.2.1.5, Brand et al. (1976)
have conducted a stability analysis of the test embankment
at Bangpii. .They obtained.a relatively high. factor of
safety using an éveragé field wvane strength value and
concluded that the vane strength value overestimated the
mobilized shear strength by 17%. Based on Bjerrum's
correction approach, the overestimation of the mobilized
shear strength at Bangpli (Ip=69%) would be 30%. This
implies that the Bjerrum correction factor is more
conservative than that of Brand et al. (1976). But in faet, .
the stability analyses based on Bjefrum's corrected vane
strength profile yield satisfactory results showing that
the mobilized shear strength overestimation was about 30%
instead of 17%.

In the Bangpli test program, a number of Dutch cone

tests were also conducted. FProm the analyses using these
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values, Brand et al. (1976) found that the shear strength
obtained by the Dutch cone also overestimated the m?bilized
shear strength of ‘Bangkok clay. Two extreme values for the
factor of safety were obtained. -They are 0.6 and 16,
_ depehéing on the type of resistance measured, 1i.e. either
Based on cone‘resfgiance or local frictioﬁ. Therefore, in
order to employ the results obtained from this in' situ
testing method, furthér calibratitn is necessary.

$4.5.2 Bearing capacity failures

Both the New Liskeard and Vahkleek Hill silo failures
gave an opportunity to investigate the applicability of the
t&fU.ZZU; method to shallow foundation locading. The results
show that the cu=0.2201; expression —is quite adeguate to
represent the mobilized §heaf strength of the subsoil.

It seems that, in case of New Liskeard silo failure, the
desiccated crust did not have .much influence on the
stability calculations. A possible explanation is that
almost two thirds of thelcruSt on the silo site was
excavated iﬁ order to édnstruct the foundation base ring.

-Also at New Liskeard site, because the desiccated crust
is relatively thin with respected to the underlying soft
clay, it is therefore ‘a perfeét case to show the
relationship between mobilized shear strength and
‘preconsolidation pressure of the subsoil. Fig. 4.18

consists of a profile of e, N tiog showing that the
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average value of ucu/u; is approximatly 0.23. This indicates

P
the mobilized shear strength of New Liskfard varved clays at

the expressién c,*0.220 can be adequately used tg-describe
failure.

It was found that in both siloxfailure analyses, the
limit equilibriuﬁ methods gave relatively 1low factors of
safety compared to the bearing capacity equations: This
discrepancy can be attributeg to different assumptions,
between the two types of methods.

. '
4.5.3 Vertical cut at Welland a .

In the analysis of thé Weiland‘canal test failure, the
limit equilibrium methods gave very conservatggg_factors of
safety, whereas the critical height eqguations, both the
original and the modified ones, gave consistenfly realistic
results. This indicated that critical height equations for
the analyzed cases are more suitable for vertical trench
excavation analyses than are limit equilibrium methods.

'One possible explanation for the low factors of safety
obtained by the limit equilibrium methods is that incorrect
positions of the tension cracks were recorded. As indicated
by Kwan (1971), all the measurements were done along the
northern end ' of the vertical slope (Fig. 4.15), and they
were only roughly measured following the failure, As 5
result of this, the actual precise depth and position of the

cracks are unknown,
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Afté} the failufe of Welland vertical cut, Kwan (1971)
observed that the closest distance of the final tension
crack was equal to 2.4 m (based on the measurementé of the
distance in the northern side-trenchl}. However, in
"Fig. 4.15, 5; average value of 4.1 m, which reflects the
" distance of the crack along the full length of the cut can
be observed. According to Terzaghi (1941), iﬁ estimating
the distance of the final tension crack from the vertical
cut, the maximum tension stress behind the vertical surface
is located at a distance equal to half of thé critical
depth. - Therefore, tension cracks are more likely to occur
at this location. Accordingly, in the Welland canal
failuré, the location of the crack should have been about
4.9 m.away from the vertical face of the cut. Comparing
this with the average _distance observed (Fig. 4.15), the
difference is about 15 per cent.

In 1846, Alexandre -Collin observed that fa}lure surfaces
in most cohesive so0ils take the shape of a Eycloidal curve
instead of an inclihéd plane as suggested by Coulomb (Collin
1846). A numerical treatment assuming this Qﬁnd of rupture
surface has been derived by E%lis {1973) to analyze the
stability of veftical and near vertical slopes in homogenous
and isotropic soils. In the analysis of the Welland canal
failure, the potential and the actual slip surfaces were
compared with the curves generated . by the folléwing

cycloidal function (Pig. 4.39):
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-

x=a (B ~ sing)

v =a (1 - cos8)

where 'a' is the funttional coeffient and 6 is the angle
to the.function’ created by the circle vith the radius 'a’'
(Fig 4.20). A 'good correspondance was found between the
potential slip surface described by Kwan (19715 and the
generated curve (Fig. 4.19). For the actual .slip surface
(Fig. 4.21), only the bottom two Lhirds of the slip surface
matched the cycloidal curve. The uppér part of the curve
uas- found to intersect the top‘ surface at a distance
approximate 5 m behind the vertical faée of the cut {a=40
d'41, Fig.4.21}), which is very close to the maximum

tgtance of the crack (5.3 m), see Fig. 4.15. These results
would seem to indicate that the use of cycloidal arcs as

possible failure surfaces in vertical cuts would give more

‘realistic results.
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TABLE 4.3

COQMEUTED FACTORS OF SAFETY WITH AVERAGE SHEAR
STRENGTH VALUES, VANKLEEK HILL SILO

METBOD UNDRAINED SHEAR STRENGTH.

- FIELD VANE | ¢ = 0.229"

SKEMPTON (1951) 1.10" (0.95) 1.08
SKEMPTON (1942) 1.13° (0.97m) 1.10

: . ' ar
MEYERHOF (1951) 1.26% .07 1.30

/ .

. :
TAKEN FROM BOZOZUK (1972)

( ) CORRECTED VALUE BASED ON BJERRUM'S t~1972) METEOD

)
. . . \
/ a T
B A
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TABLE 4.5
COMPUTED FACTORS OF SAFETY OF WELLAND EXCAVATION
TATAXTAL $HEAR STRENGTH
QUICK TEST FIELD VANE e, = 0.22 ap'
(Kwan 1971) :
BISHOP -0.8Y 0.61%* 0.64%
CRITICAL -
HEIGHT
METHOD:
4 4 .
B 0.8a 1.04 1.01
3.85 ¢
g._Y_“ 0.77 0.95 0.98

* .
TENSION CRACK IS TAKEN INTO ACCOUNT.
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Chapter Vv
CONCLUSIONS

5.1 GENERAL
In this chapter, a brief review of the study is presented
and the major conclusions are given. In addition, topics

for further research are suggested.

5.2 SUMMARY OF THE STUDY

The main_object of this -study has been to inQestigate

the applicability of Mesri’'s expression, CU'OJZU;l for

different typés of sensitive clay under different conditions

of loading and unloading. In order to’ achieve that
~cbjective, stability analyses  were carried out for an
v i . - . -' v
embankment failure, “two silo Sailures, and a vertical cut

failure; All the case studies were obtained from recently
published articles. Oﬁly two different types of clay were
examined: the soft. sensit?ve clays of Bastern Canada and
the Bangkok clay of Thailand.

In the analyses of the failures, both the vane strength,

and the shear strength obtained from the?%-OJZG; expression
‘vwere employed. Because high shear strength values are

often measured in the desiccated clay crust, three types of -

crust strength assumptions were made in the .analyses when

1

' ) B | . B -.{;ﬁ —‘ﬁ; ‘ . . ;

FAY
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using the results of vane strength measurements. ‘.The three
assumed values were: the full, the mid—deptﬁ and the minimum
crust shear strengths. When the maximum and the mid-depth
crust strength assumptions were used, the shear strength
profile 6f the subsoil was corrected by . means of Bjerrum's
(1972) correction factor.

In order to be able to make compa;isons with the results
obtainéd by the original aﬁthors, the same methods of
analyses were used for the case histories in _ this study.
These méthods include the limit equiiibrium methods, such as
Fellenius' and Bishop's methods; the bearing capacity
eqhatioﬁs, such as Skempton's (1942, 1951) and Meyerhof's
eguations; and the critical height equations modified aé

'well as unmodified.

5.3 MAJOR CONCLUSI OES
' The following is a summary of the major - conclusions
resulting from the study. '

1. Analyses have shown that the Q;O.zh% expressicn
adeguately describes the mobilized shear strength at
failure of the soft Sensi;ive clay in Eastern Canada
and that it is possible |71 apply fhis expression to
other types of soﬁt clay.

2. The cu-O-f?c; expression can be used to. estimapelthe
moﬁilized shear stfength under loading and unlocading
conditions'§uch as embankments, shallgy foundations

and excavations.
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It was found .that it is more difficult to obtain a
representative mobilized shear strength profile using
the field vane tests with Bjerrum’s correction
épproaqh than by Fhe cuﬂmzzo; method. In Bjerrum's.
method, no cénsideration is made to deal with the
selection of shear strength profiles for the clay
crﬁst, whereas, _a crust strength profile .may be
obtained by simply exﬁrapolating the 0.220; values at
the base of the desiccated clay crust.
According to the results of the study of the New
Liskeard silo failure, the limit eguilibrium analyses
using .the uncorrected vane strength values Qave
factors of safety closer to unity than the ones using
the corrected vane strength values. The - opposite
situation was encountered when the bearing capacity
equations were used; i.e. in this case; safisfactory
results were obtained when using the corrected values
of vane strength. This case study also showed that
generally good factors of safety can be obtained

using the cu-0-220; profile, regardless of the method

- of analysis selected.

In the bearing capacity analyses of Vankleek Hill
silo failure based on the cortec;eﬂ vane strength
values, the safety factors obtained from Meyerhof's
egquation -~ were higher than ‘unity. This

overestimation of bearing capacity indicates that the
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Meyerhof equation may not be adequate for the design
cf foundations on soft sensitive marine c%ays.
In the analysis of the Welland canal failure, it was
found that the limit equilibrium methods of slices,
such as Bishop's method, did not give satisfactory
fesults. However, ’this_could have been caused by
misinterpretation of. thé_pqsition of the -tension
crack.v In contrast, factors of safety obtained by
using the critical height " equations generated walues
close td unit;.
The"shgpes'of both the actual and the potential
rupture>surfaces of the .Welland~cana1 failure were

found to be best represented by curves generated by a

.cycleidal function. This probably holds true for all

excavation cases.

Also in the Welland canal ééilure analysis, the
average location of the final rupture surface was
found to be consistent with Terzaghi's (1941)
finding, stating that the tension crack would be
located at about a distance equal to h;lf.of the
critical height away from the vertical face of the

cut.
4
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5.4 RECOMMENDATIONS

This study showed that the eu-&JZU; expression is
applicable to the four case studies investigated. This
extendéd the work of Trak et al, (1980) on embankment
failures and suggests that it wculd be: fruitful. to conduct
further research along these 1lines for shallow found#tions
and excavations. Also, further research may show whether
the range of application of the expression, cu~0.220;, can
be extended to clays other than the ones investigated thus
far, especially other soft sensitive clays outside of
Canada. .

The use of a cyclgidai curve to simulate the shape of a
slip surface in limit eguilibrium analysis might possibly
give interesting results. Unfortunately, at the presen£
time, no such numerical tre&tment is available, except for
the one devéloped by Ellis (1973), for vertical and near
vertical slopes in homogenous and isotropic éoils.- One

sible way to include.d cycloidal function 'in a stability
apalysis is to apply it 'with non-circular stability methods
such as those’developed‘by Janbu (1954) and Spencer (1967).
Since many computer programs have already been -written
using these methods, only a slight modification would be
.required to produce an analytical method that could simulate

_a cycloidal slip surface.
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_ Appendix A
THE DETERMINATION OF PRECONSOLIDATION PRESSURE.

AND ITS RELATION TO THE SENSITIVITY OF SAFETY
FACTORS

A.l - GENERAL

When using the expresgion cu=0Jm§; in stability aqglysis,
the preconsolidation pressures are geherally determined from
the oedometer test. S{née the advent of the oedometer,
several methods have been propeosed to defermine the value of
c;. Different values of preconsolidation pressure evaluated'
by these methods might havg;significant influence in the

%

determination of mobilized shear strength using the cuﬂmzzo;
expression. There are variéﬁs "ways to evaluate the
‘preconsolidation pressure of soft soil, "and their influence °

“~in the stability calculation are discussed here.

-

A;Z DETERMINATION OF PRECONSOLIDATION PRESSURE

The- 6edometer test is widely employed by geotechnical
engineers, but the uncertainty in the preconsolidation
pressure determined from this test is large. There are
three factors  which significantly ‘influence the

determination of a;

from laboratory tests. These factors
are: (1) effect of sample disturbance, (2) effect of load

increment ratio ( MYU)J and (3) effect of. load duration.
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Effect cf' sample _ disturbance _on shear strength
evaluation has been discussed in section 2.5. However, 1in
consolidation testing, the curvature of the e-log ¢’ curve
depends on the amount of disturbance occuring during and
after sampling; Thg curvature becomes less pronounces with
.increasing'disturbance (Fig. A.1l(a))." | Significant changes
in the curvature can also occur when the ratio of load
increment varies. Fig. A.1(b) shows the shape of the
eflog.u' curve-for‘ various values of 40/ . If Ac /o6 is
small, the ability of individual clay particles to readjust
to their position of equilibrium is small, which results in
a smaller compression as compared to that for larggr Ao/
{pas 1983). The other factor affecting the preconsolidatibn‘
pressure value is the effect of loading duration or the time
effect. ;As mentionedl in section 2.2.3, the slower a
material is loaded the lower its resistance becomes. This
phenomenon is the same in consolidation testing. Fig. A.2
demonstrates that the apparent preconsolidﬂtion of a clay '1s
reduced if the rate.of loading is reduced in the ocedometer
tesg} 7

A procedure for thb'bedometer test was introduced in 1926
by Karl Terzaghi, and has been the normal way of finding the
compression propertiés of soft soils. In this pfocedure,
the loading is applied sﬁep by step, with the loéd increment
in each step equal‘Fblfhe totai load before that step, i.e.

Ac/o =1, The duration of each load increment 1is 24 hours.
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>

‘This type of test 1is called the conventional 24 hours
oedbmeter test.

For detetmining the preconscolidation pressure from
cedometer test results, the Casagrande (1936) method
illustrated in Fig.A.2 has been widely used. This method
involveé the ' selection of :the point corresponding to the
maximum curvature (point A) along the e-log ¢' curve. Two
lines, one running horizontal and one tangent to the curve,
are drawn from point A. A bisector is then constructed
betveén these lines. The preconsolidation pressure 1is
obtained by intersecting the bisector and the exté;sion of
the virgih compression curve (point B). cher prbcedures
for determining o' have been proposed by Burmister (1951)

P
and Schmertmann (1955). Often, a range of probable

v

values, rather than a single value, 1is defined. The upper
limit is taken as the pressure at point D (Fig.A.2), and thé
lower limit is the pressure at the boint of intersection of
a»horizontal ‘line through the initialn void ratio and fhe’
extension of the virgin compression curve. However,
Casagrande's method is considered, by most engineers, to\\
yield satisfactory results with a good gquality sample and a
properly conducted test.

An ocedometer test is time consupging. Bmpirical methods
- for determination of-the preconsolidation pressure have
therefore been proposed as a complement to the test.t In

Sweden, an empirical expression was introduced by Hansbo.
’
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(1957}, and is videiy used. The expression correlates
preconéolidation pressure; vane §hear strength value, and

liquid limit.

-~

A.3 SENSITIVITY CF FACTOR OF SAFETY

Ih stability . analyses involving the use of the

. expression cu=0120;,_ the magnitude of the shear strength

computed depends totally on the U; value used. Therefore it

is very important to use the appropriate c; value in the’

calcﬁlation. According to.Trakrethgl, (1980}, the cé values

determined by means of Casagqrande's zfthod from 24 hours

~oedometer test results should be used in order to obtain

;

satifactory results in stability calculaﬁions. For example,
Trak et al. (1980) report that, in their analysis of the
‘ embankment failure at Narbonne, ' the cuﬂL220; profile was
determined from cedometer tests which were run at a rate of
approximately one load increment every 10 days. This
created difficulfy in determining representatize 0; values
and subsequently led to unsatisfactory results:

| The détermination of the OCR in a desiccated .;rﬁst is

difficult, because of heterogeneity and of the presence of

.organic materials, such as roots and plant remains.

Y

134
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- Therefore, an empirical extrapolatiqn of the U; -valués
- through the crust‘uas. adopted ,when the cuﬂlZZU; expression
is used. In St. Alban, Trak et al. (1980) found that the
s; values heasured_vfrom.samples obtained at the lower part
of the crust can yield value; that indicate the trend of the
preconsclidation pressures in the entire crust. This
approach was then applied to *e§élua§e the Ofﬂog profiles
for the stabilify-analyses of émbankments on different clay
soils. Sat%factéry- results‘were obtained indicating that
this approach c¢an adeguately give the mobilized shear
strength in the crust. ‘
As mentioned in the last section, preconsolidation
pressure can be evaluated by different methods. The c;
‘values determined from these methods can affect the results

of a stability analysis ‘employing the expressioh EU4L220;.

In order to investigate the sensitivity of the analysis due

T

P
Liskeard silo failure was chosen. The reason for selecting

-

this case study was that a constant QJU; ratio was found

to the variation of o values, the case history of New

throughout the subsoil deposit (Fig. 4.18).

In this sensitivity analysis, a number of
preconsolidation pressure profiles were examined (Fig. A.3).
These profiles are: (1) Taximum and (2) minimum profiles,
(3) an average profile evaluated from the maximum and
minimum, (4) a profile based on Casagrande's approach, and

(6) a profile determined using Hansbo's (1957) expression.
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From theée profiles,  the - shear strength values were
calculated‘u#iﬁg the cu4L220; expression. Fig. A.4 shévs_
the range of values based on ocedometer test results and the
ones .determ}ned using Hansbo's expression. The Hansbo
expression gave a profilg‘similar "to the others. This may
be due to the coﬁstant CU/UQIratio at the site.
Stability analyses similar to the ones in section 4.3.1.5
were-carried out, and the results are shown in Table A.1l.
Generally, the percentage aifference 1s within 10% _of the
factor of .safety based on Casagrahde'é approach. The
factors of safety computed using different ﬁnalytiqa@

methods are almost identical for . any Ué.value used. The

|%
based on Césagrande‘s approach, is the maximum possible a;.

second best"assumpiion for ¢! wvalue, other than the one
The differghce in factor of safety computed using this
profiie is about 5%. It is also of interest to note that
when employing the Cu=0J2°; expression ~with Hansbo' s
relationship,x the mobilized shear strength of the subsoil
can be expressed as 79% of vane shear strength measure?
(0.22/0.45w; =.79; where ¥;=.62). Comparing this value with
Bjerrum's vane -‘strength correction féctor (u=.85), the
difference is approximately 8%.
In conclusion, the variation of values was found to
influence slightly the factor of safety in the analyses of

the Néw Liskeard silo.
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~ © TABLE A.L : .-
COMPUTED FACTORS OF SAFETY OF NEW LISKEARD SILO WITH

DIFFERENT 0.2201', PROFILES

o* 780 BISBOP CIRCULAR ARC SKEMPTON SKEMPTON  MEYEREOF

p TROFILE METHOD  METHODS (1) (1951) (1962) (1951)

CASAGRANDE (1936)  1.02  0.89 0.9 0.96 1.04

MAXTMIM 1.07  0.91 0.97 . 0.99 1.08

MINTMUM 0.91  0.82 0.87 0.88 0.96

averace't 0.99  0.87 0.92 0.94. . 1.02

" Hansso (1957) 6.92  0.82 ° 0.87 0.89 0.96
e® d

= AVERAGE OF MAXIMUM AND MINTMUM PRECONSOLIDATION PRESSURES

»

@ 'STABILITY METHOD WITHCUT SLICES
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EFFECT OF TIME ON U;', IN OEDOMETER TESTS, ST. ALBAN 3 m

(after TAVENAS and LEROUEIL 1977}
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